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Preface  
 
The booklet in front of you is the completely revised 2007 version of the “LECTURE NOTES on 
the DESIGN OF FLEXIBLE PAVEMENTS” which I prepared for the MSc program at the faculty of 

Civil Engineering and Geo Sciences of the Delft University of Technology. 
The reason why I revised the 2007 notes, 6 years after I retired in 2012, is a quite simple one. I 
feel honored and blessed to be still invited to teach class on this subject at the University of 

Stellenbosch in South Africa and at the Technical University in Wuhan, China. For these classes I 
regularly update my presentations using a.o. the results and findings of the 20 PhD students who 
graduated under my supervision at the Delft University after 2007, and of PhD students who 

graduated with prof. Scarpas in Delft and prof. Jenkins in Stellenbosch. I also included in those 
presentations, as good as possible, important developments published in journals and books etc. 
I wrote “as good as possible”, and I did this by purpose since it is almost impossible to study in 

detail the overwhelming amount of material on each and every topic in pavement engineering 
that is coming available nowadays by means of journals, conference proceedings, reports etc.  
 

From experience I know that students need more than copies of power point presentations and a 
long list of references; they also need an up to date reader which gives an as good as possible 

overview on the topic and which can be used as a basic source of information. It was clear to me 
that the 2007 version of the notes could not fulfill that purpose anylonger. Of course I could use 
one or more of the excellent text books which are available on the topic but also these get 

outdated rather quickly and on top of that they are too expensive for most students.  
Because of all this I decided to rewrite to 2007 notes and make them available for free to 
everybody who is interested in the topic. 

 
Compared to the 2007 notes I made the following revisions. 

 I rewrote completely the topic on asphalt mixtures.  

 Furthermore I made extensive revisions in the chapter on granular materials by adding 

information on how to predict the resilient modulus of those materials from physical 
parameters like gradation, moisture content etc. Information on this was taken from the 
AASHTO MEPD reports.  

 Those AASHTO reports were also used to revise the part on estimating the resilient 
modulus of soils. 

 With respect to stabilized base courses extensive information was added on cement 
treated mixtures of recycled crushed concrete – masonry mixtures. 

 The part on the mechanical characteristics of lime treated soils has also been revised 

somewhat. 
 New in the chapter on factors influencing pavement design and performance is the part 

on bases and sub-bases made of blast furnace slags. 
 Entirely new is chapter 15 dealing with “Design aspects not related to thickness design”. 

In this chapter we discuss shrinkage cracking, reflection cracking, top – down cracking, 
raveling and bleeding, skid resistance, traffic noise and noise reducing surface layers and 

road roughness. I added this chapter to show students that designing a flexible 
pavement is much more than designing its thickness. All the items discussed in this 
chapter are not part of any design system but nevertheless have a big impact on the 

service provided to the road user and also have a big effect on maintenance needs. All 
these items should not be “forgotten” when designing a pavement.  

 Chapter 16 is revised by discussing more design systems than was done in the 2007 

notes. 
 I added a new short chapter 17 on “Do we build what we have designed?” I decided to 

add this chapter in order to make students aware of the fact that because of all kind of 
construction related issues, the layer characteristics of the pavement as built might very 
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well not be what was assumed when making the design analyses; therefore pavements 
might very well perform quite differently from what was expected. 

 Furthermore chapter 18 is added which contains a short discussion on the number of 
measurements we need to make to get a reliable value for e.g. the tensile strength of a 

material. This chapter was added to show students that it is not that easy to pinpoint a 
certain value to a certain material characteristic especially when the variability is rather 
high. This implies that we have to live with uncertainties.  

 Also new is chapter19 on “Probabilistic approach to pavement design”. I consider this to 
be an important chapter because it informs the student how we can take into account 

variations and uncertainties with respect to developments in traffic, climate changes, 
model errors and with large variations in material characteristics, mixture properties, 
layer thickness etc. Because of this, pavement performance predictions can never be 

accurate and precise and instead of predicting the amount of cracking after so many 
years we should much more focus on what is the chance of having a certain amount of 
cracking after X years and which are the most important factors affecting this. 

 The last new chapter is chapter 20 which is on  “Contract types, specifications, quality 
control and pavement design”. 

 
As one will notice, the reference list contains a large number of PhD theses that were produced 
at the Delft University of Technology. These theses can be downloaded via 

https://repository.tudelft.nl or via my website https://molenaarfiles.stackstorage.com. The user 
name is molenaarfiles and the password is Molenaar2016. Here one can find a folder “PhD 
theses” which contains all theses produced by students who graduated under my supervision as 

well as some other theses. Under the folder “MSc theses” the reports can be found of students 
who got their MSc under my supervision. 

 
I have done my best to mention in the references all sources and their authors from which I used 
some information but I am aware of the fact that I did not give credit to everybody whose 

information I used. I hope they will accept my apologies for these omissions.  
 
Although this booklet is close to 500 pages, which is about 300 pages more than the 2007 

version, it is certainly not a booklet on “everything you wanted to know about flexible 
pavements”. Many important subjects were only briefly discussed and in not enough detail. Some 
important topics were even not discussed at all such as: 

- hot and cold recycling of asphalt mixtures, 
- half warm mixtures, 
- foamed bitumen mixtures, 

- seal coats, 
- construction techniques etc. 

 

After long deliberations I decided not to include these topics because I felt it would be better to 
refer to references such as the ones listed hereunder where these topics are extensively 
discussed. 

- WIRTGEN manuals on Cold Milling and Cold Recycling (see website WIRTGEN),  
- MS-4 The Asphalt Handbook from the Asphalt Institute (pdf can be downloaded from the 

web), 
- Hot Mix Asphalt Material, Mixture Design and Construction (see website NCAT) 
-  

It might very well be that some experts and colleagues might not agree (at all) with what I have 
written down. If this is the case I warmly invite them to send me an email with their comments 
and criticism since that will help me in improving these notes. 

 

https://repository.tudelft.nl/
https://molenaarfiles.stackstorage.com/
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In spite of these shortcomings I nevertheless hope that this booklet will be useful for many 
pavement engineering students. 

 
Finally I like to mention that this booklet is part of a series of three, the two other ones are: 

- Cohesive and non-cohesive soils and unbound granular materials for bases and sub-

bases in roads. January 2015 
- Structural evaluation and strengthening of flexible pavements using deflection 

measurements and visual condition surveys. March 2015. 

 
Both can be found in the website mentioned above being https://molenaarfiles.stackstorage.com 

 
I have given great care to the preparation of these notes; some errors however can never be 
avoided. It is therefore greatly appreciated if you inform me about any typing errors and other 

errors you may have found. 
 
 

Prof. dr. ir. André A. A. Molenaar 
 
 

 
 
 

 
 
 

 
 
 

 
 

 
 
 

 
 
 

 
 
 

 
 
 

 
 
 

 
 

 
 
 

 
 
 

https://molenaarfiles.stackstorage.com/
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1. Introduction      
 

These lecture notes are dealing with the design of flexible pavements. One should realize that 
designing a pavement implies much more then designing its thickness. The design should also 

involve measures and techniques to guarantee for a sufficient long period of time the 
smoothness, skid resistance and reduced noise production. Designing a pavement doesn’t only 
imply “taking care” for traffic induced stresses and strains, also environmental effects like effects 

of temperature and moisture should be taken into account.  
Stress and strain analyses are nevertheless important parts of the design process but before we 
start with start with a discussion on stress and strain analyses in pavements, we better ask 

ourselves “what is a flexible pavement” or “what do we define as being a flexible pavement”. In 
these notes all pavements which are not considered to be a cement concrete pavement or a 
concrete block (small element) pavement are considered to be a flexible pavement. This implies 

that also pavements with a relatively stiff cement treated subbase or base are classified as a 
flexible pavement.  
Some examples of what is considered to be a flexible pavement are given in figure 1.  

 
In the South African structures, the bearing capacity of the pavement is provided by the unbound 

base and subbase (structure I) or by the unbound base and cement treated subbase (structure 
II). The asphalt top layer provides a smooth riding surface and skid resistance. These structures 
have been successfully used in South Africa for moderately (structure I) and heavily loaded 

(structure II) roads. The “secrets” of the success of these pavements are the high quality, 
abundantly available, crushed materials used for the base and subbase and the high levels of 
compaction achieved. Furthermore the minimum CBR required for the subgrade is 15%. When 

that is not reached, improvement of the subgrade should take place. The cement treated 
subbase as used in structure II not only provides a good working platform for the construction 
and compaction of the unbound base but also influences the stress conditions in the pavement 

such that relatively high horizontal confining stresses develop in the unbound base. As we know 
from the lectures on unbound materials (CT4850), unbound materials become stiffer and 
stronger when the degree of confinement increases. 

Structure III is an example of a heavily loaded highway pavement structure in the Netherlands. 
One will notice the striking difference between structure II which is used for heavily loaded 
pavements in South Africa and structure III that is used in the Netherlands for these purposes. 

The reasons for these differences are quite simple being that the conditions in the Netherlands 
are completely different from those in South Africa. There are e.g. no quarries in the Netherlands 

that can provide good quality crushed materials; these have to be imported from other countries. 
Limitations in space and strict environmental requirements require to recycle as much as possible 
materials that come available from demolishing old buildings and structures and old asphalt that 

comes available from road reconstruction projects. Since it has been shown that good quality 
base courses can be built of mixtures of crushed concrete and crushed masonry, extensive use is 
made of unbound base courses made of these recycled materials. A porous asphalt concrete top 

layer (void content > 20%) is used for noise reducing purposes. The thickness of the entire 
pavement structure is quite significant for two reasons. The first one is because the bearing 
capacity of the subgrade is quite often not more than 2% (this is in densely populated western 

part of the country) which necessitates the construction of a rather thick sand subbase. The 
second reason for the large thickness is that the road authorities don’t want to have pavement 
maintenance because of lack of bearing capacity. Such maintenance activities involve major 

reconstruction which cause, given the very high traffic intensities, great hinder to the road user 
which is not considered to be acceptable. For that reason pavement structures are built such that 
maintenance is limited to repair or replacement of the top layer (porous asphalt concrete). 
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Figure 1: Different types of flexible pavement structures. 

 
With respect to compaction of the unbound base it should be noted that it would be very hard to 

achieve the same results in the Netherlands as in South Africa. In South Africa the excellent 
compaction is achieved by soaking the base material and using a high compaction effort. The 
excessive amount of water used easily disappears because of the high evaporation rates. The 

recycled materials used for base courses in the Netherlands contain a significant amount of soft 
material (masonry) which is likely to crush if the compaction effort is too heavy. Furthermore the 
excessive amount of water used for compaction will not disappear easily because of the much 

lower evaporation rates. Using the South African way of compacting granular base and subbase 
courses in the Netherlands will therefore not lead to similar good results.  
Structure IV is the structure used for the runways and taxiways of Amsterdam’s Schiphol Airport. 

The airport is situated in a polder with poor subgrade conditions (CBR  2%). Combined with the 

airport’s philosophy to maximize the use of the runway and taxiway system and minimize the 
need for maintenance, this results in rather thick pavement structures. A total thickness of 200 

         I              
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mm polymer modified asphalt concrete is used to reduce the risk for reflective cracking. For that 
reason the lean concrete base is also pre-cracked. 

 
From the discussion given above it becomes clear that the type of pavement structure to be 
selected depends on the available materials, climatic conditions, maintenance philosophy etc. 

From the examples given above it also becomes clear that one has to be careful in just copying 
designs which seem to be effective and successful in other countries. One always has to consider 
the local conditions which influence the choice of a particular pavement type. 

 
 

2. Major defect types in flexible pavements 
 
Pavements are designed such that they provide a safe and comfortable driving surface to the 

public. Of course they should be designed and constructed in such a way that they provide this 
surface for a long period of time at the lowest possible costs. This implies that the thickness 
design and the material selection should be such that some major defect types are under control 

meaning that they don’t appear too early and that they can be repaired easily if they appear. 
Major defect types that can be observed on flexible pavements are: 

- cracking, 
- deformations, 
- disintegration and wear. 

 
A short description of these defect types and their causes is given hereafter. Later in these notes 
it will be described how these defect types are taken care of in pavement design. 

 

2.1 Cracking 
Cracks in pavements occur because of different reasons. They might be traffic load associated or 

might develop because of thermal movements or some other reason. Figure 2 e.g. shows a 
combination of wheel track alligator cracking and longitudinal cracking. These cracks are most 

likely wheel load associated.  
 
 

 
 
 

 
 
 

 
 
 

 
 
 

 
 

 
 
 

 
    Figure 2: Longitudinal and alligator                  Figure 3: Cracking observed on a narrow 
          cracking in the wheel paths                              polder road in the Netherlands. 



 11 

Since they only appear in the right hand wheel track close to the edge of the pavement. This is 
an indication that the cracks are most probably due to edge load conditions resulting in higher 

stresses in the wheel track near the pavement edge than those that occur in the wheel track 
close to the center line. Because of this specific loading condition, cracks might have been 
initiated at the top of the pavement.  

Figure 3 is a picture of a cracked surface of a rather narrow pavement. If vehicles have to pass 
each other, the outer wheels have to travel through the verge. From the edge damage that is 
observed one can conclude that this is regularly the case. The base material which is visible in 

the verge seems to be a stiff and hard material. This is an indication that some kind of slag that 
shows self cementing properties was used as base material. Further indications of the fact that 

such a base material has been used can be found from the fact that the pavement surface is 
smooth; no rutting is observed. The extensive cracking of the pavement surface might be a 
combination of shrinkage cracks that have developed in the base. It is however also very well 

possible that the adhesion between the asphalt layer and the base is rather poor. If this is the 
case then high tensile strains will develop at the bottom of the asphalt layer causing this layer to 
crack.  

 

 
 
Figure 4: Low temperature cracking observed on 

              a highway in Minnesota. 
 
 

 
 
 

 
 
 

 

Figure 4 is a typical example of low 
temperature cracking. In areas with 
cold winters, this type of cracking is 

quite often the dominating cracking 
type. Due to the very cold weather, the 

asphalt concrete wants to shrink. In 
principle this is not possible and tensile 
stresses develop as a result of the drop 

in temperature. The magnitude of the 
tensile stress depends on the rate of 
cooling and the type of asphalt 

mixture; especially the rheological 
properties of the bituminous binder are 
of importance. If the tensile stresses 

are becoming too high, the pavement 
will crack at its weakest point. Further 
cooling down of the pavement results 

in additional cracking and existing 
cracks will open. It is obvious that 
crack spacing and crack width are 

interrelated. A large crack spacing 
results in wide cracks and vice versa. 
Low temperature cracking can be the 

result of a single cooling down cycle 
but also can be the result of repeated 

cooling down cyclces (low temperature 
fatigue).  
Figure 5 is an example of temperature 

related block cracking. The pavement 
of course not only shrinks in the 
longitudinal direction but also in the 

transversal direction. In that case the 
friction between the asphalt layer and 
the base is of importance. If that is 

high, high tensile stresses might occur 
in the transversal direction causing 
longitudinal cracks. Combined with the 

crack pattern shown in figure 4, this 
results in block cracking. 
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Figure 5: Low temperature associated block  

              cracking observed on a highway in 
              Minnesota. 
 

A type of cracking that has many similarities with low temperature cracking is reflective cracking. 
In that particular case, a crack or joint in the layer underneath the asphalt layer tends to 
propagate through the asphalt layer. The problem often occurs in pavements with a cement 

treated base or in overlaid jointed concrete pavements (figure 6). Reflective cracking can even 
occur in new pavements when the cemented base shrinks due to hardening. Shrinkages cracks 

that develop in the base can easily reflect through the asphalt top layer especially if this layer is 
thin. If however the cement treated base is pre-cracked or if shrinkage joints have been made, 
the problem of reflective cracking can be minimized. 

 

 
 

In these lecture notes we will concentrate on traffic induced cracking as well as reflective 
cracking. Low temperature is not considered because it is not really an issue in the Netherlands 
with its moderate climate. 

 
Of course cracks can develop for many other reasons then traffic and environmental effects. One 

example of such “another reason” is given in figure 7 which shows severe cracking in the 
emergency lane due to the widening of the embankment next to that lane. Due to the widening, 
excessive shear stresses developed in the existing embankment resulting in the development of a 

shear plane leading to severe longitudinal cracking not only in the emergency lane but also in the 
slow lane (this lane is already repaired as the picture shows). The problem was aggravated by  

As mentioned before, low temperature 

cracking can be the major cause of main-
tenance and traffic associated cracking is 
only of secondary importance in such 

cases. However, when heavy wheel loads 
are passing a crack like the one shown in 
figure 4, high tensile stresses will 

develop at the crack edge simply 
because of the fact that there is no load 
transfer. This problem might increase 

during the spring when moisture enters 
the crack and weakens the supporting 
layers. All this means that although 

traffic associated cracking is not the main 
problem, traffic can cause accelerated 

damage development near cracks.    
 

Figure 6: Example of 
reflective cracking in an 
overlaid jointed concrete 
pavement. 



 13 

   
 

  
 
 

 
 
 

 
 

 
 
Figure 7: Severe longitudinal cracking due to shear failure in the existing embankment as a result 

of widening the road (extended embankment is on the right had side). 
 

2.2 Deformations 

Deformations in pavements can be divided in longitudinal and transverse deformations. 
Longitudinal deformations can further by divided in short, medium and long wave deformations. 
Short wave deformations are of the order of a few centimeters and are mainly caused by surface 

irregularities such as raveling (this will be discussed later). Medium wave deformations are in the 
order of a few decimeters and usually are caused by imperfections in the pavement structure 

itself. Long wave deformations are in the order of meters and are caused by settlements, 
swelling soils, frost heave etc. Although they cause major annoyance, long wave deformations 
are, because of their origin, outside the scope of these lecture notes.  

 

     
 

Figure 8: Roughness due to severe cracking. 
 

 
 

the fact that a significant height difference 
occurred across the longitudinal crack 

resulting in very dangerous driving conditions 
for motor cyclists. This type of cracking is 
clearly due to a soil mechanics problem and 

therefore is beyond the scope of these 
lecture notes. 

 

Therefore we will restrict ourselves to short and 

medium wave length longitudinal deformations, 
also called unevenness or roughness. 

Figure 8 shows a severely cracked farm to mar-
ket road in Ohio. Due to the extensive amount of 
cracking, the pavement has become rather 

rough. It is quite clear from the picture that 
cracking has not only resulted in longitudinal but 
also transverse deformations. It is a typical 

example of medium wavelength roughness. 
Figure 9 shows a pavement in Zimbabwe. Lack of 
maintenance has resulted in potholes which ob-

viously result in a large decrease of driving com-
fort. Even dangerous situations might occur 
when driving at night. The reason for the pot-

holes is that pavement has cracked severely, 
comparable to a condition shown in figure 8, and 
at given moment small pieces of the surface 

layer have been driven out. Erosion of the pot-
holes due to rain and wind results in depressions 

of significant size and depth. 
 
 

Figure 9: Roughness due to potholes as a result 
of severe cracking. 
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Figure 10: Longitudinal deformations due to 

               settlements. 
 

 
 
Figure 11: Rutting in an asphalt pavement. 
 

 
 

Figure 12: Unevenness due to “buckling” of 
the base made of blast furnace slag. 

 

 
 

Figure 10 was taken on a provincial road 

close to the Delft University in the 
Netherlands. The long wave longitudinal 
unevenness that can be observed is clearly 

the result of settlements. Please note that 
the settlements also have caused deforma-
tions in the transverse direction. 

 
Next to longitudinal deformations, transver-
sal deformations can occur. These can be the 

result of movement of the subsoil (settle-
ments, swell, frost heave), but they also 
might be the result of traffic. The best known 

transversal deformation type due to traffic is 
rutting or permanent deformation that occurs 

in the wheel paths. A typical example of 
rutting is shown in figure 11. Rutting can 
develop in the asphalt layer(s) or in the 

unbound base, subbase or subgrade. Rutting 
can be the result of a densification process or 
as a result of shear failure. The rutting 

shown in figure 11 is clearly caused by shear 
failure in the asphalt layer. Shear failure can 
be recognized by the ridges that have de-

veloped next to the depression. Furthermore 
one can state that the narrower the depress-
sion the higher the layer is located in the 

structure where the shear failure has deve-
loped. The same is true for corrugations or 
washboard formation that is quite often ob-

served near traffic lights or on unsurfaced 
roads. 
 

Figure 12 shows a type of longitudinal un-
evenness that is quite often observed on 

pavements with a base course made of blast 
furnace slags. Because of the chemical 
reactions that take place, the material wants 

to expand resulting into compressive stresses 
that at a given moment become higher than 
the compressive strength of the material. 

Buckling of the base course is then the result 
leading to ridges which negatively influence 
driving comfort  and which might have a 

negative effect on traffic safety because of 
loss of cargo from trucks.       
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2.3 Desintegration and wear 
Raveling, bleeding and pothole formation can be rated as signs of disintegration and wear. 

Pothole formation has already been discussed in the previous section so we will concentrate 
ourselves in this section on raveling and bleeding. 

 
Bleeding is a defect type that can be recognized as black, “fatty” looking spots on the pavement 
surface. It is an indication of overfilling of the voids in the aggregate skeleton with bituminous 

mortar. It is an indication that the mixture is not well designed. Due to the high bitumen content, 
the mixture suffers probably from lack of stability at higher temperatures and high traffic loads 
might squeeze out the bituminous mortar. Another reason might be that because of the low void 

content, there is not enough space for the bituminous mortar when it expands with increasing 
temperatures. In any case, the result is the same being a black, shiny surface with hardly any 
macro or micro texture and thus a low skid resistance. 

 
Raveling is the loss of aggregate from the surface layer. It can occur on any type of asphalt 
mixture but especially open graded mixtures like porous asphalt concrete (void content > 20%) 

are sensitive for this damage type (figure 13). Raveling develops because of cohesive failure in 
the bituminous mortar or adhesive failure in the interface between aggregate and bituminous 
mortar. 

     

 

 
 

Raveling provides a rough pavement surface resulting in an increased noise level. Furthermore 
the loose aggregate particles might result in windscreen damage. If raveling occurs on 
pavements with a thin asphalt surfacing, like the one shown in figure 9, then it is the first step to 

pothole formation. 
 
 

3. Early design systems, the CBR method 
 

Until now we have discussed damage types that can occur on flexible pavements. Before we start 
discussing the mechanistic empirical design systems that are developed, some information on the 
early design systems is given. Some knowledge on these systems is necessary because they are 

still used in several parts of the world and because it gives an understanding on how and why 
design systems developed to the mechanistic empirical systems used nowadays. Figure 14 is an 

Figure 13: Raveling in porous asphalt 
concrete.  
Note: some aggregate particles are “naked” without any 
mortar bonded to the aggregate surface.   
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example of the problems one encountered in the early years of motorization. In those days most 
roads were earth or gravel roads and the strength of the pavement solely depended on the shear 

strength of the materials used. 
 

 
 

One has to realize that nowadays about 65% of the global road network still consists of earth 
and gravel roads. Problems as shown in figure 14 therefore still quite often occur as is shown in 
figure 15. 

 

 
 

In both cases it is clear that the stresses induced in the pavement are higher than the allowable 
ones resulting in shear failure of the pavement surface and resulting in the fact that in both cases 
the vehicle got “stuck in the mud”. The question now is why a light vehicle, such as shown in 

figure 14, suffered from the same problems as the heavy vehicle shown in figure 15. This has to 
do with the fact that the contact pressures caused by the light vehicle shown in figure 14 are of 
the same order of magnitude as the contact pressures caused by the heavy vehicle shown in 

figure 15. The lesson we learn from this is that it is not really the weight of the vehicle that is of 
importance or the number of axles but the contact pressure distribution under the tires. This 
distribution not only depends on the wheel load but also on the area over which the wheel load is 

distributed. This depends to a very large extent on the tire pressure. In the old days, solid tires 
were initially used and when pneumatic tires were introduced, high tire pressures had to be used 
because of the size of the tire (see figure 14). This resulted in small contact areas and high 

contact pressures. All this means that the contact pressure due to the vehicle shown in figure 14 
could very well be the same as the contact pressure due to the vehicle shown in figure 15. 
Therefore similar types of surface defects can be expected.  

The other reason why both vehicles run into problems is the lack of bearing capacity of the 
pavement material. On both pictures we notice an excessive amount of water and from our 

Figure 14: Pavement problem in the early 

years of motorization. 

 

Figure 15: Timber truck completely 

stuck on an earth road due to too 
high contact pressures and a too low 
shear resistance of the pavement 

material. 
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lectures in soil mechanics we know that an excessive amount of water results in a low shear 
resistance especially in case of soils which contain a high amount of fine grained materials. We all 

know that the undrained shear strength of a saturated clay or silt is very low. In that case the 
cohesion is low and the angle of internal friction is about zero. 
From this example it is clear that knowledge on the pressures applied to the pavement and the 

strength of the materials used is essential in order to be able to design pavements that can 
sustain millions of load repetitions.   
   

The early design systems were, not surprisingly, based on determining the required thickness of 
good quality layers on top of the subgrade to prevent shear failure to occur in the subgrade. Of 

course the required thickness was dependent on the shear resistance of the subgrade and the 
amount of traffic. Furthermore the quality of the covering layers had to be such that shear failure  
didn’t occur in these layers. This was the basis for the CBR thickness design method which is 

schematically shown in figure 16. 
In the CBR design charts, the traffic load was characterized by means of a number of commercial 
vehicles per day and the shear resistance of the materials was characterized by means of their 

CBR value. The charts were used in the following way. First of all the number of commercial 
vehicles had to be determined. When this number was known, the appropriate curve had to be 
selected.  Next the CBR value of the subgrade needed to be determined and the required layer 

thickness on top of the subgrade could be estimated by means of figure 16; this will be illustrated 
by means of an example. If e.g. the subgrade CBR is equal to  %, then the total thickness on 

top of the subgrade of a better quality material should be H1. If the CBR of the base material (for 

reasons of simplicity no subbase is applied in this case) is equal to , then the thickness of a 

better quality material (better than the base material) on top of the base should be H2. In most 
cases such a material would be asphalt concrete so H2 would be equal to the required asphalt 

thickness. The thickness of the base is then H1 – H2.  
 

 
Figure 16: Principle of the CBR design charts. 

 
The minimum asphalt thickness to be applied was 50 mm. The CBR values of the unbound 
materials used in the pavement structure is determined by means of the CBR test which is 

schematically shown in figure 17. Although the test has been described in detail in the part I of 

Increasing amount of traffic 

                                          

H1 

H2 log CBRsubgrade 

Thickness 
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the lecture notes on cohesive and non-cohesive soils and unbound materials, a summary of the 
basics of the test will be given here.   

In the CBR test a plunger is pushed into the soil sample with a specific displacement rate and the 
load that is needed to obtain that displacement rate is monitored. The load – displacement curve 
that is obtained in this way is compared to the load – displacement curve of a reference material 

and the CBR is calculated as shown in figure 18. 
The CBR design method results in thin asphalt layers which are mainly needed to provide a 
smooth driving surface and sufficient skid resistance. 

 
 

4. AASHTO empirical design method 
 
In the late 1950’s, it was understood that, with the rapid increase in number and weight of the 

vehicles, these simple systems were not good enough anymore for the design of pavements and 
a strong need for improved methods developed. For that reason the American State Highway and 
Transportation Officials (AASHTO) launched a large research program that had to result in a 

better understanding of pavement performance in general and in a system that would allow 
durable and economical feasible pavement structures to be designed. For that reason a number 

of flexible and rigid pavement test sections were built which were subjected to a variety of traffic 
loads. This test is known as the AASHO Road Test, the results of which, e.g. the load equivalency 
concept, are still used today.  

 

 
 

Figure 17: Principle of the CBR test. 
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Figure 18: Assessment of the CBR value. 

 

It is beyond the scope of these lecture notes to discuss the Road Test in detail. The interested 
reader is referred to reference [1].  
We will limit ourselves to a short description of the Interim Design Guide published in the early 

1980’s [2]. It is important to understand the principles of this guide since it is still being used in 
many places all around the world.  
One of the most important concepts that was developed during the test was the present 

serviceability index (PSI). This index is a number that reflects the “service” that is given by the 
pavement to the road user. The index was developed by correlating the physical condition of the 

various test sections in terms of the amount of cracking, rutting and unevenness to the ratings 
given by a panel of road users to the “service” provided by the pavement to the user. This latter 
rating was a number ranging from 5, being very good, to 0, being very poor. For main roads a 

PSI level of 2.5 was considered to be minimum acceptable level. The PSI is calculated as follows: 
 
PSI = 5.03 – 1.91 log ( 1 + SV ) – 1.38 RD2  - 0.01 ( C + P )   

 
Where: PSI = serviceability index, 
 SV = slope variance, a measure of the unevenness of the pavement surface, 

 C + P = percentage of cracked and patched pavement surface, 
 RD = rut depth.  
 

As one could expect, the unevenness of the pavement has a significant effect on the PSI value; it 
dominates all the other factors. Detailed analyses of the data however showed that the amount 
of cracking and the slope variance correlate well with each other [119]. 

 
The pavement design method that was developed using the results of the AASHO Road Test 
involves the calculation of the so called structural number in relation to the allowable drop in PSI 

and the number of load repetitions after which this drop in PSI is allowed to occur. The structural 
number SN is calculated using: 
 

SN = a1D1 + a2D2 + a3D3 

reference 
material 

material as 
tested 

load 

Fr 

 

 

 

 

 

 

 

Fm 

 
 

CBR = Fm / Fr * 100% 

displacement 

0.1 inch 
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Where: ai = structural coefficient of layer i [-], 
 Di = thickness of layer i [inch], 

 i = 1 is the asphalt layer, 2 = base, 3 = subbase. 
 
Other factors that are taken into account are the effective resilient modulus of the subgrade. 

Furthermore the method allows to design pavements with a certain level of reliability. Also the 
variation that occurs in the prediction of the occurring number of load repetitions as well as the 
variation that occurs in the layer thickness, structural layer coefficient and subgrade modulus can 

be taken into account by means of the overall standard deviation. 
 

The design chart is shown in figure 19. 
 
The subgrade modulus might vary during the year due to seasonal variations. One therefore has 

to determine the effective roadbed resilient modulus which is determined using the chart given in 
figure 20. Figure 20 is used as follows: one first determines the modulus which is to be used in 
each month (please note that it also possible to define the subgrade modulus each half month). 

Then the relative damage is determined using the scale at the right hand part of the figure. Next 
the sum of the damage factors is determined and divided by 12 (or 24 if the damage factor is 
defined per half month). This value is then used to determine the effective roadbed or subgrade 

modulus. An example of how to use the chart is given in table 1. 
 

Month Roadbed soil modulus [psi]  Relative damage uf 

January 20,000 0.01 

February 20,000 0.01 

March 2,500 1.51 

April 4,000 0.51 

May 4,000 0.51 

June 7,000 0.13 

July 7,000 0.13 

August 7,000 0.13 

September 7,000 0.13 

October 7,000 0.13 

November 4,000 0.51 

December 20,000 0.01 

Average uf  3.72 / 12 = 0.31 

 
Table 1: Calculation of the mean relative damage factor for the estimation of the effective 

subgrade modulus. 
 

Since the mean relative damage factor = 0.31, we determine from figure 20 that the mean 

effective roadbed (or subgrade) modulus is 5,000 psi.  
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Figure 19: AASHTO design chart for flexible pavements based on using mean values for each 
input. 
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Figure 20: Chart to determine the effective roadbed (subgrade) modulus. 
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Charts to determine the structural layer coefficients for asphalt concrete, base and subbase are 
given in figures 21, 22 and 23. 

 

 
 
 

The charts given in figures 22 and 23 are based on the following equations: 
 
For the base: a2 = 0.249 log EBS - 0.977 

 
For the subbase: a3 = 0.227 log ESB – 0.839 

 
Both the resilient modulus of the base, EBS, and the subbase, ESB, are stress dependent following 
 

E = k1 
k2 

 
Where: E = modulus [psi],  

 = sum of the principal stresses [psi] (see table 2). 
k1, k2 = material constants (see table 3). 
 

The sum of the principal stresses in the base and subbase depends of course on the thickness 
and stiffness of the layers placed on top of them as well as on the magnitude of the load. 

Suggested values for  are presented in table 2. 

As one will notice from table 3, the material constants k1 and k2 are dependent on the moisture 
condition of the material (dry, damp, wet) as well as the quality of the material (indicated by the 
range in values.  

Figure 21: Chart for determining the structural layer coefficient for asphalt; please 
note that the asphalt modulus is at 68 0F (20 0C). 
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Table 3: Values for k1 and k2 for base and subbase materials. 
 

Also charts have been provided for cement treated bases and bituminous treated base courses. 

These charts are shown in figures 24 and 25. 
 
The traffic load is expressed as number of equivalent 18 kip (82 kN) single axles. To get this 

number the following equation is used. 
 
Neq = i=1

i=n (Li / 82)4 

 
Where: Neq = number of equivalent 18 kip (82 kN) single axles, 
 n = number of axle load classes, 

Li = axle load of axle load class i. 
 

The reliability level to be used depends on the importance of the road. Freeways and very 

important highways are to be designed with a high level of reliability (90% and higher) because 
of the fact that traffic delays due to maintenance because of premature failure is considered not 
to be acceptable. Roads of minor importance can be designed with a much lower reliability level. 

Low volume roads e.g. can be designed with a reliability level of 60 – 70%. 
The overall standard deviation is much more difficult to estimate. It appeared that this value was 

0.45 for the asphalt pavements of the AASHO Road Test. Because production and laying 
techniques have significantly be improved since then, a lower value could be adopted. Since it is 
difficult to estimate a proper value, use of the 0.45 value is still suggested.   

 

      Roadbed resilient modulus [psi] 

Asphalt concrete thickness [inch]  3000  7500  15000 

< 2     20  25  30 
2 – 4     10  15  20 

4 – 6     5  10  15 
> 6     5  5  5 

 
Table 2: Estimated values for  in the base and subbase. 
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Figure 22: Chart to estimate the structural layer coefficient for granular 
base courses. 
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Figure 23: Chart to estimate the structural layer coefficient for granular 
subbases. 
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Figure 24: Chart to estimate the structural layer coefficient of cement treated base 
layers. 
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Drainage is a very important feature of pavement structures. Insufficient drainage might result in 
moisture conditions close to saturation. As we have seen in table 3, such conditions result in 

significant lower values for k1 implying that the modulus of the unbound base and subbase can 
be 3 times lower in wet conditions than when they are dry. In order to be able to take care for 
improper drainage, it is suggested to multiply the structural layer coefficients with a drainage 

factor (mi) following: 
 
SN = a1D1 + m2a2D2 + m3a3D3 

 
Recommended m values are given in table 4.  
 

It should be noted that the selection of the actual layer thicknesses has to follow a certain 
procedure. First of all one should determine the SN of the entire structure. Following the example 
in figure 20, we determine that the required SN = 5. Then we determine the required SN1 on top 

of the base. Assuming a modulus of 30000 psi for the base (a2 = 0.14) we determine that SN1 = 
2.6 and we determine the required asphalt thickness (assuming a1 = 0.4) as D1 = SN1 / a1 = 2.6 
/ 0.4 = 6.5 inch. If we assume that the modulus of the subbase is 15000 psi (a3 = 0.11), we  

Figure 25: Chart to estimate the structural layer coefficient for bituminous treated 
base courses. 
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Table 4: Drainage factor m. 

 
 

5. Development of mechanistic empirical design 
methods 
 

5.1 Introduction 
Although the AASHTO design method was a major step forward it still had the drawback of being 
highly empirical. The method is in fact is nothing less than a set of regression equations which 
are valid for the specific conditions (climate, traffic, materials etc.) of the Road Test. This implies 

that it is a bit risky to use the method in tropical countries where the conditions are completely 
different. Fortunately, road constructions are forgiving structures implying that the method at 
least results in an initial design that can be refined to meet local conditions. 

The fact that the AASHTO method cannot be directly used for conditions for which it hasn’t been 
developed became very apparent when attempts were made to use it in developing countries. 
The main problem was the PSI concept; it appeared e.g. that a pavement in the developed world 

with a low PSI implying that immediate maintenance was needed, was still a pavement with an 
acceptable quality in developing countries. This clearly indicated the need to have performance 
criteria and design methods that would fit the needs and circumstances in developing countries. 

All this resulted in the development of the Highway Design Model [3], a design system that is 
fully suited for those conditions. A short discussion about this model is given in chapter 16.3.7. 

 
Another problem with the Guide is that it provides no information with respect to maintenance 
that is needed from a preservation point of view. The PSI value e.g. is strongly dependent on 

pavement roughness and damage types like cracking and rutting don’t seem to have a large 
influence on the PSI. However control of cracking and rutting is important from a preservation 
point of view and in order to be able to make estimates on such maintenance needs,  knowledge 

on stresses and strains and strength of materials is essential. Furthermore, if such information is 
not available, then it is almost impossible to evaluate the potential benefits of new types of 
materials and structures with which no experience has been obtained yet.  

Given these drawbacks, one realized immediately after the Road Test that mechanistic based 
design tools were needed to support the AASHTO Guide designs. For that reason, much work has 
been done in the 1960’s on the analysis of stresses and strains in layered pavement systems [6, 

determine in the same way the required thickness on top of the subbase as SN2 = 3.4 The 
required base thickness is D2 = (SN2 – SN1) / a2 = (3.4 – 2.6) / 0.14 = 5.8 inch. Furthermore we 

calculate the thickness of the subbase as D3 = (SN – SN2) / a3 = (5 – 3.4) / 0.11 = 14.6 inch. 
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7, 8, 9] and on the characterization of the stiffness, fatigue and permanent deformation 
characteristics of bound and unbound pavement materials. The work done on the analysis of 

stresses and strains in pavements is all based on early developments by Boussinesq [4] and 
Burmister [5]. References [10, 11 and 12] are excellent sources with respect to research on 
pavement modeling and material characterization done in those days and should be on the 

reading list of any student in pavement engineering. It is remarkable to see that much of the 
material presented then still is of high value today. 
 

Since then, much progress has been made and the reader is referred e.g. to the proceedings of 
the conferences organized by the International Society of Asphalt Pavements, the proceedings of 

the Association of Asphalt Pavement Technologists, the Research Records of the Transportation 
Research Board, the proceedings of RILEM conferences on asphalt materials, the proceedings of 
the International Conferences on the Bearing Capacity of Roads and Airfields, the Mairepav 

conferences and those of many other international conferences to get informed about these 
developments.  
 

Given the possibilities we have nowadays with respect to material testing, characterization and 
modeling, it is possible to model pavements structures as accurate as possible using non linear 
elasto-visco-plastic models and using advanced finite element techniques that allow damage 

initiation and progression to be taken into account as well as the effects of stress re-distribution 
as a result of that. Also such methods allow the effects of joints, cracks and other geometry 
related issues to be taken into account. Furthermore these methods also allow to analyze the 

effects of moving loads which implies that inertia and damping effects can be taken into account.  
 
The question however is to what extent such advanced methods should be used for solving day 

to day problems. This is a relevant question because advanced pavement design methods involve 
advanced testing and analyses techniques which require specific hardware and skills. 
Furthermore pavement design is to some extent still an empirical effort because many input 

parameters cannot be predicted with sufficient accuracy on before hand. Examples of such input 
parameters are climate, traffic and the quality of the materials as laid and the variation therein. 

All this means that although advanced methods provide a much better insight in why pavements 
behave like they do, one should realize that even with the most advanced methods one only can 
achieve a good estimate of e.g. pavement performance. Obtaining an accurate prediction is still  

impossible. Because of this, practice is very much interested in design methods which are, on 
one hand, based on sound theoretical principles but, on the other hand, are very user friendly 
and require only a limited amount of testing in order to save money and time. 

 
One should realize that the need to use accurate modeling is influenced to a very large extent by 
the type of contracts used for road construction projects. In recipe type contracts, the contractor 

is only responsible for producing and laying mixtures in the way as prescribed by the client. In 
this case the contractor is neither responsible for the mixture design nor the design of the 
pavement structure; these are the responsibilities of the client. This immediately implies that the 

clients in this case will choose “proven” designs and materials, in other words he will rely on 
experience, and the contractor has no incentive to spend much effort and resources in advanced 
material research and pavement design methods. If however contractors are made more 

responsible for what they make, meaning that contractors take over from the authorities the 
responsibility for the performance of the road over a certain period of time, then they are much 

more willing to use more advanced ways of material testing and pavement design. More on this 
topic can be found in chapter 19. 
 

The purpose of these lecture notes is not to provide an overall picture of existing mechanistic 
empirical design methods. The goal of these notes is to provide an introduction into pavement 
design using the analytical methods and material characterization procedures as they are 
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common practice nowadays in the Netherlands and elsewhere. This implies that we will 
concentrate in these notes on the use of multi layer linear elastic systems and the material 

characterization needed to use these systems. Also attention will be paid to how to deal with 
pavement design in case the main body of the structure consists of unbound materials which 
exhibit a stress dependent behaviour. Also the characterization of lime and cement treated layers 

will be discussed. 
 

5.2 Stresses in a homogeneous half space 

Although pavement structures are layered structures, we start with a discussion of the stresses in 
a homogeneous half space. Solutions for this were first provided by Boussinesq at the end of the 

1800’s. Originally Boussinesq developed his equations for a point load but later on the equations 
were extended for circular wheel loads. The stresses under the center of the wheel load can be 
calculated using: 

 
z = p [ -1 + z3 / (a2 + z2)3/2 ] 

 

r = t = [ -(1 + 2) + 2.z.(1 + ) / (a2 + z2) – { z / (a2 + z2) }3 ] . p / 2 

 
w = 2.p.a.(1 - 2) / E 

 
Where:   z = vertical stress, 

  r = radial stress, 

  t = tangential stress, 

   = Poisson’s ratio, 

  E = elastic modulus, 
  a = radius of the loading area, 

  p = contact pressure, 
  z = depth below the surface. 
 

Please note that the cylindrical coordinate system is used for the formulation of the stresses (see 
figure 26). 
This is not the place to give the derivations that resulted in the equations given above. The 

interested reader is referred to [4, 6]. 
In figure 27 some graphical solutions are provided for the Boussinesq equations. 

 

The Boussinesq equations are useful to estimate stresses in e.g. earth roads where the road 
structure is built by using the natural available material. One can e.g. derive the Mohr’s circles 
from the calculated stresses and then one can determine whether the stresses that occur are 

close to the Mohr – Coulomb failure line, implying early failure, or not. 
 

Many of these earth roads however are layered systems simply because the top 200 mm or so 
have different characteristics than the original material simply because of compaction that is 
applied etc. The higher stiffness of this top layer results in a better spreading of the load. This is 

schematically shown in figure 28. 
 



 32 

 
 

Figure 26: Cartesian and cylindrical coordinate system. 
Note: Spannungen = stresses, Zug = tension, Druck = compression, 

p= compressive stress and therefore negative 
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Figure 27: Graphical solutions for Boussinesq’s equations. 
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Figure 28: Effect of applying a stiffer top layer on the spreading of the load. 

 
In order to be able to calculate stresses in such two layered systems, Odemark’s equivalency 

theory [13] is of help. The idea behind Odemark’s theory is that the vertical stresses at the 
interface between the top layer with stiffness E1 and thickness h1 and the half space with 
stiffness Em are the same as the stresses in a half space at an equivalent depth heq with stiffness 

Em. This principle is shown in figure 29.   

   
Figure 29: Principle of Odemark’s equivalency theory. 

 

The figure on the left hand side shows the distribution of the vertical stresses in a two layer 
system. On the right hand side the equivalent heq is shown resulting in the same vertical stress (B) 
at the interface between the top layer and the underlying half space. 

Odemark showed that the equivalent layer thickness can be calculated using: 
 
heq = n h1 (E1 / Em)0.33 

 
If Poisson’s ratio of the top layer equals Poisson’s ratio of the half space, then n = 0.9.  
 

Em Em 

h1 

A 

A 
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The question of course is how well this Odemark/Boussinesq approach allows accurate 
predictions of the vertical stresses in pavements to be made. As is shown in figure 30 [14], this 

approach seems to be fairly effective in case one is dealing with pavements having unbound 
bases and subbases. 

 
 

Figure 30: Comparison of measured and calculated vertical stresses in pavements. 
 

Let us illustrate the procedure by means of an example. We want to know the stresses in a 

homogeneous half space (modulus 100 MPa) that is loaded with a wheel load of 50 kN. Since the 
contact pressure is known to be 700 kPa, we can calculate the radius of the loading area 

following: 
 
 p a2 = Q 

 

Where:  p = contact pressure, 
  a = radius of the contact area, 

  Q = wheel load. 
 
In this way we calculate a = 150 mm. If we assume Poisson’s ratio to be 0.25, then we can 

derive from figure 27 that the vertical stress under the centre of the load at a depth of 150 mm 
(z = a) is to 60% of p being 420 kPa. Assume that this stress is too high and that a layer is 
placed on top of the half space having a modulus of 300 MPa and a thickness of 150 mm. The 

equivalent layer thickness of this layer is: 
 
heq = 0.9 h1 (E1 / Em)0.33 = 0.9 * 150 * (300 / 100)0.33 = 194 mm 
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We can now calculate the vertical stress using the same Boussinesq chart but this time the depth 
at which we have to determine the stress is 194 + 150 = 344 mm which is at a depth of z = 2.3 

a. 
From figure 27 we notice that now the vertical stress is equal to approximately 20% of p being 
140 kPa.  

 

5.3 Stresses in two-layer systems 

If the stresses in the subgrade due to a wheel load are too high, a stiff top is needed to reduce 
these stresses. Such a system, a stiffer layer on top of a softer half space, is called a two layer 
system. It could represent e.g. a full depth asphalt pavement on top of a sand subgrade. 

Burmister [5] was the first one who provided solutions for stresses in a two layer system. Again, 
it is beyond the scope of these lecture notes to provide a detailed discussions on the mathema-
tical background. Here only attention will be paid to the results of those mathematical analyses 

and how they can be used in practice.  
Figure 31 shows the effect of a stiff top layer on the distribution of the vertical stresses in a two 
layer system. First of all we notice that the distribution of the vertical stress is bell shaped. 

Furthermore we notice that the magnitude of the vertical stress is very much influenced by the 
stiffness of the top layer. The width of the stress bell however is much less influenced by the 
stiffness of the top layer. 

 

 
 

Figure 31: Distribution of the vertical stress in a one and two-layer system. 
 

A stiff top layer not only provides protection to the second layer, also tensile stresses at the 
bottom of the top layer develop in case the top layer is a bound layer. These stresses are due to 
bending of the bound top layer. This implies that for two layer systems we are dealing with two 

design parameters being the horizontal tensile stress at the bottom of the top layer and the 
vertical compressive stress at the top of the second layer (figure 32). 
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Figure 32: Design criteria in a two layer pavement system. 

 
If the horizontal tensile stress at the bottom of the top layer is too high, it will be the cause for 
cracking of the top layer. If the vertical compressive stress at the top of the bottom layer is too 

high, excessive deformation will develop in that layer. 
 

Figure 33 shows the distribution of the horizontal and vertical stresses in a two layer system  

under the centre of the load in relation to the ratio E1 / E2 and for h = a. Please note that 
Poisson’s ratio is 0.25 for both layers. 

 

 
 
 

Figure 33a: Distribution of the horizontal stresses in a two layer system under the centre of a 
circular load (Poisson’s ratio equals 0.25). 

Note: 10 fach verkleinert = 10 times reduced 

 

horizontal tensile stress        E2                   vertical compressive stress 

E1, h1 
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Figure 33b: Distribution of the vertical stresses in a two layer system under the centre of a 

circular load. 
 

From the figure 33a one can observe that significant horizontal stresses (compressive at the top 

and tensile at the bottom) develop in the top layer. When E1 / E2 = 10, a tensile stress equal to 
the contact pressure p develops while this value becomes 2.7 * p when E1 / E2 = 100. One also 
observes that at those modulus ratio’s the tensile stresses in the second layer can almost be 

neglected. Another interesting aspect is that the neutral axis is almost in the middle of the top 
layer for modulus ratio’s of 10 and higher. 

Figure 33b shows that a stiff top layer greatly reduces the vertical stresses in the bottom layer. 
As we have seen in figure 27, the stress at a depth of z = a is 60% of the contact pressure in 
case of a half space. Figure 33b shows that if the modulus ratio is 10, the vertical stress at z = a 

is 30% of the contact pressure and when the modular ratio is 100, the vertical stress at z = a is 
only 10% of the contact pressure. 
 

Let us go back for a moment to Odemark’s equivalency theory. We have noticed that in a half 
space, the vertical stress at a depth of z = a under the centre of the load equals 60% of the 
contact pressure. If we assume that the top part of that half space is replaced over a depth of a 

by a material that has a 10 times higher modulus, than the equivalent layer thickness of that 
layer equals: 
 

heq = 0.9 * a * (10)0.33 = 1.92 * a 
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From figure 27 we can determine that the vertical stress at that depth equals approximately 30% 
of p. This is in excellent agreement with the result obtained from figure 33b. This is considered to 

be proof of the validity of Odemark’s approach. 
 
Until now no attention has been paid to the conditions at the interface. From our structural 

design classes we know that it makes quite a difference whether layers are perfectly glued to 
each other and there is no slip (full friction) between the layers or whether the layers can freely 
move over each without any friction (full slip). The effect of those two interface conditions on the 

stresses at the bottom of the top layer are shown in figure 34.  
 

 
Figure 34a: Influence of friction on the radial stresses at the bottom of the top layer under the 

wheel centre (please note that Poisson’s ratio is 0.5). 
Note: rauh = full friction, glatt = full slip 
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Figure 34b: Influence of friction on the vertical stress at the top of bottom layer under the wheel 

centre (please note that Poisson’s ratio is 0.5). 
 

As one will observe, the presence of friction has a significant influence on the radial (horizontal) 
stress at the bottom of the top layer especially at low values for the ratio E1 / E2. We also note 
that the influence on the vertical stress is much smaller. 

If there is full friction or full bond at the interface, the following conditions are satisfied. 
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a. The vertical stress just below and above the interface are equal because of equilibrium, so: 
z bottom, top layer = top, bottom layer  

 
b. The horizontal displacements just above and below the interface are the same because of full 
friction, so: 

ur bottom, top layer = ur top, bottom layer 
 
c. The vertical displacements just above and below the interface are the same because of 

continuity, so: 
uz bottom, top layer = uz top, bottom layer 

 

In case of full slip, only conditions a. and c. are satisfied. 
 
Another important factor is Poisson’s ratio. Since measurements needed to determine Poisson’s 

ratio are somewhat complicated, values for this parameter are usually estimated from 
information available from literature. The question then is to what extent wrong estimates 

influence the magnitude of the stresses. Information on this can be found in figure 35. Figure 
35a e.g. shows that the influence of Poisson’s ratio on the radial stress at the bottom of the 
asphalt layer is quite significant. This also means that it will have a significant influence on the 

radial strain. As one can see from figure 35b, the influence of Poisson’s ratio on the vertical 
stress at the top of the bottom layer is limited. 
 

 
 

Figure 35a: Influence of Poisson’s ratio on the radial stress at the bottom of the top layer. 
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Figure 35b: Influence of Poisson’s ratio on the vertical stress at the top of the bottom layer. 

 
By means of the figures available we now can estimate the stresses and strains in two layer 
pavements. This will be illustrated by means of the following example. 

Assume we have a two layer structure consisting of a 150 mm thick asphalt layer on top of a 
sand subgrade. The elastic modulus of the asphalt layer is 5000 MPa while the modulus of the 
sand layer is 100 MPa. A 50 kN wheel load is applied on the pavement. The contact pressure 700 

kPa which results in a radius of the circular contact area of 150 mm. Poisson’s ratio for both the 
asphalt and the sand layer equals 0.35. We want to know the stresses and strains in the locations 

indicated below. 
 

  
Figure 36: Two layer pavement example problem. 

 
Let us start with the calculation of the stresses and strains at the bottom of the asphalt layer. 
Since both layers have a Poisson ratio of 0.35, we have to use figure 35 and interpolate between 

the lines for  = 0.25 and  = 0.5. Since E1 / E2 = 50 and a / h = 1 we read from the graphs 

Pavement surface, z = 0 

 
Bottom of asphalt layer, z = 150 mm 

Top of sand layer, z = 150 mm 

Asphalt 

h = 150 mm 
E = 5000 MPa 
 = 0.35 

 
 

Sand 
E = 100 MPa 
 = 0.35 
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shown in figure 37 that -r / p = 2.7 and z / p = 0.15.  Since the contact pressure is a 

compressive stress and we decided to express compression by means of the minus sign (-), we 

calculate r = t = 1890 kPa and z = -105 kPa.  

Please note that under the centre of the load centre there is not only a horizontal radial stress r 

but also a horizontal tangential stress t (see also figure 26). These stresses are acting 

perpendicular to each other and because the load centre is in the axis of symmetry, the 

tangential stress is equal to the radial stress. 
 

 
 

Figure 37a: Estimation of the horizontal stress at the bottom of the asphalt layer. 
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Figure 37b: Estimation of the vertical stress at the top of the subgrade. 

 
The strains are calculated as follows: 

 
r = t = (r - t - z) / E = (1890 – 0.35 * 1890 – 0.35 * -105) / 5000000 = 2.53 * 10-4 

 

z = (z -r - t) / E = (-105 – 0.35 * 1890 – 0.35 * 1890) / 5000000 = -2.86 * 10-4 

 
Please note that the units used for the stresses and elastic modulus is kPa. This implies that the 
value of 5000000 is used for the modulus (originally it was given in MPa).  

 
Let us now consider the stresses and strains at the top of the asphalt layer. We notice that figure 

35 is not of help anymore because that figure only gives information about the stresses at the 
bottom of the asphalt layer. We know however that, for reasons of equilibrium, the vertical stress 
at the top of the asphalt layer is equal to the contact pressure, so z = -700 kPa. There are no 

graphs available to estimate the horizontal stress at the top of the asphalt layer for  = 0.35, but 

we can make a reasonable estimate of those stresses. From figure 35 we determine that the 
tensile stress at the bottom of the asphalt layer is -2.2 * p if  = 0.25. If we insert that value in 

figure 33, then we can determine that the radial stress at the top of the pavement equals 2.5 * p 

(see figure 38).  
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Figure 38: Estimation of the horizontal stress at the top of the asphalt layer. 

 
Going back to figure 35a we notice that the radial stresses at the bottom of the asphalt layer are 
2.7 * p / 2.2 * p = 1.23 times higher when  = 0.35 instead of 0.25. Therefore we estimated the 

radial compressive stress at the top of the asphalt layer to be 1.27 * 2.5 * p = -2223 kPa (the – 
sign is because p is compressive). 
Using these values we calculate: 

 
r = t = (r - t - z) / E = (-2223 – 0.35 * -2223 – 0.35 * -700) / 5000000 = -2.4 * 10-4 

 

z = (z - r - t) / E = (-700 – 0.35 * -2223 – 0.35 * -2223) / 5000000 = 1.71 * 10-4 

 
This later value implies that a vertical tensile strain develops at the top of the asphalt layer! 

 
Finally we will discuss the stresses and strains at the top of the subgrade.     
Because of equilibrium, the vertical stress at the top of the subgrade is equal to the vertical 

stress at the bottom of the asphalt layer being -105 kPa. Also in this case we have no graphs 
available to estimate the horizontal stresses at the top of the subgrade. Nevertheless figure 33a 
is showing that the radial stress at the top of the subgrade is very small and almost zero for E1 / 

E2 = 100. For that reason we assume that at the top of the subgrade r = t = 0. 

Using these values we calculate: 
 

r = t = (r - t - z) / E = (0 – 0 – 0.35 * -105) / 100000 = 3.68 * 10-4 

 
z = (z - r - t) / E = (-105 – 0 – 0) / 100000 = -1.05 * 10-3 

 

5.4 Stresses in three-layer systems 
The calculation of the stresses and strains in three layer systems is based on the same principles 

as used for two layer systems. It is however much more complicated to derive tables [7] and 
charts [8] that allow the stresses at various points in the pavement to be estimated and as we 
will see from the given examples, those charts are not very user friendly. 

Figure 39 shows the stresses and locations in a three layer system for which tables and graphs 
have been developed. Note that a Poisson’s ratio of 0.5 was used for all layers. 
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Figure 39: Locations in a three layer system for which tables and graphs to estimate stresses 

have been developed. 

 
In developing these tables and graphs [7], [8], the following parameters have been used. 
 

A = a / h2; H = h1 / h2; K1 = E1 / E2; K2 = E2 / E3 
 
Figures 40, 41 and 42 show the graphs for the estimation of resp. zz1, zz2, and rr1 for K1 =20 

and K2 = 2. 
 

Diameter 2a, contact pressure p 

z1  
r1 

z2 

E1 , h1 
 

 
 
 

 
E2 , h2 
 

 
 

 
 
 

E3 
 

A = a / h2     K1 = E1 / E2     K2 = E2 / E3     H = h1 / h2 
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Figure 40: Chart to estimate zz1 (vertical stress at the top layer – base interface) in a three layer 

system. 
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Figure 41: Chart to estimate zz2 (vertical stress at the base – subgrade interface) in a three layer 

system. 
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Figure 42: Chart to estimate rr1 (horizontal stress at the bottom of the top layer at the top layer 

– base interface) in a three layer system. 
 

The use of the charts is illustrated by means of an example. Let us assume we have a three layer 

system consisting of 100 mm of asphalt (E = 6000 MPa) that is placed on a 300 mm thick base 
(E = 300 MPa) on a subgrade with a stiffness with E = 150 MPa. The magnitude of the load is 50 

kN and the radius of the loaded area is 150 mm. This implies that the contact pressure is 700 kPa. 
This input means that K1 = 20, K2 = 2, A = 2 and H = 0.33. We want to know the horizontal 
stress at the bottom of the asphalt layer. Using figure 42 in the way as illustrated in figure 43, we 

derive that the horizontal stress factor is approximately 7 which results in rr1 = 7 * 700 = 4900 

kPa.  
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Figure 43: Example of the estimation of rr1. 

 
It is obvious that the determination of the stresses in this way is a quite time consuming 
approach especially since most of the time interpolations have to be made between the different 

charts. Furthermore the charts are only valid for Poisson’s ratio equals 0.5 and most materials 
have a different value for this parameter. Therefore use of one of the many computer programs 
that are available nowadays is highly recommended. It should however been noted that in [15] a 
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graph has been presented that allows the tensile strain at the bottom of the asphalt top layer in a 
three layer system to be estimated. This chart is shown in figure 44. 

 

 
 
Figure 44: Chart to estimate the tensile strain at the bottom of the asphalt layer in a three layer 

system [15].  
 

The chart is used in the following way. From K1 = E1 / E2 and h1 / a a point on the first “Hilfslinie” 

is determined. From K2 = E2 / E3 and h2 / a a point on the second “Hilfslinie” is determined. Then 
a line is drawn connecting these two points and the value of “x” is determined. The tensile strain 

at the bottom of the asphalt layer equals  = x .  / E1  

  

5.5 Stresses due to horizontal loads 
It is obvious that in reality not only vertical stresses are applied on the pavement surface. Also 
horizontal shear stresses are present, acting in the longitudinal and transverse direction. These 
shear stresses are due to traction forces, braking, cornering etc. They occur under free rolling as 

well as driven tires. As we will see in the next chapter, the real stress conditions in the contact 
area are indeed very complex. Several researchers have studied the effect of such shear forces 
and early work on this topic is done by Verstraeten [16] and Wardle and Gerrard [17]. Given the 

limited computational power in those days, they had to apply rigorous simplifications of the real 
stress conditions. Nevertheless, a good idea of the effect of these shear stresses can be obtained 
from their work. Figures 45, 46 and 47 are taken from the work presented by Verstraeten. 

 
The figures show that depending on the applied shear force, significant radial and tangential 
stresses can develop at the pavement surface. Furthermore the figures show that the ratio of 
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stiffness of the top layer over the stiffness of the second layer has a large effect on the 
magnitude of these stresses.  

 

 
Figure 45: Radial and tangential stresses in a pavement system due to a uniformly distributed, 

unidirectional, shear load. 
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Figure 46: Vertical stresses in a pavement system due to a uniformly distributed, unidirectional 

shear load. 
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Figure 47: Radial stresses in a pavement system due to a combination of vertical stresses and 

uniformly distributed, unidirectional and multidirectional, shear forces. 
Note: vertikaler Belastung = vertical load, schräge Belastung = shear load 
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5.6 Stresses in multilayer systems, available computer 
programs 
As has been mentioned in the previous section, it is strongly recommended to use a multilayer 
computer program for the analysis of stresses and strains in three layer systems. This becomes a 

necessity in case the number of layers is 4 or more. Charts for the assessment of stresses in a 
four layer systems even don’t exist. 
Many computer programs have been developed in time and it is almost impossible to give a 

complete picture of the available programs. Well known programs are BISAR, KENLAYER, CIRCLY, 
MePADS and WESLEA. BISAR and WESLEA only allow linear elastic materials to be taken into 
account. CIRCLY on the other hand allows taking into account anisotropic behavior of materials. 

Many of these programs have been incorporated in design systems such as the Shell Pavement 
Design System, OIA (developed in the Netherlands), MePADS (developed in South Africa). 

KENLAYER is an interesting system because it allows taking into account the stress dependent 
behaviour of unbound granular materials and soils and it allows the asphalt concrete to be 
modelled as a linear visco-elastic material. RUBICON, a program developed in South Africa,  is a 

finite element based program that also allows to take into account the stress dependent behavior 
of granular materials. Furthermore this program allows probabilistic analyses to be made. A quite 
advanced program is 3D-Move which allows asphalt concrete to be modelled as a linear elastic 

and linear visco-elastic material. It furthermore allows complex contact stress distributions to be 
taken into account as well as the effect of dynamic wheel loads. It also allows performance 
predictions to be made in terms of development of the amount of cracking and permanent 

deformation in relation to the applied number of load repetitions. Another advanced pavement 
design program is the one developed for the American State Highway and Transportation 
Officials (AASHTO). This program allows predictions to be made on cracking, rutting and 

roughness progression as a function of the number of load repetitions and climate. Further 
details will be given in chapter 16 “Design Systems”.  
 

Many of these programs can be found on the internet and can be retrieved for free (e.g. the 
design programs developed for the Federal Aviation Agency FAA in the USA) while other software 
packages have to be purchased. It is beyond the scope of these lecture notes to discuss all the 

available programs in detail. In this part of the lecture notes we only discuss the output that is 
generated by the computer program BISAR developed by SHELL which calculates the stresses 

and strains in the pavement system due to traffic loads. These principles should be well 
understood before one is going to use the advanced design systems.  
 

It is generally accepted that the BISAR program can be taken as the reference to which all other 
programs can be compared. This is because of the high mathematical stability of the BISAR 
program. Quite some programs have minor flaws of which the user should be aware before using 

them. To check whether these flaws exist the stresses, strains and displacements have to be 
calculated in a number of points of the pavement structure (see figure 48). 
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Figure 48: Locations in the pavement where consistency checks can be made. 

 

Some programs do not fulfill the requirements set for the interface between layers 1 and 2 
and/or the interfaces between layers 2 and 3. These programs often also not fulfill the 
equilibrium requirement at the pavement surface under the centre of the load. Other programs 

generate unrealistic results at the edge of the load. The problems at the interfaces and under the 
centre of the load at the pavement surface can easily be overcome by not requiring output at 
those interfaces but at locations that are e.g. 1 mm above or below the interface.  

Almost all programs generate comparable results if stresses and strains are required at other 
locations in the pavement. 

Although most of the problems mentioned above can be overcome quite easily, one must be 
aware of the fact that some programs have difficulties in generating realistic results for 
pavements with a thin asphalt layer that has a low modulus on top on a thick stiff (high modulus) 

base layer (so if h1 / h2 < 1 and E1 / E2 < 1). 
It should be noted that the BISAR program passes all these requirements. 
 

Let us now return to the output that is generated by these computer programs and let us explain 
the output that is generated by BISAR for two example problems. 
The two problems that are analyzed are schematically shown in figure 49. 

 
In the first example, only the vertical load is applied while in the second example the vertical and 
horizontal load is applied. The horizontal load acts in the x-direction and simulates a braking 

force. The stresses and strains are calculated for the locations which are defined with their x, y 
and z coordinates. The locations for which the stresses and strains are calculated are shown in 
table 5.  

 

Is v equal to contact pressure? 

Is the vertical displacement cq vertical stress cq horizontal displacement at the 
top of layer 2 at z = h1 equal to the vertical displacement cq vertical stress cq 

horizontal displacement at the bottom of layer 1 at z = h1? 

Are realistic values obtained for the stresses 
and strains at the edge of the load? 

Is the vertical displacement cq vertical stress cq horizontal displacement at the 
bottom of layer 2 at z = h1 + h2 equal to the vertical displacement cq vertical 

stress cq horizontal displacement at top of layer 3 at z = h1 + h2  

Full bond 
between 

the 
layers is 
assumed 



 57 

  

Figure 49a: Example problem. 
 

 
Figure 49b: Coordinate system and direction of the shear force as used in the example problem. 

 
 
 

Load    Sheet  Layer  X [mm]  y [mm]  z [mm] 

Vertical force only 2  1  0  0  0 
   3  1  152  0  0 

   4  1  152  0  10 
   5  1  0  0  250 
   6  2  0  0  250 

Vertical and  8  1  -152  0  0 

horizontal force  9  1  0  0  0 
   10  1  152  0  0 
   11  1  -152  0  10 

   12  1  0  0  10 
   13  1  152  0  10 
   14  1  0  0  250 

   15  2  0  0  250 

 
Table 5: Locations where results are obtained. 

Note: The sheet number refers to the handwritten numbers written on the output pages given in figure 50. 

Fvertical = 50 kN 
Fhorizontal = 20 kN 
diameter loaded area = 300 mm 

E1 = 6000 MPa 

h1 = 250 mm 
1 = 0.35  

E2 = 100 MPa   1 = 0.35 

x 

y 
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Please note that at the pavement surface and at a depth of 10 mm, the results are requested just 
outside the loaded area and at the load center. This is done to determine the effect of the shear 

forces. In figure 50 all the calculation results are given while the main results are summarized in 
table 6. 
 

The sheets with the calculation results are pretty much self-explaining. The coordinates of the 
location at which the stresses and strains are requested are given in the top of the page. Then 
detailed information is given on the normal stresses and strains acting in the XX, YY and ZZ 

direction as well as on the shear stresses and strains in the YZ, XZ, and XY direction. 
All this information is summarized in terms of principal stresses and strains as well as the 

directions in which these principal stresses and strains are acting (defined as “x comp., y comp., 
z comp.”). The “minimax” principal stress and strain are usually called 2 and 2.. In table 6 a 

summary is given of these principal stresses and strains. 
 

Furthermore three rows are given with the maximum, minimax, and minimum normal stress; 
these are the principal stresses. Then there are three rows which show the maximu, minimax and 

minimum stress together with shear stresses. These combinations of normal and shear stresses 
indicate the center of each of the three stress circles. As an example the stress circles derived 
from figure 50c are shown below.     

 
Maximum stress 1 = 0, Minimax 2 = -4.23 E5, Minimum 3 = -6.76 E5  [], [] = [Pa] 

Center of the stress circles with the radius (= shear stress) 

Max:  = -3.38 E5 and  = 3.38 E5, Minimax:  -2.12 E5 and  = 2.12 E5,  

Minimum:  = -5.50 E5 and  = 1.26 E5 

 
 

 
 
 

 
 

 
 
 

 
 
 

 
Sheet nr. 1 [Pa] 2 [Pa] 3 [Pa] 1 2 3 

2 -7.074E+05 -1.251E+06 -1.251E-6 2.800E-05 -9.421E-05 -9.241E-05 

3 0 -4.231E+05 -6.758E+05 6.410E-05 -3.110E-05 -8.975E-05 

4 -1.630E+05 -7.555E+05 -8.132E+05 6.434E-05 -6.897E-05 -8.195E-05 

5 9.046E+05 9.046E+05 -3.547E+04 1.001E-04 1.001E-04 -1.115E-04 

6 -3.705E+03 -3.705E+03 -3.547E+04 1.001E-04 1.001E-04 -3.288E-04 

8 4.618E+05 0 -4.179E+05 1.013E-04 -2.565E-06 -9.658E-05 

9 -5.867E+05 -1.251E+06 1.371E+06 5.514E-05 -9.421E-05 -1.213E-04 

10 0 -9.337E+05 -1.308E+06 1.308E-04 -7.932E-05 -1.635E-04 

11 -9.085E+04 -2.962E+05 -6.034E+05 3.733E-05 -8.874E-06 -7.798E-05 

12 -5.887E+05 -1.122E+06 -1.239E+06 3.985E-05 -8.034E-05 -1.067E-04 

13 -2.154E+05 -9.076E+05 -1.350E+06 9.578E-05 -5.996E-05 -1.595E-04 

14 9.046E+05 9.046E+05 -3.547E+04 1.001E-04 1.001E-04 -1.115E-04 

15 -3.694E+03 -3.705E+03 -3.548E+04 1.002E-04 1.002E-04 -3.289E-04 

  
Table 6: Results of the example problems in terms of principal stresses and strains. 

-6.75           -4.23                              0 principal stresses [kPa] * 1E5 

1.26           3.38     2.12              shear stresses [kPa] * 1E5 

 
-5.5           -3.38    -2.12             normal stresses at center of stress circle [kPa] * 1E5 
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Furthermore the output shows the strain energy and the strain energy of distortion. The strain 
energy is composed of two distinct forms being volume changes and distortion (change in shape). 

Normal strains cause a change in volume while shear strains cause distortion. The total strain 
energy (Utotal) is the sum of distortion energy (Udistortion) and volume energy (Uvolume). 
 

Utotal = Udistortion + Uvolume 
 
For uni-axial loading, the strain energy per unit volume is the area under the stress – strain curve 

and equals  
 

Utotal = 1 1 / 2   

 
 
 

 
 

 
 
 

 
 
For a general 3D situation we calculate Utotal  using 

 
Utotal = (1 1 + 2 2 + 3 3) / 2 

 

Since 1 = [1 -  (2 + 3)] / E etc. Utotal  becomes 

 
Utotal = {1/2E} {1

2 + 2
2 + 3

2 - 2 (2 3 + 1 3 + 1 2)}   

 

We know that the first stress invariant (I1) , also called the hydrostatic stress (hyd), is calculated 

using: 
 

hyd = (1 + 2 + 3) / 3 

 
If we only would have hydrostatic stresses, then we would only have volume change and Utotal 

would be equal to Uvolume. In that case 
 
Uvolume = {3(1 – 2) / 2E} hyd

2 = {(1 - 2) / 6E} {1
2 + 2

2 + 3
2 + 22 3 + 21 2 + 21 3}    

 
Since Udistortion = Utotal – Uvolume we find 
 

Udistortion = {(1 + ) / 3E} [{(1 - 2)
2 + (2 - 3)

2 + (3 - 1)
2} / 2]  

 
As we will see later on Udistortion can be used for fatigue analyses. 

 
  
On sheets nr 1 and nr 7 of figure 50, we recognize the input. Please note on sheet 7 that the 

angle of the shear load is taken from the x-axis. Since the horizontal load is acting in the positive 
x-direction the shear direction equals 00 (the angle equals 1800 if the shear load is acting in the 
negative x-direction). If the shear force was acting in the positive y-direction, the shear direction 

had to be 900.  
 

 

1 
 

 

 

 

 

                             1 
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Figure 50a: Input for BISAR calculation; vertical load only. 
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Figure 50b: Output of BISAR calculation. 
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Figure 50c: Output of BISAR calculation (continued). 
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Figure 50d: Output of BISAR calculation (continued). 



 64 

 
 

 
Figure 50e: Output of BISAR calculation (continued). 



 65 

 

 
Figure 50f: Output of BISAR calculation (continued).  
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Figure 50g: Input for BISAR calculation; vertical and shear load. 
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Figure 50h: Output of BISAR calculation. 
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Figure 50i: Output of BISAR calculation (continued). 
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Figure 50j: Output of BISAR calculation (continued). 
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Figure 50k: Output of BISAR calculation (continued). 
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Figure 50l: Output of BISAR calculation (continued). 
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Figure 50m: Output of BISAR calculation (continued). 
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Figure 50n: Output of BISAR calculation (continued). 
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Figure 50o: Output of BISAR calculation (continued). 
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When the results of sheet 5 (vertical load, bottom of the asphalt layer) are compared with those 
of sheet 14 (vertical load + shear load, bottom of the asphalt layer), we observe that those are 

exactly the same. This implies that the effect of the shear force is not “visible” at a depth of 250 
mm. The same is true if we compare the results of sheets 6 and 15. 
The effect of the shear force is clearly visible when the results of sheet 3 (vertical load, location 

just outside loaded area at pavement surface) are compared with those obtained of sheets 8 and 
9 (vertical load + shear load, location just outside loaded area at pavement surface). In case of 
only a vertical load, xx = -0.423 MPa (sheet 3). In case of a vertical and a horizontal load xx = -

1.308 MPa (sheet 10) or xx = 0.462 MPa (sheet 8). As one will observe, the applied braking 

force results in significant compressive horizontal stresses in front of the load in the direction of 
travel (x-direction) and a significant tensile stress at the back of the load. The principal strain at 

the pavement surface just behind the braking load (sheet 8) is slightly larger than the principal 
strain at the bottom of the asphalt layer (both are acting in the XX direction). 
Although it is common practice in pavement engineering to ONLY take into account the maximum 

tensile stress or strain, the other two principal stresses/strains can of course not be neglected. 
How the other two principal stresses/strains should be taken into account in the design analysis 
will be discussed extensively in appendix C. 

If we make a comparison of the stress conditions based on the energy of distortion, which does 
take into account the 3D stress/strain conditions, then we notice that the Udistortion is the highest 
at the pavement surface just in front of the braking wheel. The 2nd highest Udistortion is found at 

the same location, 10 mm below the surface. The 3rd highest Udistortion is found at the bottom of 
the asphalt layer under the center of the wheel load. This value in case of braking forces is the 

same as without braking forces; it is approximately 65% of the Udistortion  at the pavement surface 
in front of the braking wheel.       
Comparison of the results given in sheet 8 with those given in sheet 11 and comparison of the 

results given in sheet 10 with those given in sheet 13 show how the stresses and strains 
decrease with depth. 
From this analysis it becomes clear that proper modeling of the contact stresses is very important 

in order to be able to analyze surface defects. Normally we ignore in our analyses the effect of 
the shear stresses that act at the pavement surface. These shear stresses are not only due to 
braking but they also occur under the driven wheels as well as the free rolling wheels. Under the 

free rolling tires they are caused by the fact that the tire wants to expand because of the vertical 
load but this is hindered by the friction between tire and pavement surface. Under the driven 
wheels/tires extra shear forces develop because of traction forces. 

Furthermore the results show that although pavement thickness design is usually based on the 
tensile stresses/strains at the bottom of the asphalt layer, more critical conditions could occur in 
other locations in the pavement. Shell researchers [29] have e.g. shown that the maximum 

horizontal strain does not occur at the bottom of the asphalt layer if: 
 

C = h1 * E2 / E1 > 133 mm 
 
If h1 (the top layer)  200 mm than the maximum tensile strain will occur in the lower half of the 

top layer and if h1 > 200 mm then the maximum strain will occur in the upper half of the top 

layer. 
 

Although thickness design analyses are mostly using the maximum tensile strain as design 
criterion, we should also have a look into the shear stress conditions and Mohr’s circles in other 
locations. As an example the stress circles in three locations at and close to the surface are 

shown herafter. The red circle represents the stress conditions under the center of the load at 
the pavement surface when we only take into account a vertical load (Fig 50b), the blue circles 
show the stress conditions at the pavement surface 2 mm outside the loaded area (Fig 50c) and 

the red circles show the stress conditions 2 mm outside the loaded area at a depth of 10 mm 
from the surface. Since the angle of internal friction for asphalt concretes is around 45o, Mohr – 
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Coulomb’s failure criterion (indicated with the dashed line) is much closer to the circles 
representing the stress condition at the edge of the tire print than to the circle representing the 

stress conditions under the center of the wheel. This implies that permanent deformation and 
shear failure will initiate at the edge of the contact area and not under the center of the wheel. 
This will be discussed in more detail in the section on permanent deformation in asphalt mixtures. 

 
 
 

 
 

 
 
 

 
 
 

 
 
 

 
 
 

 
 

 
 
 
6. Axle loads, wheel loads and contact pressures 
 

6.1 Axle loads 

In order to be able to design a pavement structure, knowledge on the magnitude of the traffic 
loads is essential. Axle load measurements are therefore made to determine the number and 
weight of the axles passing over the pavement. Axle load measurements can be made in 

different ways varying between the up to date system shown in figure 51, to the much more 
simple system shown in figure 52. 
 

The system as shown in figure 51 uses piezoelectric and coax cables to measure the axle load 
and other features of the truck. Such features include the speed of the truck as well as its 
registration number. Other items are the distance between the axles, the total length of the 

vehicle and a classification is made of the type of truck. This example shows amongst other 
things that the heaviest axle load is the tandem axle of the truck. The second axle from the front 
end of the truck was carrying a load of 223 kN (22.3 tons) while the third axle from the front 

carried 210 kN (21 tons). Comparing these values with the axle load regulations that prevail in 
the Netherlands (table 7), shows that the tandem axle is severely overloaded. 
 

-0.5 MPa                         -1 MPa 

45o 
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Figure 51: Example of a modern axle load survey unit as used in the Netherlands. 
 

 

Maximum axle load driven axles 

(no restrictions with respect to suspension system, tires and steering) 

 

 
115 kN 

Maximum axle load non driven axles 100 kN 

Maximum axle load tandem axles 
Axle distance < 1.0 m  
1.0 m  axle distance < 1.3 m 

1.3 m  axle distance < 1.8 m without air suspension system 

1.3 m  axle distance < 1.8 m with air suspension system   

 
100 kN 
160 kN 

180 kN 
190 kN 

Maximum axle load triple axles 
Axle distance < 1.3 m 
1.3 m  axle distance < 1.8 m without air suspension system 

1.3 m  axle distance < 1.8 m with air suspension system 

 
210 kN 
240 kN 

270 kN 

 

Table 7: Axle load regulations in the Netherlands.  
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Figure 52 shows the axle load unit that was used in Ghana during an axle load survey program 

sponsored by the European Union [18]. The unit consisted of 4 Haenni WL 103 scales which were 
arranged in such a way that first the outer wheels of an axle were weighed and after that the 
total axle weight. This measurement procedure allowed to determine whether or not all the 

wheels of an axle were carrying the same load. 
Table 8 shows the axle load distributions as they are used in the Netherlands as input for the 
thickness design of concrete pavements [19]. 

 

 
Table 8: Axle load distributions as used in the Netherlands for the design of concrete pavements. 
 

Table 8 is also suggested for use for the design of flexible pavements. 
 
Table 9 shows the results of the axle load survey in Ghana as reported in [18]. 

 
 
 

 
 

Axle load  
group  
(kN) 

Average  
wheel 
load P 

(kN) 

Axle load frequency distribution (%) for different types of road 

heavily  

loaded 
motorway 

normally  

loaded 
motorway 

heavily  

loaded pro-
vincial road 

normally  

loaded pro- 
vincial road 

municipal  

main road 

rural  

road 

public  

transport  
bus lane 

20-40 15 20.16 14.84 26.62 24.84 8.67 49.38 - 

40-60 25 30.56 29.54 32.22 32.45 40.71 25.97 - 

60-80 35 26.06 30.22 18.92 21.36 25.97 13.66 - 

80-100 45 12.54 13.49 9.46 11.12 13.66 8.05 - 

100-120 55 6.51 7.91 6.50 6.48 8.05 2.18 100 

120-140 65 2.71 3.31 4.29 2.70 2.18 0.38 - 

140-160 75 1.00 0.59 1.64 0.83 0.38 0.38 - 

160-180 85 0.31 0.09 0.26 0.19 0.38 0.00 - 

180-200 95 0.12 0.01 0.06 0.03 0.00 0.00 - 

200-220 105 0.03 0.01 0.03 0.00 0.00 0.00 - 

Av. nr. of axles 

per heavy vehicle 

3.5 3.5 3.5 3.5 3.5 3.1 2.5 

Figure 52: Simple axle load 

unit as used for surveys in 
Ghana 
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     Axle load           Axle 1    Axle 2    Axle 3    Axle 4    Axle 5    Axle 6 

10 1 0 0 0 0 0 

20 5 0 0 0 0 0 

30 42 3 3 1 0 0 

40 110 8 8 7 3 0 

50 144 11 13 12 4 0 

60 222 33 39 23 4 0 

70 123 56 40 27 4 0 

80 80 77 63 44 5 0 

90 35 68 78 32 4 0 

100 21 81 70 48 3 0 

110 4 81 49 30 4 0 

120 0 86 59 28 9 1 

130 0 57 24 19 0 0 

140 0 46 39 25 7 0 

150 0 41 14 19 4 1 

160 0 39 6 4 1 0 

170 0 41 5 2 1 0 

180 0 28 2 2 2 0 

190 0 13 1 5 2 0 

200 0 9 0 0 2 0 

210 0 5 0 0 0 0 

220 0 2 0 0 0 0 

230 0 2 0 0 0 0 

240 0 1 0 0 0 0 

axle load summary [kN]      

max            112,5     236,5     189,0     191,5     203,5     153,5 

avg            59,97   116,08     99,08   101,25   108,96     135,5 

sa            16,77     38,06     28,43     31,75     43,10     25,46 

tire pressure [kPa]      

max 1050 1015 980 980 945 840 

avg 756 798 805 819 826 840 

sa 105 77 63 56 49 0 

 
Table 9: Results of axle load surveys in Ghana. 

 

The results were obtained by means of axle load surveys carried out on different roads. In total 
787 trucks were surveyed. The trucks had either 2, 3, 4, 5 or 6 axles. The axle loads, including 

the number 1 steering axle, are reported in table 9. The table also shows the maximum axle load 
measured, as well as the average axle load and the standard deviation. Given the fact that the 
allowable was 100 kN, it is quite clear that severe overloading occured. This is a problem in many 

countries.  
The table also shows interesting information with respect to the tire pressures. Normally tires 
should operate at an inflation pressure of around 700 kPa. The table shows that the mean tire 

pressure was indeed close to this value but also that some very exotic values occurred. These 
high tire pressures certainly result in high contact stresses and in accelerated pavement damage. 
 

Table 10 shows results of axle load measurements as performed in Yemen [20]. Again one 
notices the large amount of very heavy, overloaded, vehicles.  
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Vehicle type  Axle    Axle load range [kN] 

      Min.  Max.  Average 

Heavy busses  1   30  58  46 
(1%)    2   49  107  84 
vehicle weight     82  164  130 

2 axle medium  1   33  63  47 

truck (34%)  2   75  144  115 
vehicle weight     115  191  162 

2 axle heavy  1   33  99  70 
truck (30%)  2   98  243  170 

vehicle weight     145  343  240 

3 axle truck  1   42  109  74 

(30%)   2   67  226  153 
   3   76  240  161 
vehicle weight     187  553  388 

4 axle truck  1   45  79  60 

(3%)   2   80  202  134 
   3   80  180  133 
   4   92  193  136 

vehicle weight     227  595  395 

5 axle truck  1   44  89  67 
(2%)   2   52  161  110 
   3   52  169  109 

   4   68  204  142 
   5   70  201  151 
vehicle weight     327  736  577 

 
Table 10: Axle loads for the Hodeidah – Sanaa road [20]. 

Note: the percentages given are the percentages of occurring. 
 

Table 11 is another example of overloading conditions. The results presented in that table are 

from axle load surveys done on the Jing-Zhu freeway in the Hubei province, China [21]. The 
table not only shows a significant amount of overloading (legal load limit is 100 kN) but also 
clearly indicates that the overload problem rapidly increased during the 1995 – 1998 period.  

 
From the information given so far, it is clear that an as good as possible estimation of the axle 

load distribution is essential. Overloading seems to be a problem in many countries and one 
should realize that especially the heavy, overloaded vehicles are causing most of the pavement 
damage.  

 
At this moment it is appropriate to recall the concept of load equivalency. This concept implies 
that one determines the damaging effect of a particular axle load relative to a standard axle load. 

The equivalent number of load repetitions is calculated using: 

Neq = (L/Lref)
m NL 

Where: Neq  = number of equivalent passages of the axle load considered, 

 L = axle load to be considered, 
Lref = reference axle load, 
NL = number of repetitions of the axle considered, 

m = damage factor. 
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The equation implies that if the reference axle equals 100 kN and assuming m = 4, a 200 kN axle 
produces 16 times more damage than the reference axle does. It should be noted that the value 

of m depends on which damage type is considered. If one wants to know the damaging effect of 
various axle loads relative to each other in terms of fatigue of the asphalt layer, then 3 < m < 6. 
If the effect on fatigue in a cement treated layer has to be considered, then 7 < m < 10. If the 

effect on the loss of serviceability needs to be considered then m = 4.    
 

  

Table 11: Axle loads on the Jing-Zhu freeway in China. 
 

6.2 Wheel loads 
One would expect that the wheel load is equal to the axle load divided by the number of wheels 
on the axle. This however is not true. Figure 53 e.g. shows that chamber of the pavement 

surface results in an unequal sharing of the axle load over both wheel groups of the axle.  
 

 
Figure 53: Chamber of the roads results in unequal sharing. 

 
The wheel group on the verge side of the road carries 52% of the load while the wheel group 

near the centre line of the road carries 47%. Wheel load measurements as carried out in Ghana 
[18] showed however that quite often the axle load was far from equally distributed over the 

wheels of the axle; some examples are shown in figure 54. The legal axle load limite at the time 
of the measurements was 100 kN. This implies that the heaviest axle load of 236.5 kN would 

Year Axle load (kN) 

< 60 60-100 100-130 130-150 150-180 >180 total 

no. % no. % no. % no. % no. % no. % no. % 

1995 893 25.86 811 23.49 811 23.49 420 12.16 352 10.19 166 4.81 3453 100 

1996 899 20.26 1027 23.15 1026 23.14 665 14.99 557 12.55 263 5.93 4437 100 

1997 981 18.74 1218 23.26 1217 23.24 815 15.57 682 13.02 322 6.15 5235 100 

1998 1078 17.66 1193 19.54 1192 19.52 1183 19.38 991 16.23 468 7.67 6105 100 
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result in (236.5 / 100)4  31 times more damage than the legal axle load. If we assume that the 

legal axle has 2 dual wheel sets, implying 4 wheel loads of 25 kN each, then the highest wheel 

load of 90 kN would result in (90 / 25)4  168 more damage than the 25 kN load. All this implies 

that we should determine the occurring wheel loads rather than the occurring axle loads. 
 

 
Figure 54: Examples of unequal sharing of the axle load over the wheels. 

 

6.3 Contact pressures 
As mentioned before, knowledge on axle and wheel loads is important but even more so is 

knowledge on the contact pressures. Wheel loads come in different sizes and shapes, some of 
them are shown in figure 55, and each of them produces a different contact pressure distribution.  
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Figure 55: Different tire types. 

 
The well known dual tire configuration is shown on the left of figure 55; it is used all over the 

world for the driven and towed axles. Normally these tires have an inflation pressure of around 
700 kPa. The steering axle of a truck always has a single tire, having the same dimensions as 
one of the dual tires. In western Europe however, most of the towed axles are equipped 

nowadays with a so called wide base or super single tire. This tire is shown on the far right of the 
picture. Normally the tire has an inflation pressure of 800 – 850 kPa. Use of super singles is 
reducing the total rolling resistance and does therefore reduce the fuel consumption. The super 

single tire cannot be used on the drive axle. Next to the super single tire, the super super single 
tire (50 cm width) is shown. This tire was developed for being used under the driven axle of 
trucks thereby replacing the dual wheel configuration. In between the super super single and the 

dual wheel is a small size dual wheel. This tire is not very much used yet. The idea behind it was 
that a smaller size tire would allow lowering the loading platform resulting in a larger loading 
capacity.  

 
In order to avoid excessive wear to the tire, the tire pressure should be selected in relation to the 
tire load. The following relationships can be used for this.  

 
The pressure used in the tires for dual wheels (1 axle has a dual wheel set on either side of the 

axle; total nr. of wheels = 4) can be estimated from: 
 
p = 0.35 + 0.0035 L 

 
Where: p = tyre pressure [MPa], 
 L = axle load [kN]. 

 
The pressure in the super single tyres (1 axle has one wheel on either side of the axle; total nr. 
of wheels = 2) can be estimated using: 

 
p = 0.42 + 0.0038 L 
 

The units in this equation are the same as used in the previous equation.  

20 cm                                        50 cm         34 cm  
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The consequences of less optimal combinations of tire load and tire pressure are shown in figure 
56. This figure shows that when the tire pressure is too low, the tire walls are carrying most of 

the load. This can result in rather high contact pressures at the edge of the. The combination of 
a 50 kN load with a 520 kPa pressure results in contact pressures under the wall of the tire of 
approximately 900 kPa. On the other hand, if the tire load is low and the tire pressure high, the 

contact pressure distribution becomes more or less parabolic with the peak value at the centre of 
the tire. From the results shown in figure 56 it is obvious that too high or too low tire pressures 
relative to the tire load will result in excessive damage to the tire but also to the pavement 

surface. 
The reader should pay attention to a small detail of figure 56. One can observe that the contact 

area is not a circle but a rectangle. Furthermore one will observe that when the load increases, 
the length of the rectangle (driving direction) increases but the width of the rectangle remains 
the same. 

Figure 57 [23] shows in much more detail the contact pressure distributions under a super single 
tire.   One clearly recognizes the location of the ribs of the tire. Next to that one will notice the 
lateral shear forces that develop under the tire as a result of the fact that the tire ribs cannot 

expand freely due to the friction generated by the pavement surface. It will be quite clear that 
these complex stress distributions should be taken into account when surface defects like 
raveling and rutting in the top layer need to be modeled. For the analysis of stresses and strains 

at a greater depth (more than 50 mm), modeling of the contact stresses can be significantly 
simplified. In such cases it is sufficient to assume a circular contact area with a homogeneously 
distributed contact pressure. It is common practice to assume that the contact pressure is equal 

to the tire pressure. One should realize however that this is a gross oversimplification of reality 
and leads to an underestimation of the stresses and strains in the top part of the pavement. This 
assumption should therefore only be applied if no other information is available. 

 

 
 

Figure 56: Vertical contact pressure distributions in relation to tire load and tire pressure. 
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Figure 57: Vertical contact pressure distribution (left) and lateral contact pressure distribution 

(right) under a super single tire. 

 
If one assumes that the contact pressure is equal to the tire pressure, then the radius of the 
circular contact area is calculated from: 

 
 r2 p = F 

 

Where: r = radius of the contact area, 
 p = contact pressure = tire pressure, 
 F = wheel load. 

 
There is however also a different method to calculate the radius of the contact area. This method 

is used in the design of concrete pavements. Knowing that the contact area is a rectangle in 
reality, an equivalent radius is calculated using: 
 

a = b √(0.0028*F + 51)                                                                                             
 
Where: b = parameter dependent on the type of tire (table 11) 

F = average wheel load (N) of the axle load group 
 
 

Type of tire Width of rectangu- 

lar contact area(s) 
         (mm) 

 Value of para- 

   meter b  
 

Frequency distribution (%) 

 roads public transport bus lanes 

Single tire 200 9.2    39 50 

Dual tire 200 12.4    38 50 

Super single tire 300 8.7    23 0 

Super super single 

tire 

400 9.1     0 0 

 

Table 11: Value of parameter b for different tire types. 
 

It should be noted that the contact pressure calculated from the wheel load and the equivalent 
radius of the loading area is higher than the tire pressure. 
 

A number of attempts have been made to model the contact pressure distributions under a tire. 
De Beer e.a. [22] have done a significant amount of work, but also the work done by 

 Vertical           2 
 pressure 
 [MPa] 

 0.4 MPa Lateral pressure 

-0.4 MPa 
front 

rear 
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Groenendijk [23] and Fernando e.a. [24] should be recognized. Based on a large number of 
measurements, Fernando e.a. [24] developed the computer program Tireview that allows the 3D 

contact pressure distributions to be calculated for a number of tires, depending on the tire load 
and tire pressure. They also calculated to what extent these distributions should really be taken 
into account meaning: at which depth is a simplified contact pressure distribution acceptable. 

Similar work has been done by Groenendijk [23], Myers [25] and Blab [26] and also the work 
done by Wardle and Gerrard [17] on this topic as well as early work done by Verstraeten [16] 
should be mentioned. 

The results of these studies will be summarized briefly hereafter and guidance for preparing input 
for multi layer analyses will be given. 

 
Based on a large number of measurements, Fernando e.a. [24] concluded that for different radial 
tires used in dual wheel configurations, the contact area could be calculated as follows. 

 

Tire type Equation to predict contact area A 

215/75R17.5 A = 36.9172 + 0.0059 TL – 0.1965 TP 

11R24.5 A = 41.9417 + 0.0087 TL – 0.2228 TP 

11R22.5 A = 54.4740 + 0.0066 TL – 0.4258 TP 

295/75R22.5 A = 173.2141 + 0.0061 TL – 3.1981 TP + 0.0164 TP
2 

A Predicted contact area [in2] 

TL Tire load [lbs] 

TP Tire inflation pressure [psi] 

   

Table 12: Contact area for different tire types. 
 

Fernando proposes to calculate an equivalent contact pressure, pe, by dividing the wheel load by 

the predicted contact area.  
 
pe = TL / A 

 
The effective radius of the contact area, re, is the calculated following: 
 

re =  (A / ) 

 
Fernando showed that this way of calculating the contact pressure and contact area had a 

significant effect on the magnitude of the stresses calculated in the top 50 mm of the pavement 
when compared with the stresses and strains calculated using the traditional approach where the 
contact pressure is assumed to be equal to the tire pressure. At a greater depth the differences 

between the two approaches became insignificant. 
 
Groenendijk [23] analyzed in his study the contact pressure distributions under super single tires. 

Just like Fernando he used the South African VRSPTA device (figure 58) to perform the contact 
pressure measurements. Figures 59, 60 and 61 show some typical results. 
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Figure 58: South African VRSPTA used for contact pressure measurements. 
 

 

 
 

Figure 59: Foot print length of a new super single tire (R164BZ) in relation to the applied wheel 
load. 
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Figure 60: Variation of the vertical stresses along the width of the tire (new R164BZ) in relation 
to the applied wheel load. 

 

 

 
 

Figure 61: Variation of the transverse shear stresses along the widh of the tire (new R164BZ) in 
relation to the applied wheel load. 

 
Figures 62 and 63 show the longitudinal and transversal shear stress distributions as modeled by 
Groenendijk using the results of the contact pressure measurements.  
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Figure 62: Modeled distribution of the longitudinal shear stresses. 

 
 

 
 

Figure 63: Modeled distribution of the transverse shear stresses. Top due to compression of the 
tread ribs. Bottom: due to overloading/underinflation (solid) or underloading/overinflation 

(dotted).     

  
From these figures we observe that the width of the foot print is almost independent of the 
wheel load, only the length of the foot print changes with changing loading conditions. 

Furthermore similar trends are observed with respect to the vertical contact pressure as shown in 
figures 56 and 57, being high stresses at the edge of the tire if the tire pressure is too low with 
respect to the wheel load and high stress in the centre of the tire when the tire is over-inflated. 

Furthermore a zigzag pattern is observed for the lateral shear stresses.  
From his data, Groenendijk proposed the following equations to predict the length of the contact 
area and the vertical stresses and longitudinal and transversal shear stresses. 
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Zlen = 115 + 5.70 F – 3.11 * 10-3 F p 
ZaveMi = 422 – 1.2 F + 4.60 * 10-3 F p + 0.322 p + 8.60 v 

ZaveEd = 85.5 + 9.25 F + 0.290 p + 12.9 v 
XmaxMi = 10.3 + 2.56 F – 1.15 * 10-3 F p + 2.50 v 
XmaxEd = 29.6 + 2.12 F – 1.19* 10-3 F p + 1.96 v 

XminMi = -30.4 – 1.55 F – 8.68 * 10-4 F p – 2.02 v 
XminEd = 18.0 – 3.61 F + 1.12 * 10-3 F p + 0.0394 p - 3.21 v  
Yampl = (114 – 0.682 F + 2.05 * 10-3 F p) / 2 

 
Where:  Zlen = tire foot print length [mm], 

ZaveMi = average vertical contact stress over the middle 60% of the tire width [kPa], 
ZaveEd = average vertical contact stress over the edge 2 * 20% of the tire width [kPa], 
XmaxMi = maximum longitudinal shear stress averaged over the middle zone, 

XmaxEd = id averaged over the edge zone, 
XminMi = minimum longitudinal shear stress averaged over the middle zone, 
XminEd = id averaged over the edge zone 

Yampl = amplitude of the lateral shear stress zigzag pattern over the tire width [kPa], 
F = wheel load [kN], 
p = tire pressure [kPa], 

v = speed [m/s] (effect only studied for speeds up to 4 m/s !!!) 
 

It should be noted that the contact stresses calculated using the equations given above are those 
acting under the tire ribs. They should not be smeared out over the entire tire footprint including 
the grooves! The 2 edges having a width of 20% of the entire width and don’t have grooves. In 
the middle part there are 5 grooves cq 4 ribs. 
 
It will be clear that such a complex contact pressure distribution can only be properly taken into 
account by means of a finite element program. Also a multi layer program can be used but in 

that case a large number of circular loads must be used to simulate the real load.  
All in all it is quite clear that an as accurate as possible modeling of the load conditions is needed 

in order to be able to make realistic assessments of surface damage types like raveling, surface 
cracking and rutting in the wearing course. Therefore some suggestions to model the load are 
given in table 13. This table is based on the following assumptions. 

 
Assume a super single load of 750 kN with a tire pressure of 850 kPa. Using Groenendijk’s 
equations we obtain the following values for the size of the loaded area, the vertical pressure and 

lateral shear stresses. 
 
Zlen = 344 mm 

ZaveMi = 898 kPa 
ZaveEd = 1026 kPa 
Yampl = 193 kPa  

 
A close observation of the load model presented in table 13 shows that it is not that easy to 
match the real contact distribution by means of a combination of circularloads. Better 

representations of the actual load conditions are possible if more circles are used. 
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Outer strip 60 mm wide Centre strip 180 mm wide Outer strip 60 mm wide 

Length 344 mm Length 344 mm Length 344 mm 

Area 20640 mm2 

Total load 21.175 kN 

Area including grooves 61920 

mm2, total load 32.65 kN 
Area excluding grooves 
approximately 48000 mm2 

Meaning approximately 12000 
mm2 per rib 

Area 20640 mm2 

Total load 21.175 kN 

Model outer strip by 6 circles  Model each rib by 6 circles Model outer strip by 6 circles 

Radius 33 mm  Radius 22 mm Radius 33 mm  

Vertical uniformly distributed 
pressure 1026 kPa  

Vertical uniformly distributed 
pressure 898 kPa  

Vertical uniformly distributed 
pressure 1026 kPa 

          
Table 13: Suggestion to model the vertical contact pressure distribution under a super single tire 

(F = 75 kN, p = 850 kPa). 
 

Note: suggestions for the longitudinal and transversal shear stress distributions are not made because of the relatively 
low values of these stresses.  

 

For thickness design purposes the following approach is recommended. Determine the contact 
area for the tire considered using the equations provided by Fernando for tires used in dual 

wheel configurations and the equation provided by Groenendijk for super single tires. Calculate 
the effective contact pressure and the effective radius of the loading area following the procedure 
suggested by Fernando.  

 
For analyses of surface damage like raveling, rutting and surface cracking an as detailed as 
possible modeling of the actual loading conditions should be used. The data provided by 

Groenendijk [23] and Myers [25] give useful guidance in doing so. 
 
 

7. Climatic data 

 

7.1 Introduction 

Temperature has a significant effect on the stiffness as well as the fatigue and permanent 

deformation resistance of asphalt mixtures. It is therefore quite obvious that accurate knowledge 
of the temperature distribution in the pavement should be available in order to allow realistic 
analyses of the stresses and strains in asphalt pavements to be made. Furthermore moisture has 

a significant effect on the stiffness and strength characteristics of unbound materials and soils. In 
this chapter, information will therefore be given on how values for these important input 
parameters can be obtained. 

 

7.2 Temperature 
The temperature distribution in the pavement layers can vary significantly during the day and 

during the seasons of the year. Figure 64 [27] e.g. shows the temperature distribution during a 
hot spring and a hot summer day. On should realize that the surface temperatures can easily be 

5 0C higher than the temperatures measured at 10 mm below the pavement surface. Figure 65 
[27] shows the temperature gradient that exists over the asphalt layer thickness in case of the 
hot summer day shown in figure 64. 
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Figure 64: Temperature variations during the day over a the thickness of the asphalt pavement. 

 
 
 

 
 

Figure 65: Temperature gradient in an asphalt pavement on a hot summer day. 
 

From these figures it is clear that assuming a constant temperature over the thickness of the 
asphalt layer is far from reality unless one is dealing with thin asphalt layers. Furthermore the 

total asphalt thickness is commonly made of different types of asphalt mixtures, especially in 
case the total thickness is larger than 100 mm, which implies that even when the temperature is 
constant over the entire thickness, different stiffness values will be found for the different layers 

of which the total asphalt thickness is made of. 
Van Gurp [27] in his thesis presents a method to deal with temperature variations over the total 
asphalt thickness. He divided the total thickness into three sub-layers (figure 66) and defined an 

equivalent asphalt thickness, h1,eq in the way as described in figure 67. This equivalent thickness 
has a modulus value equal to the modulus of the third sub-layer. 
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Figure 66: Dividing the total asphalt thickness in sub-layers. 

 

 
 

Figure 67: Calculation of the equivalent asphalt thickness h1,eq. 
 

The equivalent asphalt thickness is calculated as follows. 

 
h1,eq = (h1 / 4) * [(n1

2n2
2 + 64 n1n2

2 + 110n1n2 + 16n2
2 + 64n2 + 1) / (n1n2 + 2n2 + 1)]0.33 

 
Where: h1,eq = equivalent total asphalt thickness with stiffness E1,3, 
 n1 = E1,1 / E1,2, 

 n2 = E1,2 / E1,3. 
 
This equation is valid under the assumption that h1,1 = ¼ h1 and h1,3 = ¼ h1 and that the 
temperature is uniformly distributed over each of the sub-layers. The mean temperature of each 
sub-layer is used to calculate the modulus of that sublayer. 
 
In order to be able to take into account the effects of temperature gradients, Van Gurp also 
defined a thermal gradient parameter (TGP) being: 
 

TGP = 1 – h1,eq / h1 
 
TGP takes a positive value when the top part of the total asphalt thickness is softer than the 

bottom part. Depending on TGP, a correction on the tensile strain calculated at the bottom of the 
asphalt layer, should be applied following: 
 

r,corr = r,uncorr * (1 – TGP) 

 
Where: r,corr = asphalt strain corrected for thermal gradients, 
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 r,uncorr = asphalt strain uncorrected for thermal gradients, 

 TGP = thermal gradient parameter, see figure 68. 

 

 
 

Figure 68: TGP vs strain correction required. 

 
The procedure to use all this is as follows: 

a. calculate h1,eq, 

b. calculate the tensile strain r,uncorr at the bottom of h1,eq, 

c. calculate TGP, 
d. calculate r,corr. 

 
Van Gurp also presented a method to predict the asphalt temperature at a depth from the 
pavement surface of 1/3 of the total asphalt thickness. This equation is: 

 
T = 8.77 + 0.649 T0 + (2.20 + 0.044 T0) sin {2 (hr – 14) / 24} + 

       + log (h1 / 100) [-0.503 T0 + 0.786 T5 + 4.79 sin {2 (hr – 18) / 24}] 

 

Where: T = temperature at a depth of 1/3 h1 from the pavement surface, 
 T0 = pavement surface temperature [0C], 

 T5 = prior mean five days air temperature [0C], 
 h1 = thickness of the asphalt layer [mm], 
 hr = time of the day in 24 hour system.   

 
It is clear that the determination of the temperature to be adopted in the pavement design 
analysis can be a rather cumbersome task especially if large variations in temperature occur 

during the day and during the year. For that reason several simplification procedures have been 
developed and the one prepared for the Shell Pavement Design Manual [28] will be briefly 
described here-after. 

Based on a large number of calculations, Shell researchers [29] concluded that it is possible to 
define a weighted mean annual air temperature (w-MAAT) such that the damage that 
accumulates over one year is the same as by taking into account varying temperature conditions 

over a year. In order to so, a weighing factor has to be determined (figure 69 and table 14) using 
the mean monthly air temperature (MMAT) as input. When the weighing factor is known, the 
weighted mean annual air temperature can be determined. The procedure is explained by means 

of an example. 
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Figure 69: Temperature weighing chart. 

 

Month Mean monthly air temperature MMAT [0C] Weighing factor from figure 68 

January 8 0.21 

February 8 0.21 

March 12 0.36 

April 16 0.62 

May 19 0.93 

June 22 1.40 

July 26 2.35 

August 28 3.00 

September 22 1.40 

October 19 0.93 

November 12 0.36 

December 6 0.16 

 Total of weighting factors 11.93 

 Average weighting factor = total / 12  1 

 Weighted mean annual air temperature w-MAAT 

determined from figure 68 

 20 oC 

 

Table 14: Example how to calculate the weighted mean annual air temperature. 
 

When the weighted mean annual air temperature is known, the effective asphalt temperature is 

estimated using figure 70.  
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Figure 70: Effective asphalt temperature as a function of MMAT (also w-MAAT can be used) and 

the asphalt layer thickness. 
 

It should be noted that the Shell procedure described here can be used for the thickness design 
of asphalt pavements but not for permanent deformation analyses. In those case one should take 
into account the real temperature distributions.  
 

7.3 Moisture  
Moisture has a large effect on the stiffness and bearing capacity of soils and unbound materials 

and for that reason it is important to qualify and quantify these effects. If no evaporation occurs 
and there are no changes in the groundwater level, the moisture conditions can be estimated 
from the suction characteristics of the soil. Figure 71 shows these characteristics for a number of 

soils.  

  
Figure 71: Suction characteristics of various soils. 
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In figure 71, the suction is given as the log10 of cm of water column. This means that at a pF = 2, 
meaning a suction of 100 cm of water column, the moisture content in a well graded sand is 

about 8% while in the heavy clay it is 32%. This implies that at a height of 100 cm above 
groundwater level the moisture content in the sand equals 8% and 32% in the clay. It will be 
clear from the discussion so far that the pF curve provides very important informating for 

estimating the moisture content above the groundwater level. From the figure it becomes clear 
that if evaporation is prevented and the groundwater level is 10m below the ground level, the 
moisture content near the surface of a heavy clay is still 27% (10 m above groundwater level = 

1000 cm above groundwater level, read the graph at pF = 3). All this means that in this case a 
rather stable moisture profile develops above the groundwater level.  

In case we have a 5m thick well graded sand on top of a heavy clay and the groundwater level 
would be 10m below the surface, then the moisture content at the top of the sand layer would 
be 4% (read moisture content at pF = 3). At 5m below the surface, the moisture content at the 

top of the clay would be 28% and at the bottom of the sand layer 5.5 (read pf curves at pF =  
log 500 = 2.7). 
Of course the moisture profile is more complex in reality because of drying or wetting of the top 

part of the soil. This is schematically shown in figure 72. 

 
Figure 72: Moisture content variations due to drying and wetting. 

 

Similar conditions occur in the pavement shown in figure 73 
 

Figure 73 nicely shows that the zone of moisture variation, and so the zone of variation in 

bearing capacity and stiffness, can coincide with the area in which the outer wheels of trucks and 
lorries are loading the pavement. Especially during the wet period this can give rise to significant 
pavement problems because in that period the bearing capacity of the soil will be low (because of 

wetting) at locations where the stresses due to traffic are the highest. Also in the dry season this 
can create problems especially when the subgrade shrinks due to moisture loss. Shrinkage near 
the pavement edge can result in longitudinal cracks in the pavement near the pavement edge.  

It has however been shown that moisture variations are almost negligible at a distance of 
approximately 1.2 m from the pavement edge. This implies that if a paved shoulder is applied 

having a width of 1.2 m or more, the zone that is influenced by the traffic loads doesn’t coincide 
with the zone subjected to seasonal moisture variations. 
 

natural moisture content 

moisture content due to 
wetting 

moisture content due to 
drying 
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Figure 73: Variation in moisture content occur near the pavement edge. 

 

 
A typical example of pavement damage that occurs due to drying of the soil is shown in figure 74. 
 

 
Figure 74: Due to an extended dry period, the subgrade under the pavement edge started to 

shrink resulting in significant cracking at location of the arrow.  
 

Figure 74 was made when making a study of extensive longitudinal cracking in the verge and in 

the pavement near the edge observed in several roads in Surinam after an extended period of 
draught. 
 

Figure 75 shows the changes that occurred in the groundwater level near a polder road with a 
peat subgrade in the Netherlands after a relatively hot and dry summer. The draught problem 
became severe because of the presence of willows near the pavement edge. These types of trees 

are “heavy drinkers” and lowered the groundwater level even further resulting in excessive 
shrinkage and cracks in the pavement.  
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Figure 75: Changes in the transverse profile of a polder road due to shrinkage of the peat 

subgrade due to moisture loss in a hot and dry summer and the presence of poplars and willows. 
Note: 1. the numbers on the lines give the dates (day/month), 
 2. weiland = grass land, wilg = willow, weg = road, berm = verge, sloot = ditch, 

3 vertical axis shows depth of ground water level measured from the top of the pavement. 

 
Although it is clear that suction curves are extremely useful for the determination of moisture 

profiles, those curves are not readily available. Determination of soil suction in the laboratory is a 
time consuming test that has to be performed with great precision. If such curves are not 
available, soil suction of fine grained soils may be estimated by means of the equations given 

below which were reported by Saxton e.a. [30]. 
 
 = 100 A B  

 
Where:  = water potential or matrix suction [kPa], 

 = volumetric moisture content [m3 / m3], 

For 10 <  < 1500 kPa 

A = exp [-4.396 – 0.0715 C – 4.880 * 10-4 S2 – 4.285 * 10-5 S2 C] 
B = -3.140 – 2.22 * 10-3 C2 – 3.484 * 10-5 S2 - 3.848 * 10-5 S2 C 

S = percentage sand being all particles between 2 mm and 50 m, 

C = percentage clay being all particles smaller than 2 m. 

 

For the Mechanistic Empirical Design System developed for AASHTO a set of equations was 
developed to determine the relationship between suction “h” in psi  and the volumetric water 
content w. These equations, taken from [31], are presented below. 

Keep in mind that the volumetric moisture content is needed as input. This means that the 
optimum moisture content which is obtained from the moisture – density relationship determined 
with the Proctor test (which is a mass %) needs to be translated from a moisture content by 

mass into a volumetric moisture content  
 
opt  = wopt  dmax / water     
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Sopt  = opt / [1 - dmax / (water Gs)]   

sat  = opt / Sopt      

 
Where: 
wopt = the optimum moisture content as determined by means of the Proctor test, 

dmax  = maximum dry density determined by means of the Proctor test, 

Gs  = specific weight of the solids. 
 

w = C(h) *  [sat / [ln [exp(1) + (h / af)
bf]]cf ] 

 
C(h) = 1 – [ln (1 + h / hr) / ln (1 + (1.45 * 105 / hr))]  
 

Where h = suction in [psi] 
 

The coefficients in the equation are calculated in the following way 
 

a. If P200 * PI > 0 

 
af = [0.00364 * (P200 * PI)3.35 + 4 * (P200 * PI) + 11] / 6.895 
 

bf / cf = -2.313 * (P200 * PI)0.14 + 5 
 
cf = 0.0514 * (P200 * PI)0.465 + 0.5 

 
hr / af = 32.44 * e0.0186(P200*PI) 
 

b. If P200 * PI = 0 
 
af =0.8627 * (D60)

-0.751 / 6.895 

 
bf = 7.5 

 
cf = 0.1772 * ln D60 + 0.7734 
 

hr / af = 1 / (D60 + 9.7 * e-4) 
 
[af, hr] = [psi] 

 
P200 = percentage passing the no.200 sieve [not in % but in decimal!] 
PI = plasticity index 

D60 = effective grain size corresponding to 60% passing by weight 
 
Reference [31] mentions that P200 and D60 can be determined from a grain-size distribution test 

according to AASHTO T27. In table 15 the sieve sizes used in AASHTO T27 as well as the sizes in 
[mm] are shown. In [31] it is not specified whether the D60 is specified in [mm] or [inches] but it 
is assumed that it is in [mm] because this unit is used in figure 76 which is taken from [31]. 

 
When direct measurements of wopt, dmax, and Gs are not made they can be estimated following 

relationships. 

 
Gs = 0.041 * (P200 * PI)0.29 + 2.65 
Sopt = 6.752 * (P200 * PI)0.147 + 78 
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If P200 * PI > 0 then wopt = 1.3 * (P200 * PI)0.73 + 11 
 

If P200 * PI = 0 then wT99 = 8.6425 * (D60)
-0.1038 

If the layer is not a base course then wopt = wT99 

If the layer is a base course then wopt = wT99 - wo 

wo = 0.0156 * wT99
2 – 0.1465 * wT99 

 
d max comp = Gs * water / (1 + wopt * Gs / Sopt) 

 
If the layer is a compacted material d max = d max comp 

If the layer is a natural in-situ material d = 0.9 * d max comp 

 

One comment should be made with respect to the units to express suction. In the past it was 
common practice to express suction pF in terms of the log of the water head “h” expressed in 
[cm]. 

So: pF = log h and with 100 cm water head pF would be: pF = log 100 = 2. 
 
Later on suction was expressed in [kPa] or [psi]. This is how suction is expressed in the 

equations given above. Some relations to translate the one unit into the other are given below. 
 

Suction [kPa] = 0.098 * e2.30267 pF 

kPa = 0.098 * [cm waterhead]  
 

 
 

Table 15: Sieve sizes used in AASHTO T27.  
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Figure 76: Degree of saturation in relation to matric suction D60, P200 and PI.  

 
Côté and Konrad presented an elegant procedure to estimate the hydraulic characteristics of 

unsaturated base-courses [32]. They used a schematized representation of the suction curve as 
shown in figure 77. The three most important parameters in this figure are s (saturated 

volumetric water content which is equal to the porosity of the soil n), a (air entry value) and the 

slope of the curve  (pore size distribution index). These parameters can be estimated using the 

following equations. 
 
log a = 3.92 – 5.19 nf 

 
Where: a = air entry value [kPa], 

nf = porosity of the fine fraction = n / nc, 

 nc = porosity of the coarse fraction = n + (1 – n) F, 
 n = porosity of the entire skeleton including coarse and fine fraction = 1 - d / s, 

 d = dry density [kg/m3], 

 s = density of the particles [kg/m3], 

 F = fines content (particles smaller than 50 m) [%]. 

 
 = 0.385 – 0.021 nf

0.65 Ssf 

 
Where: Ssf = specific area of the fines fraction (to be determined in the laboratory) [m2/g]. 
 

As a crude estimation, the specific surface area can be calculated from the grain size following 
 
log Ssf = -1.4657 log d – 5.7402 with [Ssf] = [m2/g] and [d] = [m] 

 
Also the saturated hydraulic conductivity, ks, can be estimated using: 
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log (ks * Ssf) = 9.94 nf -12.64            [ks] = [m / s] 
  

 
Figure 77: Idealized suction curve according to Côrté and Konrad. 

 
Although techniques are available to estimate the equilibrium moisture content using soil suction 

information, the equilibrium moisture content is also quite often estimated from regression 
equations developed from field observations. Examples of such equations [135] are given 
hereafter. 

 
Unbound subgrade: 

EMC / OMC = 0.0084 LL0.7 P0.425
0.3 + 0.34 ln (100 + Im) + 0.11 P75 / OMC – 0.0036 P0.425 – 0.89  

 
Non plastic subgrade: 

EMC / OMC = 0.19 P75 / OMC + 0.0040 Im – 0.0036 P0.425 + 0.53 
 
Where: EMC = equilibrium moisture content [%], 

 OMC = optimum moisture content determined by means of the modified Proctor test, 
 LL = liquid limit [%], 
 P0.425 = percentage passing the 0.425 mm sieve, 

 P75 = percentage passing the 75 m sieve, 

 Im = Thornthwaite moisture index. 
 

Im = 100 * P / PET – 1 
 
Where: P = annual precipitation [mm], 

 PET = potential annual evaporation [mm]. 
 
PET is calculated following: 

 
PET = 1

12 MPET  

Where Di = daylength correction factor for month I, 

Ni = number of days in month i. 



 104 

MPET = 16 * [10 * Ti / TE]a [mm/month] 
a = 6.75 * 10-7 * TE3 – 7.71 * 10-5 * TE2 + 1.792 * 10-2 * TE + 0.49239 

TE = 1
12 (Ti / 5)1.514 

 
Where: Ti = mean air temperature in month i [oC] 

 
Typical values for Thornthwaite moisture index are given in table 16. 
 

          Thornthwaite Index Climate classification 

   Im >100  peri-humid 
  20<  Im <100  humid 

    0< Im <20  moist sub-humid  
            -20< Im <0  dry sub-humid 
            -40< Im <-20  semi-arid 

              Im <-40  arid  

 
Table 16: Typical Thorthwaite Index values. 

 

It is suggested to use the unsoaked CBR values for subgrade design if EMC / OMC < 1.7. 
 
 

8. Asphalt mixtures 
 

8.1 Introduction  
Asphalt concrete is a mixture of aggregates (very often crushed aggregates), sand, fines or filler 

and bitumen. We will not discuss in these notes the types of asphalt mixtures, and the production, 
laying and compaction of asphalt mixtures. The reader interested in those topics is referred to 
e.g. [134]. In this chapter we will focus on the mechanical characteristics of asphalt concrete 

which need to be known in order to be able to design the thickness of a flexible pavement. These 
characteristics are the stiffness of the mixture as well as its resistance to fatigue and permanent 
deformation. In this chapter we will discuss extensively how information on these characteristics 

can be obtained, which tests need to be done and which techniques are available to estimate 
these parameters from simple indicators like volumetric composition of the mixture and the 
characteristics of the bituminous binder.  

The binder properties have a huge effect on the mixture properties so ample attention will be 
paid to the assessment of the binder properties. These properties are dependent on the type of 
bitumen, on temperature and loading time, and on climatic conditions in general which affect the 

level of aging (hardening) of the bituminous binder.  
Although volumetric composition and binder characteristics do have a huge effect on the mixture 
properties, one should never forget that also the interaction between the aggregates and the 

bituminous binder is very important especially when it comes to the resistance of the mixture to 
water (as fluid and vapor). Therefore attention will also be paid to the factors that control the 

adhesion between the bituminous binder and the aggregates. 
 
Before we discuss how to obtain information on mixture stiffness and resistance to fatigue and 

permanent deformation etc a short presentation will be given about similarities between soils and 
asphalt mixtures. Let us recall the three basic soil structures which are shown in figure 78. 
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Figure 78: Three basic soil structures. 

 
Not only soils but also asphalt mixtures can be categorized in these three groups. Structure A is 
typical for a stone skeleton mixture like porous asphalt concrete while structure C is typical for a 

mastic type of asphalt concrete.  
In case of soils, the binder (being the fine material) plays an important role and the 
characteristics of the fines are dependent on the type of fines and the moisture content. The type 

of fines are characterized by means of the liquid limit (LL) and the plastic limit (PL) which are in 
fact parameters indicating the viscosity of the soil/water mixture. The moisture content 
determines whether the fines are behaving more like a solid or more like a fluid.  

In asphalt concrete the “fine fraction” (the binder) is formed by the mastic which is the mixture 
of bitumen with the fine aggregate fraction (< 72 m). The characteristics of the mastic are 

highly influenced by the viscosity characteristics of the bitumen. Temperature and loading time 

determine whether the bitumen and so the mastic behaves more like a fluid or more like a solid. 
The analogy between soils and asphalt concrete is therefore as follows: 
 

Soils     Asphalt concrete     
Fines     Mastic 
Plasticity characteristics   Viscosity characteristics 

Moisture    Temperature and loading time 
Confinement is important  Confinement is important 

 
All this means that if one has a good understanding of the behavior of soil structures one also 
has a basic understanding of the behavior of asphalt mixtures. 
 

8.2 Mixture stiffness 
 

8.2.1 Mixture stiffness determined by means of testing 
Repeated load tests are needed to obtain the stiffness characteristics of asphalt mixtures in 
relation to the loading time and temperature. Tests which are suitable to determine the mixture 
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stiffness are the 2 point, 3 point and 4 point bending test, the tension test, the tension – 
compression test and the indirect tension test; figure 79 is showing some of these tests.  

Figure 79. doesn’t show the triaxial test but that certainly doesn’t mean that this test is 
considered to be of less importance. It is true that the triaxial test is a bit more complex than the 
tests shown in figure 79 but it is an essential test when mixture characteristics need to be 

determined at higher temperatures and longer loading times and in cases when the mixture is 
subjected to a 3D compressive stress field. Such conditions occur in the top layer of the 
pavement under slow moving traffic and high temperatures. Since at those conditions the 

bituminous binder has a limited stiffness, most of the “strength” of the mixture has to be 
“delivered” by the aggregate skeleton which, as we know from our classes on soils and 

aggregates, is very much dependent on the amount of confinement. It will be clear from this 
description that the triaxial test is a very important one in characterizing the permanent 
deformation resistance of asphalt mixtures. The triaxial test will therefore be discussed 

extensively in the section on permanent deformation.  
 

 
 

 
 

Figure 79: Examples of tests to determine mixture stiffness. Upper left:4 point bending test. 
Upper right: 2 point bending test. Lower left: indirect tension test. Lower right: direct tension test. 
 

Figure 80 is showing the response of beam or tension – compression test specimen when 
subjected to a sinusoidal load signal. One clearly observes a time lag  (phase angle) between 

the load a displacement signal. This is caused by the visco-elastic behavior of the asphalt mixture. 
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Figure 80. Displacement response observed in a tension – compression test when the specimen is 

subjected to a sinusoidal load signal. 
 

The question now is why asphalt mixture is showing a visco-elastic behavior. This is because the 

bituminous binder is a visco-elastic material. It behaves like a fluid, as a viscous material, at high 
temperatures (this property is very important because it allows us to mix the aggregates with the 
bitumen) and as a solid, as an elastic material, at low temperatures. In between the material 

behaves visco-elastically. This will be discussed in more detail when discussing the time – 
temperature dependency of the bitumen stiffness. 

 
Figure 81 is an example of the dependency of mixture stiffness on loading time and temperature 
as determined by means of the 4 point bending test. Figure 81 tells us that the stiffness of the 

mixture decreases with increasing loading time and with increasing temperature. The loading 
time/temperature dependency of the asphalt stiffness is of course caused by the bitumen which 
is a fluid a high temperatures and a solid at low temperatures.  

The figure also shows that a master curve for the mixture stiffness at 15 0C has been developed. 
This master curve shows the relation between mixture stiffness at a particular temperature and 
the loading time over a very large loading time range. It is constructed by moving the stiffness vs 

loading time relations obtained at different temperature horizontally such that a continues 
stiffness vs loading time curve at 15 oC is obtained. Several computational techniques are 
available for construction of master curves such as the Arrhenius equation and the Williams – 

Landel – Ferry (WLF) equation. This will be described in more detail when discussing the loading 
time/temperature dependency of the bitumen stiffness.  
 

Also the phase angle shows a dependency on loading time and temperature. At low temperatures 
when the bitumen is a solid and behaves elastically, the phase angle will be zero. At those 
conditions the maximum value for the stiffness of the asphalt mixture will be obtained. Figure 82 

shows, as an example, the master curves for the mixture stiffness and phase angle at 20 oC as 
determined for a particular mixture. 
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Figure 81. Example of the relation between mixture stiffness, temperature and loading time. 
 

This will  
Figure 82. Master curves for mixture stiffness and phase angle at 20 oC as determined by means 
of the uniaxial tension – compression (UTC) test for a particular mixture using different specimen 

sizes indicated with “size 0.5” etc. 
 

Figure 82 [41] shows that there was no specimen size effect (meaning the results were not 
affected by the dimensions of the specimen) when determining the mixture stiffness with the 
UTC test. It was furthermore shown in [41] that there was also no specimen size effect on the 

mixture stiffness when determined with the 4 point bending test or the indirect tension test. 
In our stress and strain analyses we normally assume that the asphalt mixtures behave like 
isotropic materials; this however can be disputed. Especially in case of coarse grained mixtures 

and the presence of flaky aggregates (aggregate particles are never perfect spheres) it can very 
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well be that the asphalt mixture should be treated as an anisotropic material which implies that 
the stiffness in the vertical direction differs from the stiffness in the vertical direction. It will be 

clear that anisotropic behavior can very well be further “enhanced” during compaction. In a 
pavement, compaction is in the vertical direction forcing somewhat elongated particles to lay flat. 
All these effects might also cause differences in properties between laboratory and field 

compacted specimens.  
 
Figure 83 [41] shows the stiffness modulus of a particular mixture in relation to test type, 

temperature, loading time and specimen size. The mixture was a dense asphalt concrete mixture 
which is used for wearing courses. The maximum grain size was 8 mm and it contained 6.5% 

bitumen by mass of a 45 pen bitumen. It was compacted with a shear box compactor (figure 84) 
to a design void content of 4%. In this way blocks with dimensions of 450 * 160 * 150 mm were 
produced from which specimens were cut. 

 
From figure 83 one can conclude that the differences in mixture stiffness determined with the 4 
point bending tests and UTC test are small and, as mentioned before, also the effect of specimen 

size is negligible. At lower temperatures (e.g. 10 0C) the differences between the modulus values 
obtained with the indirect tension test and those determined with the other test methods are also 
very small. At higher temperatures the stiffness values as determined with the indirect tension 

test is clearly lower than those determined with the other two test methods. This might be due to 
the differences in stress conditions between the indirect tension test and the other two test 
methods.  

 
Strain (or stress) dependency of the mixture stiffness was shown by Medani [121] in his research 
on the performance of wearing courses for steel bridge decks. Figure 85 shows the stiffness 

master curve of a mastic asphalt concrete in relation to the applied strain level. The maximum 
grain size used in this mixture was 8 mm, it contained 8.8% SBS modified bitumen and the void 
content was 1.5%.  

 
Figure 85 shows that at 20 0C the strain dependency of the mixture stiffness appears to be 

higher at lower frequencies. This also implies that the strain dependency increases with 
increasing temperature since a higher temperature has the same effect on the stiffness of 
bituminous mixtures as a lower loading frequency (longer loading time).  

At 0.5 Hz this dependency could be written as: 
 
Smix = 4169 -0.386 

 
While for the 10 Hz data the dependency could be written as 
 

Smix = 2389 – 0.953  

 
In both equations Smix is the mixture stiffness in [MPa],  is the applied tensile strain in the 4 

point bending test in [m/m].  

 
These results indicate that it is wise to do modulus testing at several strain levels especially if 
fairly high strain levels and temperatures are to be expected in the asphalt mixture. 

 
The stress/strain dependency of the asphalt mixture stiffness will be discussed in greater detail 
when discussing the resistance to permanent deformation.  
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Figure 83. Mixture stiffness in relation to temperature, loading time and test type 
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Figure 84a. Shear box compactor. 

 

 
Figure 84b. Stresses applied on the specimen during compaction with the shear box compactor  

 

 
 

Figure 85. Strain dependency of the mixture stiffness at 20 oC [121]. 
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8.2.2 Mixture stiffness determined with nomographs and equations 
If testing of the mixture is too cumbersome, one can estimate the mixture stiffness by using one 

of the available nomographs to predict the mixture stiffness from the bitumen stiffness and the 
volumetric composition. Examples of such nomographs are those developed by Shell (figure 86 
[33]) and the one developed by the Belgian Road Research Centre (figure 87 [34]). The bitumen 

stiffness can be obtained from direct tension tests as was done by Shell and by e.g. dynamic 
shear rheometer tests (figure 88) that give the stiffness of the bitumen in relation to the loading 
time and temperature.  

 
When a tension test is performed on a bitumen sample we can calculate its stiffness from   

 
Et,T =  / t,T  

 
Where: Et,T = modulus as a function of temperature and loading time 

       = applied stress 
t,T        = deformation as a function of temperature and loading time 

 
The time/temperature dependency plays a role because bitumen is a solid a short loading times 
and low temperatures and is a fluid at high temperatures and long loading times. This behavior 

also makes the stiffness of the asphalt mixture dependent on temperature and loading time (see 
e.g. fig 81). 

 

Because of the loading time/temperature dependency of E, Shell decided not to use the symbol 
“E” but to replace it by Sbit to characterize the bitumen stiffness and Smix to characterize the 
mixture stiffness. 

 
The bitumen stiffness can also be determined using a dynamic shear rheometer test (figure 88) 

but keep in mind that such a test will provide a complex shear modulus G* which is not the same 
as Sbit used in the Shell nomograph. The relation between Sbit and G* can be written as: 
 

G* = Sbit / 2 (1 + ) where  is Poisson’s ratio 

 
The equations from which the Shell nomograph (figure 86) has been derived are as follows. 

 
log Smix = {(4 + 3) / 2} * (log Sbit – 8) + {(4 - 3) / 2} *log Sbit - 8+ 2 

 

[Smix, Sbit] = [Pa] 
 
1 = 10.82 – [1.342 * (100 – Vg)] / (Vg + Vb) 

 

2 = 8 + 0.00568 * Vg + 0.0002135 * Vg
2 

 
3 = 0.6 * log [(1.37* Vb

2 – 1) / (1.33 * Vb - 1)] 

 
4 = 0.7582 * (1 - 2) 

 

Vg = volume percentage of aggregates (stone + sand + fines) [%] 
 
Vb = volume percentage of bitumen [%] (this is the effective binder content) 

 
Figure 87 shows that according to the Belgian Road Research Centre, the modulus of the mixture 
can be determined from G* of the bitumen, the ratio Vg / Vb and E. E is the maximum modulus  

an asphalt mixture can obtain and can be determined from: 
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E(Vb, Va) = 14360 * (Vg / Vb)
0.55 * e(-0.0584 * Va)     [E] = [MPa] 

 

Vb = volume percentage bitumen [%] 
Vg = volume percentage of aggregates [%] 
Va = void content 

 
Finally also the so called Hirsch model [35] is presented; it is shown in figure 89. Also this model 
shows that the stiffness of the bitumen and the volumetric composition of the mixture control the 

stiffness of the asphalt mixture. At the bottom of figure 89 it is mentioned that the gradation 
doesn’t play a role in the prediction of the modulus of the asphalt concrete. This comment was 
made because in the prediction model that is proposed to be used in AASHTO’s MEPD [31] also 

the gradation is taken into account. This model will not be discussed here since it doesn’t result 
in better predictions. 
 

One aspect should be especially mentioned which is the value of the bitumen stiffness which is 
used in the nomographs and equations. This author could not find in the literature whether this 

value was determined on the bitumen before mixing or whether the bitumen stiffness was 
determined on bitumen samples retrieved from the completed mixture. This is important to know 
because during mixing with the hot aggregates (at around 180 oC) significant hardening of the 

bitumen can occur making the mixture stiffer. These hardening effects will be discussed in the 
section on “bitumen stiffness”. 
It is therefore strongly recommended that the effect of hardening during mixing on the stiffness 

of the bitumen is taken into account when using the nomographs and equations to predict the 
mixture stiffness using the bitumen stiffness as input. 
 

In conclusion we can state that the stiffness of the asphalt mixture is highly dependent on: 
 bitumen stiffness, 

 loading time and temperature, 
 volumetric composition, 

 
and at higher temperatures and longer loading times (lower load frequencies)  

 
 stress cq strain level. 
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 Figure 86: Shell nomograph to predict the stiffness of asphalt mixtures. 

 



 115 

 
 

Figure 87: Nomograph of the Belgian Road Research Centre to predict asphalt mixture stiffness. 
 

 

 
 

 

 
 
 

Figure 88: Principle of the dynamic shear rheometer test. 
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Figure 89: Hirsch model to predict the modulus of asphalt concrete.  

 

8.3 Bitumen stiffness 
We have shown that the stiffness of the asphalt concrete mixture strongly depends on the 

stiffness of the bitumen and in this section we will extensively discuss the factors that control the 
stiffness of the bituminous binder. But before we go into detail about the bitumen stiffness and 
the factors controlling it, first some general information on bitumen will be given as well as ways 

how to characterize its behavior.  
 
8.3.1 Composition of bitumen 

Bitumen is a product resulting from the refinery process of crude oil. Details about this refinery 
process can be found in [33] and will not be repeated here. As is shown in figure 90, different 
amounts of bitumen are produced from different types of crude oil. 

 
Bitumen is highly complex in its chemical structure. Although Carbon and Hydrogen are by far the 
most important elements, C – H chains of different length and molecular weight can be 

recognized. Figure 91 gives an overview of the chemical composition of some crude oils. 
 
It is common practice to separate the bitumen into several fractions. A common way of 

separating bitumen is shown in figure 92. In the first step the bitumen is separated in 
“asphaltenes” and “maltenes”, the later one being the solubles. The maltene fraction is than 
separated into aromatics, resins and saturates. 
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Figure 90: Different amounts of bitumen are produced from different types of crude oil. 
 

 
Figure 91: Chemical composition of some bitumens. 

 
It should however be noticed that the n-heptane separation technique is just one way of 

separating the fractions of the bitumen. How the selected separation technique affects the 
grouping of the various constituents of the bitumen is shown in figure 93. All this implies that if 
one is given “the composition” of a certain bitumen, one always should ask “how was the 

composition determined, which procedure was used”.  
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Figure 92: Separation of bitumen into fractions. 

 

 
Figure 93: Different separation techniques result into different compositions. 

 

Pictures of the different constituents of bitumen are shown in figure 94. As one will observe, the 
constituents are black, dark brown and colorless.  
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Figure 94: The various constituents in bitumen. 
 

8.3.2 Characterizing bitumen by means of Pen, TR&B and PI  
Since bitumens do have such a complex chemical structure, and because its chemical 
composition is strongly related to its viscosity properties, defining a bitumen by means of its 

chemical composition is not done; instead bitumens are characterized by means of their viscosity 
characteristics. At very low temperatures and/or short loading times bitumens behave like a solid 
and have elastic properties. At high temperatures and/or long loading times bitumens behave like 

a fluid and are viscous. In between these two extreme conditions bitumen behaves like a visco-
elastic material. Two very simple tests are used to characterize the viscosity characteristics of 
bitumen. They are the “penetration test” and the “ring and ball test”. Both tests are schematically 

shown in figure 95. 
 
In the penetration test a  needle, with a specified mass and specified dimensions, is allowed to 

penetrate the bitumen during a specified time period. The penetration is reported in tenth of a 
mm (pen 80 = 8 mm penetration). So the “knows” in this test are the mass and loading 
conditions, the loading time and the temperature. The “unknown” is the penetration which is to 

be measured. 
In the ring and ball test, a ball of specified dimensions and mass is placed on a layer of bitumen 

with specified dimensions. The ball will sink through the bitumen layer and the temperature is 
measured at which a specified distance is travelled by the ball. This temperature is reported as 
TR&B or softening point. So the “knowns” in this test are the mass and the loading conditions, the 
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loading time and the displacement. The “unknown” in this test is the temperature at which the 
specified displacement is travelled within the specified time.   

  
 

Figure 95: Penetration (left) and Ring and Ball test (right). 

 
By combining the results of the penetration and ring and ball test, information is obtained about 
the temperature susceptibility of the bitumen. This is shown in figure 96. 

 

 
 

Figure 96: Penetration and penetration index. 
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For most of the bitumens the penetration equals 800 at T = TR&B.   

 
The temperature sensitivity of bitumen is characterized by means of the penetration index PI. 
The PI is calculated in the following way: 

 
PI = 20 * (1 – 25 * A) / (1 + 50 * A) 
 

A = {log pen at T1 – log pen at T2} / (T1 – T2) 
 

Assuming that the penetration equals 800 at TR&B, which by the way is not true for all bitumens,  
PI can then be written as: 
 

PI = {1952 – 500 * log pen25 C – 20 * TR&B} / (50 * log pen25 C – TR&B - 120) 
 
pen25 C = penetration at 25 oC 

TR&B = softening point [oC]  
 
Based on vast experience Shell defined that bitumens to be used for road construction should 

have -1 < PI < 1.  
 
A bitumen with a high positive PI value (e.g. PI = +3) is less sensitive to changes in 

temperatures, needs however a high mixing temperature and is brittle and sensitive to cracking 
at low temperatures. The resistance to permanent deformation is high. 
A bitumen with a high negative PI value (e.g. PI = -3) is sensitive to changes in temperature, 

needs lower mixing temperatures, is still somewhat flexible at low temperatures but its resistance 
to permanent deformation is low.  
 

8.3.3 Bitumen stiffness nomograph 
Based on these three parameters (pen, TR&B, PI) van der Poel of the Shell laboratories has 

developed his famous nomograph (figure 97 [33]) which allows the stiffness of the bitumen to be 
determined as a function of temperature and loading time. As one will notice, input parameters 
for the nomograph are the loading time or loading frequency, the temperature difference 

between the actual temperature and T800 pen (which for most bitumen is equal to the ring and ball 
temperature or softening point TR&B), and the PI which is dependent on the penetration and the 
softening point.  

Shell also developed a simple model (the Burgers model) to describe the behavior of bitumen in 
relation to temperature and loading time. A spring is used to model the elastic behavior, a 
dashpot is used to model the viscous behavior and a set consisting of a dashpot parallel to a 

spring is used to model the delayed elastic behavior. This model is shown in figure 98. Figure 99 
shows the contribution of the elastic, delayed elastic and viscous deformation in the total 
deformation as a function of the stiffness of the bitumen and the PI. Figure 98 e.g. shows that at  

Sbit = 106 Pa and PI = 0, 75% of the total deformation is delayed elastic deformation and will 
recover after some time and 25% of the total deformation is viscous deformation which will not 
recover and is permanent. In case PI would be +2, then all deformation would recover after 

some time. 
Later on Shell developed the computer program BANDS (the computerized version of the van der 

Poel nomograph) which allows the stiffness of the bitumen as well as the stiffness of the mixture 
to be determined in a very quick and easy way. The program uses as input the PI of the bitumen, 
the temperature and loading time as well as the volumetric composition of the mixture. An 

example of the output generated by the BANDS program is shown in appendix B. 
When using the nomograph and the program BANDS one should be aware of the fact that the 
frequency f is not equal to 1/t where t is the loading time in [s]. The reason for this is that the 
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frequency used in the nomograph is the angular frequency and there is a difference of 2 

between the angular frequency used in the nomograph and the frequency calculated with f = 1/t.   

 

 
 

Figure 97: Van der Poel nomograph to predict the stiffness of the bitumen. 
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Figure 98: Burgers’ model and the contribution of the various components to the total 

deformation. 
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Figure 99: Response of a bitumen in relation to its stiffness and PI. 
 

It is important to know that the nomographs and equations do not give a precise and accurate 

answer. One always has to deal with a “model error” which implies that the value predicted with 
nomographs or equations can easily be a factor of 1.5 lower or higher than the real, measured, 
one. This will be discussed in greater detail in the chapter on probabilistics.  

 
8.3.4 Measuring bitumen stiffness by means of the Dynamic Shear Rheometer DSR 
It has already been mentioned that the bitumen stiffness can also be measured by means of the 

DSR (see figure 88). The principle of the DSR test is shown in figure 100. 
 

 
 

Figure 100: Principle of the DSR test. 

 

 

Radius ( r ) 

Torque ( T ) 

Rotation angle (  ) 

Bitumen 
specimen 



 125 

 
The testing mode can either be torque or displacement controlled and the load or displacement 

can be applied in a static or dynamic way. Figure 101 shows the outcomes of a repeated load 
DSR test. As one will observe there is a phase lag between the load and displacement signal. 
 

 
 

Figure 101: Outcomes of a repeated load DSR test. 

 
Figure 102 show the shear stresses and strains which develop during the test. 
 

 
Figure 102: Shear stresses and strains in the DSR test. 

 
The complex shear modulus G* is calculated in the following way from the test results. 

 
G* = max / max 

 

The complex modulus E* (which was called Sbit by Shell) is calculated following 
 
Sbit = E* = G* (1 + 2 ) where  = Poisson’s ratio. 
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Mainly due to the capacity of the DSR devices and the changing “fluidity” of the bitumen at 

different temperatures (hard and stiff at low temperatures and fluid like at high temperatures), 
DSR tests are usually performed using the plate geometries shown in table 17 and figure 103. 
 

Temperature 

range [oC] 

G* range [MPa] Plate diameter 

[mm] 

Sample thickness 

[mm] 

0 < T < 40 0.1 – 30 8 2 

40 < T < 80 0.001 – 0.1 25 1 

T > 80 < 0.001 40 < 1 

 
Table 17: Plate diameter and specimen thickness as used in DSR tests. 

 

 
 
 

Figure 103: DSR setup and plate sizes. 
 

Figure 104 gives an example of DSR test results obtained at different temperatures and loading 

frequencies. The results are obtained on specimens which were subjected to long term aging 
procedures. Aging procedures are described in detail in appendix D.  

 
Figure 104 shows that the results obtained at various temperatures are used to construct a 
master curve which shows the G* at a particular temperature, in this case 20 oC, over a very wide 

range of frequencies. This master curve is obtained by shifting horizontally the curves obtained at 
other temperatures to the 20 oC curve in such a way that they form one continuous curve. The 
figure shows also the shift factors that apply. The shift factor implies that the G* at 20 oC and a 

reduced frequency of 5.105 * 10-4 was obtained from the measured G* at 50 oC and 1 Hz.  
 
The principle of the shift factor is as follows. Boltzman has shown that the temperature 

dependency of the viscosity () of purely viscous materials can be written as: 

 


’ = o * eb/T 

 
Furthermore we can write  = ’ * (d / dt) resulting in (t) =  * t / ’ and Gt = ’ / t. By 

substituting ’ and taking the logarithm we obtain 

 

log (Gt,T) = log o + (b / T) * 10log e – log t 

 

 

 

Temperature 
control chamber 

Specimen 
between 
parallel plates 

Parallel Plates  

8 mm 

25 mm 
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If for example we obtain Gi at temperature X and loading time t1 and the same stiffness is 
obtained at temperature Y and t2, we obtain: 

(b / 2.3) * [1 / Ty – 1 / Tx] = log t2 – log t1 
 
This equation is very much alike the Arrhenius equation which is very often used for shifting 

procedures. The Arrhenius equation is: 
 
log T = C * (1 / T – 1 / Ts) with T is temperature from which the data are shifted and Ts is the 

reference temperature. Furthermore: 
 
C = H / (2.303 * R) where H is the activation energy and R is the universal gas constant. 

 
Comparison shows that: 
 

log t2 – log t1 = log T    and    b = H / R 

 
Also other shift procedures exist like the WLF equation which was used for shifting the data in 

figure 104. No further explanation will be given here about those procedures. The interested 
reader is referred to available literature on these methods. 
    

 
Figure 104: DSR results and master curve 

 
The complex modulus G* can be split into a part that represents the elastic behavior and a part 

that represents the viscous behavior. This is shown in figure 105. The elastic component, the 
storage modulus G’, is calculated via: G’ = G* cos  

and the viscous component, the loss modulus G’’, is calculated via: G’’ = G* sin   
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Figure 105: Complex, storage and loss modulus 

 
In the USA minimum values are set for the storage modulus (G* cos  = G* / sin )  in order to 

ensure a good resistance to permanent deformation. Also maximum values are set for the loss 
modulus (G* sin ) to ensure a good resistance to fatigue. 

Also the so called Black diagram (G* vs ) and Cole – Cole diagram (G’ vs G’’) are used to 

represent the characteristics of the bitumen (see figures 106 and 107). Later on it will be shown 
how the Black diagram is used to characterize the sensitivity of the binder to cracking due to 
hardening.  

 

 
Figure 106: Black diagram. 

 
Until now we have been discussing viscosity parameters like G*, pen, TR&B, and PI and the 

question is whether there is some relation between those parameters. The only relationship 
known by the author is the one between pen and G* which is: 
 

log G* = 2.923 – 1.9 log pen 
 
Where [G*] = [MPa, at 0.4 Hz and 25 oC]; [pen] = [dmm at 25 oC]. 

 
Because of the inaccuracies involved, estimating the penetration via G* is much more accurate 
than actual pen measurements especially when the pen is low.  

 
8.3.5 Bitumen stiffness and chemical composition 
Shell [33] has developed a relation between the penetration index (PI) of the bitumen and its 

composition. This relationship is shown in figure 108. The figure nicely shows that the higher the 

  

 

G* = complex shear modulus 

G = storage modulus (elastic component) 

G = loss modulus (viscous component) 

 = phase angle (tan  = G/ G) 
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asphaltene content, the higher the PI. Depending on the concentration of asphaltenes in the 
bitumen, Shell [33] has defined two typical structural compositions for bitumen being the so 

called “Gel” and “Sol” structure. These structures are schematically shown in figure 109. The 
existence of such colloidal structures has been criticized by other researchers who claim that 
bitumen is a more homogeneous system in which sharp distinctions between groups cannot be 

made.  

 
Figure 107: Cole – Cole diagram. 

 

 
 
 

Figure 108: Relation between the broad chemical composition of bitumen and the PI 
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Figure 109: Colloidal bitumen structures as proposed by Shell;  
top: Sol structure (PI = -2.3) 

bottom: Gel structure (PI = +5) 
 

Figure 110 shows the relation between Sbit and loading time and temperature for the bitumen 

structures shown in figure 109. By linking all this information it becomes clear that chemical and 
viscosity characteristics of the bitumen are indeed strongly related. Note that the slope of the 

Sbit curves of the Sol bitumen are much steeper than those of the Gel bitumen. The importance 
of the slope of the stiffness vs loading time curves will be discussed in detail later on. 
 

8.3.6 Bitumen stiffness and aging 
The original penetration of the bitumen will decrease and the softening point (TR&B) will increase 
due to ageing which results in hardening/stiffening of the bitumen. Significant hardening already 

occurs during production and laying because of loss of volatiles and oxidation at high 
temperatures; this is the so called short term aging. Later on, when the asphalt mixture is 
exposed to the influences of climate, further hardening occurs due to oxidation of the binder. 

Loss of volatiles might also be the result of exudation which is the penetration of the light 
bitumen fraction in the pores of the aggregates. Exudation will only occur when the bitumen is 
less stable and when the aggregates are porous.  



 131 

Depending of the type of mixture, the production, storage, transportation and laying conditions 
and depending on the climate, about 60% of the hardening of dense mixtures (with around 4% 

void content) takes place during production and laying. 
 

 
 

Figure 110: Stiffness of the Gel (top) and Sol (bottom) bitumen shown in figure 103.  

 
Figure 111 [37] shows how the G* of bitumen samples retrieved from the top 25 mm of porous 
asphalt concrete (void content around 20%, this makes the mixture very sensitive for aging) 

wearing courses has increased in time due to aging. All sections were constructed with virgin 
bitumen of the same penetration and TR&B class. The amount of aging can be quantified by 
comparing for instance the G* at 1 Hz of the bitumen of section 11 (EL, 12 years) with the G* at 

1 Hz of the virgin bitumen; one will notice an increase of G* with a factor of around 42 (G*
section 11 

= 10 MPa, G*
virgin = 0.237 MPa). The G* of the bitumen retrieved from section 12 (SL, 12 years) 

shows an increase of around 13 times when compared to the virgin bitumen (3.16 MPa vs 0.237 

MPa). Furthermore it is interesting to note that the G* of the bitumen of the newly laid section 4 
is already 7.5 times higher than that of the virgin bitumen (1.77 MPa vs 0.237 MPa). For section 
11 most of the aging happened after construction while for section 12 almost 56% of the aging 

occurred during production and laying and around 45% during the 12 years the section was in 
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service. The figure also shows that the RTFOT short time aging (STA) procedure (label 2), which 
is believed to simulate aging during production and laying, is too mild. The G* curve for label 2 is 

much lower than that of section 4.  The same is true for the RCAT long term aging (LTA) 
procedure (label 3). The G* curve for label 3 is lower than the curves obtained from the field 
samples. Details of the RTFOT and RCAT aging tests as well as of other aging tests can be found 

in references [37] and [137]. 
 

 
 

Figure 111: G* master curves at T = 20 oC for virgin bitumen, laboratory aged bitumen (RTFOT 
and RCAT) and bitumen recovered from the top half of cores taken from porous asphalt concrete 

wearing courses of different age (EL = emergency lane, SL = slow lane of highway). 
 

Figure 112 and 113 show how the penetration and softening point of bitumen samples taken 

from the upper 25 mm of porous asphalt concrete wearing courses did change in time because of 
aging 

 

 
 

Figure 112: Decrease in penetration due to aging. 
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Figure 113: Increase in softening point TR&B due to aging. 

  
The field aging data shown in figures 112 and 113 apply to porous asphalt concrete which has a 
void content of around 20%.  

An example of field aging of a base course mixture with approximately 6% voids can be found in 
[23]. These data are shown in table 18.  
 

 
 

Table 18: Aging observed in test section  
 

The data shown in table 18 were obtained from a test section consisting of a 70 mm top and 80 
mm bottom layer both made of a gravel asphalt concrete base course mixture with a void 
content of about 6% and a bitumen content of 4% by mass (per 100% aggregates). The table 

clearly shows that a significant decrease in penetration occurred during the 5 years the section 
was exposed to climatic influences. Also an aging gradient over the height of the asphalt layer is 
visible. These results clearly show that even in a rather dense mixture, aging will occur in time 

over a fairly large depth. It is clear that these influences should be taken into account when 
predicting pavement performance.  
 

The question now is whether we are able to model this aging behavior. In [31] the following 
equations are given to estimate the amount of hardening/aging during production and laying. 
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log log t=0 = 0.054405 + 0.004082 * code + (0.972035 + 0.010886 * code) * log log original 

 

Where: 
t=0  = mix/lay-down viscosity [cP] 

original = original viscosity [cP] 

code = hardening ratio (HR) 

HR = log log viscosity after RTFO (rolling thin film oven test) / log log original viscosity 
 

HR  1.030 then code value = -1 

1.03 < HR  1.075 then code value = 0 

1.075 < HR  1.100 then code value = 1 

HR > 1.100 then code value = 2   

The relation between viscosity and penetration as given in [31] is: 
 
log  = 10.5012 – 2.2601 log (pen) + 0.00389 log (pen)2 

 
Where: 

 = viscosity [P] 

pen = penetration [mm/10] 
 

In [31] also equations are given to estimate the long term viscosity aging occurring at the top of 
the pavement as well as an equation to estimate the aging occurring at a certain depth of the 
pavement surface. These equations are not given here because long term aging is so much 

dependent on the climatic conditions and type of surface layer mixture which might be 
completely different from the conditions for which those equations were developed. This is clearly 
visible when the data shown in figure 112 are compared with those given in table 18. Figure 112 

e.g. shows that in the porous asphalt concrete with a void content of around 20% a drop in 
penetration of around 25 points was obtained after 3 years (figure 112), while table 18 shows 
that in the much denser base course mixture (around 6% voids) a drop in penetration of around 

14 points was obtained after 5 years. For the sake of completeness it is mentioned that both data 
were obtained on sections in the Netherlands where the climatic differences over the country are 
(very) limited.   

 
In any case, the estimation of the bitumen and mixture stiffness for design purposes should take 

the effects mix/lay-down hardening into account, which can be estimated using the provided 
equations, as well as hardening that takes place in time. For the later an “educated estimation” 
should be made.      
 

8.4 Mixture stiffness at high temperatures, long loading 
times and high confining pressures 
Bending tests, uni-axial tension-compression and indirect tension tests were used to determine 
the mixture stiffness as discussed in paragraph 8.2. In the top layer, or wearing course, however 

high vertical compressive stresses are acting together with high horizontal compressive stresses. 
During the summer high temperatures (as high as 60 oC) will occur in the top layer and in such 
conditions the behavior of the asphalt mixture strongly depends on the characteristics of the 

stone skeleton especially in case of stone skeleton mixtures like stone mastic asphalt (SMA) and 
porous asphalt concrete (PAC). Furthermore one knows that under those conditions, asphalt 
mixtures are prone to permanent deformation. 

 
Research done by Antes e.a. [36] has shown that the stiffness modulus of asphalt mixtures 
becomes stress dependent at elevated temperatures. This dependency can be modeled as 

follows: 
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Mr = k1 {(3 + k3) / 30}
k2 

 

Where: 3    = confining pressure [kPa], 

30    = reference pressure = 1 kPa, 

k1, k2, k3   = constants, 
Mr     = resilient modulus = 0 if 3  - k3. 

 
Some results are shown in table 19. 
 

Mixture type Test temperature [0C] Loading frequency [Hz] k1 k2 k3 

STAC            40              25 0.0008 1.879 3143.40 

                 8 0.0008 1.894 2408.23 

               0.5 0.0002 2.054 1600.58 

            50              25            0.0002 1.929 2795.66 

                 8 0.0003 1.945 1880.27 

               0.5 0.0001 2.104 1592.74 

PAC            40                   25 0.0006 1.925 2065.65 

                 8 0.0008 1.890 1681.70 

               0.5 0.0003 2.029 1362.47 

            50              25 0.0005 1.971 1347.48 

                 8 0.0006 1.928 1206.74 

               0.5 0.0003 2.050 1052.94 

DAC            40              25 0.0005 1.835 4518.63 

                 8 0.0004 1.926 2579.78 

               0.5 0.0001 2.141 1845.23 

            50              25 0.0003 1.835 4518.63 

                 8 0.0002 2.020 1828.18 

               0.5 0.0001 2.141 1845.23 

  

Table 19: Constants of the stress dependent resilient modulus for three asphalt mixtures. 
 

Table 20 gives some details on the composition of the mixtures. 
 

Property STAC 
Stone 
Asphalt 

Concrete, 
base  
course 

mixture 

PAC 
Porous  
Asphalt  

Concrete, 
wearing 
course  

mixture  

DAC 
Dense 
Asphalt  

Concrete, 
wearing  
course 

mixture 

Bitumen content [% m / m] “on” 
100% aggregate 

4.6 4.6 5.9 

Pen of recovered bitumen 33 64 31 

Void content [%] 5.5 18.1 4.2 

Degree of compaction [%] 98.7 104.5 99.4 

 

Table 20: Composition of the mixtures of table 19. 
 

Some results are also shown in tables 21 and 22. 
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T [0C] f [Hz] 3 = 0 kPa 3 = 300 kPa 3 = 590 kPa 

30 0.1 1034 1374 1882 

30 8 4012 4681 5465 

30 25 6128 6731 7608 

40 0.5 935 1254 1789 

40 8 1981 2437 3084 

40 25 3027 3582 4198 

50 0.5 652 845 1386 

50 8 907 1153 1669 

50 25 1230 1651 2337 

 
Table 21: Stress dependent stiffness modulus for STAC as determined by means of repeated load 

triaxial tests. 
 

T [0C] f [Hz] 3 = 0 kPa 3 = 300 kPa 3 = 590 kPa 

30 0.3 635 1069 1502 

30 8 1999 2312 2783 

30 25 3027 3366 4041 

40 0.5 816 1188 1567 

40 8 1435 1624 2014 

40 25 1931 3131 2641 

50 0.5 721 886 1191 

50 8 815 986 1318 

50 25 908 1106 1431 

 

Table 22: Stress dependent stiffness modulus for PAC as determined by means of repeated load 
triaxial tests. 

 

The values shown in tables 21 and 22 clearly show that the modulus determined in compression 
(3 = 0) is significantly lower than the modulus determined when a certain confinement was 

applied. The effect of confinement can therefore not be ignored when estimating the asphalt 

mixture stiffness at high temperatures in the presence of high confining stresses.  
It is recalled that at the bottom of the asphalt layer a combination of horizontal tensile stresses  
(due to bending of the layer as a result of the applied wheel load) and much smaller vertical 

compressive stresses (due to load spreading) occurs. Because of the significant difference in 
stress conditions at the top (3D compression) and bottom (mainly 2D tension) of the asphalt 
layer, different values for the mixture stiffness for the bottom and top part might need to be 

used for design purposes. 
 
In addition to this Molenaar [39] and Pramesti [38] have shown that the modulus in tension is 

lower than the modulus in compression at higher temperatures and longer loading times. An 
example of this is shown in figure 114 which is taken from [38]. 
 

From the material presented so far it will have become clear that assigning a single modulus 
value for e.g. a 150 mm thick asphalt layer made of the same type of asphalt mixture is a rather 

crude simplification of reality because we have seen that the modulus depends on: 
 temperature, which will not be a constant over the entire thickness, 
 loading time, which will not be a constant over the entire thickness, 

 degree of aging, which will not be a constant over the entire thickness, 

 stress conditions, which will not be a constant over the entire thickness. 
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We will see later on however that in most of the design analyses a single modulus value is 
assigned for the entire asphalt thickness. The consequences of such a simplification will be 

discussed later on. 
 

 
  

Figure 114: Modulus (vertical axis in MPa) in tension (blue line) and modulus in compression 

(green line) in relation to the strain rate (horizontal axis in %/s)) as determined at 20 oC for a 
base course mixture.  

 
8.5 Poisson’s ratio of asphalt mixtures 

Next to the modulus of the asphalt layer, its Poisson’s ratio should be known. Compared to the 

vast amount of information that is available on how to determine/estimate the stiffness of asphalt 
mixtures, only little information is available on how to estimate a value for Poisson’s ratio. It 
doesn’t however very much explanation to understand that Poisson’s ratio takes a lower value 

when the temperature is low and the loading time is short making the asphalt mixture behaving 
like a solid, than when the temperature is high and the loading time is long making the material 
more viscous. Figure 115 developed by Sayegh [40] was/is very often used at the Delft University 

for making an estimate for the Poisson ratio value. 
 
In the AASHTO MEPD system [31] an equation is proposed for estimating Poisson’s ratio which is: 

 
 = 0.15 + 0.35 / {1 + e(-1.63 + 3.84 E-6 Smix) } 

 

Please note that in this equation [Smix] = [psi]! 100 psi = 0.7 MPa 
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Figure 115: Chart for estimating Poisson’s ratio values as developed by Sayegh. 
 

8.6 Fatigue resistance 
Fatigue is the process of the initiation of micro cracks and the gradual development of these 
cracks to macro cracks until failure occurs as a result of repeated loads. Fatigue damage shows 

itself as cracking although not all cracks visible at the pavement surface are due to repeated 
loads. Traffic loads are the best known type of repeated loads but also repeated low temperature 
cycles cause fatigue cracking. Fatigue cracks due to traffic loads are believed to be initiated at 

the bottom of the asphalt layer although many cracks visible at the pavement surface in the 
wheel paths are initiated at the pavement surface.    

Fatigue tests are commonly done using equipment shown in figure 79 but they can also be done 
using the so called BOEF test, beam on elastic foundation test, which is shown in figure 116. 
With so many test methods available, the question that has to be asked is “which test is the best 

one and which test simulates reality in the best way”. This is an important question since we will 
see that test type, testing mode and specimen size are factors which influence the test results. 
The next question which then immediately arises is “are we measuring material properties by 

means of these tests or are we measuring specimen properties implying that the result is 
affected by the type of test, geometry of the specimen etc?”. 
All these items will be discussed to some depth in in this chapter and based on this discussion the 

reader should be able to make a proper decision on how to characterize asphalt fatigue for 
design purposes.  
Since in the Netherlands traffic induced fatigue is a much more important defect type than 

temperature induced fatigue, we will focus on traffic induced fatigue.  
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Figure 116: Beam on elastic foundation (BOEF) test. 
 
8.6.1 Strain signals in pavements 

It is generally accepted that repeated tensile strains are the cause for fatigue cracking. The 
question then is how these tensile strain signals look like. It is common practice to measure in 
test pavements longitudinal (in the direction of traffic) and transversal (perpendicular to the 

direction of traffic) tensile strains. Such measurement results are reported in e.g. [23] and some 
examples are shown in figures 117, 118 and 119. These tensile strains were measured at the 
bottom of the asphalt layer of simple “asphalt on a sand subgrade” test pavements. These test 

pavements were trafficked by means of the Delft University Accelerated Pavement Testing (APT) 
device LINTRACK which is shown in figure 120. 
 

 
 

Figure 117: Longitudinal (I-DL-3) and transversal (I-DT-3) strain signals as measured in a test 
pavement. 
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Figure 118: Build-up of longitudinal strain as function of the number of load repetitions; the 

numbers in the legend indicate the number of load repetitions. 
 

 
Figure 119: Build-up of transversal strain as function of the number of load repetitions; the 

numbers in the legend indicate the number of load repetitions. 
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Figure 120: Delft University LINTRACK APT device. 
 

Figure 117 shows that the longitudinal strain signal is completely different from the transversal 
signal. Furthermore it shows that the peak values are not the same. If we would have calculated 

the strains by means of BISAR assuming a circular wheel load and a uniform contact pressure 
then both peak values would be the same. Measurements however showed that the print of the 
super single tire used in the LINTRACK experiments was rectangular instead of circular and that 

the vertical contact pressure distribution was far from uniform (see also chapter 6).  
Figure 118 shows that there is no build-up of longitudinal strain with increasing number of load 
repetitions while figure 119 shows there is a significant build-up of transversal strain. Figure 119 

shows that from the 5th to 160th load repetition, the peak value is not increasing but there is a 
significant build-up of permanent strain. The permanent strain builds up from 65 m/m after the 

5th cycle to 145 m/m after the 160th cycle. This build-up of transversal strain cannot be ignored 

because it can lead to some kind of creep failure. 

 
8.6.2 Tensile strains and cracking caused by permanent deformation 

Cracking which is visible at the pavement surface might be caused by permanent deformation. 
This is often overlooked when designing pavements but as will be shown, permanent strains due 
to permanent deformation will be developing at the bottom and surface of the asphalt layer 

which can become so high that they will result in cracking.  Figure 121 shows e.g. the permanent 
deformation development in one of the test pavements tested by Groenendijk [23]. This test 
pavement consisted of a 150 mm thick asphalt layer on top of a sand subgrade. Measurements 

showed that the permanent deformation visible at the pavement surface was caused by 
deformation of the sand subgrade and not by the asphalt layer. As one will notice, the radius of 
the deformation pit is gradually decreasing with increasing number of load repetitions. The 

tensile strain () that develops at the bottom of the asphalt layer because of the deformation 

development can be calculated via:  
 

 = h / 2R 

 
With  h = asphalt thickness 

 R = radius of curvature of the deformation pit 
 
Figure 122 shows the permanent deformation which developed in a 80 mm thick asphalt 

pavement resting on the same sand subgrade. Also in this case the deformations were 
completely due to deformation of the sand subgrade. As one will observe two ridges develop on 
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either side of the deformation pit. In this case not only tensile strains develop at the bottom of 
the asphalt layer but also at the top of the asphalt layer, on the top of both ridges.  

Figure 123 [38] shows the how the permanent deformation is related to the radius of curvature 
of  the deformation pit.  
 

 
 

Figure 121: Permanent deformation developing in a test pavement consisting of 150 mm asphalt 
on top of a sand subgrade. 

 

 

 
 
Figure 122: Permanent deformation developing in a test pavement consisting of 80 mm asphalt 
on top of a sand subgrade. NOTE THE DEVELOPMENT OF RIDGES next to the deformation pit. 

 
Figure 124 [38] shows how permanent deformation and permanent strain are related.  
 

The results obtained on the test pavements showed that in general the rate of cracking started to 
increase when the permanent deformation was around 15 mm resulting in a permanent strain of 
around 0.25%. This seems to indicate that at higher permanent deformation levels, cracking due 
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to permanent deformation becomes a serious issue and that a permanent strain of around 0.25% 
can be taken as the failure strain under creep conditions for the mixture used in the test 

pavements. 
 

 
 

Figure 123: Permanent deformation (rut depth) in relation the the radius of curvature of the 
permanent deformation pit. 

 

 
 

Figure 124: Relation between permanent deformation (rut depth) and permanent strain. 
  

It should be stressed that the relation between cracking and permanent deformation presented 
here is only valid when the  the permanent deformation is caused by deformations in the layers 
below the asphalt layer causing the asphalt layer to bend. Figure 125 shows an example of 

permanent deformation which is clearly caused by deformation of the layers below the asphalt 
layer. Please note the longitudinal cracks at the edge of the rutdepth bowl (on the left side where 



 144 

the beam touches the pavement) which most probably are due to the permanent strain which 
developed at the top of the asphalt layer as a result of rutting. 

 

 
 

Figure 125: Permanent deformation caused by deformations in the layer(s) below the asphalt 

layer. Note the cracks! 
 

8.6.3 Stress and strain signals in fatigue tests. 

Two point and four point bending tests as well as uni-axial tension/compression tests can be 
performed in the load or displacement controlled mode. Sinusoidal as well as haversine, or half 

sine, load and displacement signals can be applied. In the indirect tension fatigue tests only load 
controlled half sine or haversine signals can be applied. Be aware of the fact that “constant load 
fatigue tests” are often called “constant stress tests” while “constant displacement tests” are 

often called “constant strain tests” but keep it mind that it is not the stress or strain that is kept 
constant during the test but the load or displacement.  
Let us discuss a load and displacement controlled 3 point bending test (figure 126) in which one 

uses sinusoidal load cq displacement signals. Figure 127 gives a schematic overview of what is 
happening in such tests. 
 

 
Figure 126: 3 Point bending test. 

 
In the 3 point bending test, the maximum bending moment and maximum bendig stress occur at 
midspan. Also the maximum deflection/displacement occurs at midspan. When the load signal is 

sinusoidal the maximum stress and strain will alternately occur at the bottom and top of the 
beam at midspan.  
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Figure 127: Constant load/stress and constant displacement/strain bending fatigue tests with 

sinusoidal load or displacement signal. 

 
In the constant load test, the amplitude of the sinusoidal load signal is kept constant. After a 
certain number of load repetitions, damage will develop in the specimen which results in a 

decrease of the effective stiffness. Because the load is kept constant, the displacement will 
rapidly increase until collapse of the beam occurs (remember: displacement at midspan = 
F*L3/[4.E.b.h3]; b and h are resp. width and height of beam). 

In the constant displacement test, the amplitude of the displacement signal is kept constant. 
After a certain number of load repetitions, damage will develop. This results in a decrease of the 
effective stiffness of the specimen which in turn results in a decrease of the load because less 

load is needed to get the same displacement. Collapse of the specimen does not occur in this test 
and “failure” is therefore defined as the number of load repetitions at which the stiffness of the 
beam (calculated from the load, displacement and geometry of the beam) has reduced to 50% of 

its inititial stiffness. 
If two beams of exactly the same composition and dimensions are tested under exactly the same 

initial conditions (same initial stress and same initial strain), but one is tested in the constant load 
mode and the other in the constant displacement mode, then the number of load repetitions to 
initiation will be exactly the same. The difference is in the damage propagation phase which will 

be much shorter in the constant load test than in the constant displacement test. Therefore the 
number of load repetitions to failure in the constant load test will be less than in the constant 
displacement test. 
 
When the fatigue test is performed at different load/displacement levels, one will notice that the 
lower the load/displacement the higher the number of load repetitions will be. It is common 
practice to relate the number of load repetitions to the initial stress or strain in the specimen by 

means of the equation given below: 
 
N = a -b or N = c -d   

 
Since  = E  we can write the stress based equation as N = c E-d -d. 
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It is also common practice to present the fatigue relationship in a plot which shows log N vs log  

which is a straight line. If we however plot the fatigue results on a linear – linear scale we obtain 

a plot like shown in figure 128. 
 

 
Figure 128: Graph of fatigue test results when using a linear – linear representation  

instead of log – log[38] .  

 
Figure 128 shows shome interesting aspects. First of all Beam on Elastic Foundation (BOEF) test 

resulted in a much longer fatigue life than the four bending (4PB) fatigue test. Why there is a 
difference between the BOEF and 4PB test will be discussed later on. 
Secondly, there seems to be a strain threshold value below which no fatigue occurs. This limit is 

called the endurance limit. This limit is around 70 m/m in the 4PB test and around 115 m/m in 

the BOEF test. 
 

Figure 129 shows an example of the sinusoidal signals as used in 2, 3, and 4 point bending tests 
as well as in uni-axial tension/compression (UTC) tests. Note the phase difference between load 
and displacement. 
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Figure 129: Sinusoidal signals as used in bending tests and UTC tests [41]. 

 
Figure 130 shows an example of the haversine load and resulting horizontal displacement signal 

as obtained in a load controlled indirect tension test. Figure 131 shows where the horizontal 
LVDT’s (displacement transducers) are placed.  
 

 
Figure 130: Haversine load signal and resulting horizontal displacement signal as applied in an 

indirect tension test [39]. 
 

In the indirect tension test, the stresses in the specimen can be calculated from the load, the 

geometry of the specimen and the width of the loading strips. The modulus of the specimen is 
calculated from the load, geometry of the specimen and the measured vertical and horizontal 
displacement. If the vertical displacement is not measured then a value for Poisson ratio has to 

be estimated for the calculations. 
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Figure 131: Indirect tension test. 

 
Figure 132 shows the horizontal and vertical stress and strain distribution along the vertical 

diameter of the specimen. The figure shows that at the center of the specimen the vertical 
compressive stress has a value which is 3 times the horizontal tensile stress. This horizontal 
tensile stress (t) at the center of the specimen is calculated using: 

 
t = 2 F /  t D where F is the applied load, t is the thickness of the specimen and D the 

diameter. 
 

The vertical compressive stress (c) at the center of the specimen is c = - 3 t 

One will notice that the horizontal tensile stress and strain are rather constant over the mid 80 
mm of the specimen. However the maximum tensile strain occurs 14 mm below the upper 

loading strip and 14 mm above the lower loading strip. At these locations damage will initiate and 
NOT in the center of the specimen which is often believed to be the case.  
 

Since the indirect tension test always need to be performed with a haversine or half sine load cq 
displacement signal (when using a sinusoidal signal the load strips would loose contact with the 

specimen), also permanent deformation is developing during the test. Examples of such 
deformations are shown in figure 133 [41]. As one can observe from figure 133b and 133c, both 
the elastic deformation Dr and cumulative permanent deformation Dp start to increase rapidly 

after the same number of load repetitions.  
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Figure 132: Horizontal and vertical stresses and strains along the verical diameter of a 100 mm 

diameter indirect tension specimen as calculated analytically and with the finite element program 

ABAQUS [41].  
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Figure 133a: Load and horizontal radial deformation during an indirect tension test. Dr is elastic 

deformation, Dp is permanent deformation. 

 
Figure 133b: Development of the horizontal recoverable/elastic deformation Dr during some 

indirect tension fatigue tests. 

 
Figure 133c: Development of the cumulative vertical permanent deformation Dp during some 

indirect tension fatigue tests. 
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It should be noted that permanent deformations will also develop in the 2 point, 3 point and 4 
point bending fatigue test as well as the UTC test when haversine or half sine load cq 

displacement signals are used in these tests. 
 
One aspect should be discussed when performing displacement controlled fatigue tests using a 

haversine or half sine signal. Initially the force signal as a result of the induced displacement will 
also be a haversine or half sine but will rapidly change into a full sine. This is because residual 
stresses will develop as a result of the visco-elastic behavior of the asphalt mixture; an example 

of the development of such residual stresses is shown in figure 134.  
 

 
 

Figure 134: Development of residual stresses in a direct tension test with a displacement 

controlled haversine signal. 
 

If however sufficient long rest periods are applied between the successive displacement pulses, 

then the residual stresses have time to relax and the resulting load signal is more or less a 
haversine or half sine as well.  
Since the development of residual stresses is related to the visco-elastic behavior, such stresses 

will mainly develop at conditions where the viscous nature of the mixture is important which is at 
the higher temperature and longer loading time conditions. At low temperatures and short 

loading times, the build-up of residual stresses is of (far) less importance since at such conditions 
asphalt mixtures behave more elastically.  

 

8.6.4 Discussion on differences between laboratory and field conditions and their 
consequences for pavement design 
Comparison of the strain signals as observed in practice with the strain signals which are applied 

in laboratory tests immediately tells us that the longitudinal signals observed in practice are not 
matched by any of the fatigue tests. The transversal strain signals as measured in practice are 
only matched to a fair degree by laboratory tests if they are performed in the load controlled 

mode with a half sine or haversine signal. Unfortunately the rate of damage propagation as 
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observed in the load controlled laboratory fatigue tests is “explosive” because the samples are 
not fully supported as they asphalt layer is in practice by the supporting layers.   

In practice, the asphalt layer will bend because of the applied traffic load. Stress conditions like 
those occurring in the UTC and indirect tension test do not occur in practice.  
Bending fatigue tests seem therefore most appropriate to simulate what is happening in practice 

however in reality one is dealing with a 3D stress condition in the pavement while in all bending 
tests one has a 1D stress condition. Furthermore there is a difference between the thickness of a 
real asphalt pavement and the beam and, perhaps most importantly, an asphalt layer in a 

pavement is fully supported while the laboratory test beams are not; this difference does have a 
great impact on the damage propagation rate in beams tested in the lab and in the asphalt layer 

of a real pavement. 
All in all this means that some major steps have to be made to match field conditions by means 
of lab conditions. 

 
8.6.5 Discussion on the differences between the various fatigue tests and potential 
size effects 

Figure 135 gives an overview of the stress conditions which occur in the tests discussed so far. 

 
 

Figure 135: Stress conditions in some of the fatigue tests used. 
 

It is seems logical to assume that there is an effect of the thickness of the specimen on the 

fatigue results in the bending tests since in a higher beam the crack should propagate over a 
longer distance than in a lower beam. Furthermore it seems logical to assume that a direct 
tension test specimen will fail earlier than a 4 point bending specimen when the stress in the 

direct tension test specimen is equal to the stress at the bottom of the 4 point bending specimen. 
It is also not unreasonable to assume that the indirect tension specimen will give the shortest 
fatigue life because of the bi-axial stress conditions. 

 
The effect of the specimen size on 2 point bending fatigue test results has been shown by Bodin 
[42] while Li [41] showed the effect of specimen size on 4 point bending tests. Li [41] also 
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showed that significant differences exist between the results of UTC, 4 point bending and indirect 
tension fatigue tests. Li [41] reported the following results (table 23). 

 

Size 0.5 1 1.5 

4 point bending 1.95 1 0.71 

UTC 0.41 0.37 0.35 

 
Table 23: Relative fatigue lives at a tensile strain of 100 m/m of UTC and 4 point bending test 

samples of different sizes compared to the fatigue life of 4 point bending samples of size one; all 
specimens tested at 20 oC and 10 Hz in the displacement controlled mode. 

 

The meaning of “size 0.5, size 1 and size 1.5” is given in table 24. As one will observe, the “sizes” 
are related to the diameter of the specimen or the height of the specimen. Only for the 4 point 
bending specimens they also relate to the critical cross sectional area. 

 
For UTC specimens the difference between load controlled and displacement controlled tests is 

shown in figure 136. The figure also shows the effect of temperature and specimen size.  

 
      

Table 24: Different specimen sizes as used by Li [39]. 
 

At 5 oC and a strain level of 100 m/m there is a difference of a factor of 3.2 in fatigue life 

between the displacement and load controlled fatigue test.  
 

Figure 137 shows the results of the load controlled fatigue tests performed in 4 point bending, 
UTC and indirect tension. The tensile stress is either the tensile stress at the bottom of the beam 
(4PB) the stress over the entire cross sectional area (UTC) or the tensile stress at the center of 

the specimen (indirect tension). 
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Figure 136: Fatigue results obtained at 5 oC with the UTC test in the displacement () controlled 

and load () controlled mode. Also the effect of temperature on the fatigue results is shown 

(compare: size 1.0_ control 20C with size 1.0_ control 5C). 

 
Figure 137: Difference in fatigue life as determined in the load controlled mode by means of 4 

point bending tests, UTC tests and indirect tension tests. 
 

Summarizing what has been discussed so far, we come to the following conclusions: 
 Beam bending fatigue tests suffer from a size dependency being that the higher the 

specimen the lower the fatigue life will be. 
 There is also some size dependency in the UTC and indirect tension fatigue tests results 

but that is much smaller than in the 4 point bending test. 
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 There is a significant difference between the results of load and displacement controlled 

fatigue tests. 
 Different tests result in significantly different results. 

 
The question now is whether the differences can be explained and if not which test should be 
used for pavement design purposes. 

 
Let us discuss first the size effect that is affecting the bending beam test results. Groenendijk [23] 
has shown that by using fracture mechanics principles the fatigue relation can be written as: 

 

 
Where: 
N = number of cycles to fatigue 

Smix = mixture stiffness 
h = specimen thickness/height 
A = constant from Paris’ crack growth law dc/dN = A Kn 

A = f(Smix, tensile strength, fracture energy, slope of the relation log Smix vs log t) 
t = loading time 
K = stress intensity factor at the tip of the crack 

n = exponent of Paris’ crack growth law = f(slope log Smix vs log t relation) 
co = initial crack length 

cf = final crack length = specimen height 
 = applied tensile strain 

 
Since n takes a positive value (depending on type of mixture, temperature and loading time 3 < 

n < 7), the exponent value (1 – n/2) takes a negative value implying that a thicker beam will 
show a shorter life time than a thinner beam.  

 
It should be noted that the long c/h polynomial function is describing the change in stress 
intensity factor in a 4 point bending test in relation to and increasing crack length. This function 

will take a different form for UTC and indirect tension tests. 
 
All in all this means that bending tests are indeed affected by the specimen thickness/height. 

 
The differences between the UTC and the 4 point bending tests can be explained in the following 
way. As shown in figure 135,  there is a uniform stress distribution over the cross sectional area 

in a UTC test. In a 4 point bending test however that same tensile stress would only occur at the 
bottom of the beam (a triangular stress distribution is present across the height of the beam). Li 
[41] has shown that there would be perfect agreement between the UTC test and the 4 point 

bending test if one would not consider the failure of the entire beam but only failure of the outer 
fiber of the beam; this is shown in figure 138.  
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Figure 138: Comparison of the fatigue life of the outer fiber of a 4 point bending fatigue beam 

with that of the UTC test and the overall fatigue life of the 4 point bending beam. 
 

Comparing the results of the load controlled indirect tension fatigue results with those obtained 
by any of the other load controlled tests is rather complicated because of the rather complex 
stress conditions in the indirect tensile test. Furthermore only a comparison of results obtained by 

means of haversine or half sine load controlled signals would be a fair one because in such cases 
permanent deformation of the specimen occurs which certainly affects the fatigue life. 
We have seen in figure 132 that the tensile strain in an indirect tension specimen is rather 

constant over most of the vertical diameter (line of loading) of the indirect tension specimen. 
Because in a UCT specimen the tensile strain is constant over the cross sectional area, it might 
be fair to make a strain based comparison between the UCT and the indirect tension test. Such a 

comparison is given in figure 139. 
 
Figure 139 shows that there is not too much difference between the “UTC size 1.0__5oC” 

fatigue line and the “IT size 1.0__5 oC” fatigue line. At a tensile strain of 100 m/m they 

produce almost the same result. The comparison is made a bit complicated by the fact that the 
slope of the fatigue relations of the UTC and indirect tension test is not the same. Why these 

slopes are not the same is hard to explain because they should be the same. Furthermore one 
should be aware of the fact that permanent deformation did develop in the indirect tension 
fatigue test and not in the UCT test. The noticed “agreement” might therefore be lucky shot.   

 
From the material presented above it becomes clear that we can explain to some extent why we 
obtain different fatigue test results from different tests but it is not yet clear which test is to be 

preferred for pavement design purposes. 
 
8.6.6 Fatigue based on dissipated energy 

During each load cycle, energy is induced in the test sample. When the material is elastic, this 
energy will be completely released when unloading. No energy is stored in the material itself. 

Asphalt mixtures however are visco-elastic materials and because of this visco-elastic behavior 
energy will be dissipated and will be transformed into heat and some will be used for damage 
development. Example of the energy dissipation that takes place during a load/stress and 

displacement/strain controlled fatigue test is given in figure 140. 
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Figure 139: Comparison between different fatigue lives obtained with different fatigue tests. 

 

 
 

Figure 140: Energy dissipation in a load/stress and displacement/strain controlled fatigue test. 
 

The amount of dissipated energy is equal to the area enclosed by the stress – strain hysteresis 

loop. In a load controlled test the dissipated energy per load cycle will increase during the test 
(hysteresis loop will increase) while in a displacement/strain controlled test the dissipated energy 
per cycle will decrease during the test. The change in amount of dissipated energy is because of 

damage development. 
In a fatigue test where a sinusoidal load/displacement signal is used, the total amount of energy 
that is dissipated during a test can be calculated using: 

 
Wfat =  * i=1

n i * i * sin i 

 

Where: 
Wfat = total amount of dissipated energy at which fatigue failure occurs 
, ,  = respectively the stress amplitude, strain amplitude and phase angle between  and  

at load cycle i  
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Van Dijk [43] has shown that for each mixture a unique relationship exists between the number 
of load repetitions to fatigue Nfat and Wfat which he claimed was independent on the type of test. 

This relationship is shown in figure 141 and can be written as Wfat = A * Nfat
z. 

 

 
 

Figure 141: Relationship between Nfat and Wfat according to van Dijk [41]. 

 
If we assume that the relation between Nfat and Wfat is independent of the type of mixture, we 
can develop a dissipated energy based fatigue relation in the following way. 

 
Wfat = n=1

n=Nfat Wi = Nfat * W1 /  where  is a factor taking care for the change in dissipated 

energy per cycle during the test and W1 is the energy dissipated in the first load cycle. Following 

this we can write 
 
Wfat = Nfat *  * 1 * 1 * sin 1 /  = A * Nfat

z 

 
Since  =  * Smix, we arrive after rewriting to 

 

Nfat = ( * Smix1 * sin 1 /  * A)1/(z-1) 1
2/(z-1) 

 

It is recalled that fatigue relations are usually written as Nfat = k1 
-n so: 

 

-n = 2/(z-1) and k1 = ( * Smix1 * sin 1 /  * A)1/(z-1)  

 
As has been mentioned before, a certain part of the dissipated energy is transformed into heat 

and therefore doesn’t contribute to the development of damage. It can be hypothesized that 
when the amount of dissipated energy per cycle starts to change, the physical condition of the 
test specimen starts to change which. This occurs when damage starts to propagate after a 

damage initiation phase. In order to be able to separate the initiation phase from the propagation 
phase the so called dissipated energy ratio (DER) has been introduced which is defined as: 
 

DER = n=1
n=k Wi / Wk =  / Wk 
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Where: 
DER = dissipated energy ratio 

   = total amount of energy dissipated during cycle 1 to k 

Wk = dissipated energy in cycle k 
 

Figure 142 shows how the dissipated energy is changing in a load and displacement controlled 
UTC fatigue test. The figure also shows how a new fatigue life parameter NR can be defined as 
being the number of load repetitions at which damage initiation is completed and damage 

propagation starts. 

 
Figure 142a: Development of DER in a displacement controlled UTC fatigue test. 

 

 
Figure 142b: Development of DER in a load controlled UTC fatigue test. 
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One will notice that NR in case of the displacement controlled test is approximately 82% of the 
fatigue life Nf,50 at which the stiffness of the specimen has reduced to 50% of its initial value. At 

NR the stiffness is still around 56% of its initial value.  
In the load controlled test NR ≈ 0.56 Nf. At that number of load repetitions the stiffness is still 
around 86% of the initial value. 

 
As has been mentioned before, damage initiation in a load controlled test should start after the 
same number of load repetitions as in a displacement controlled test when the initial conditions 

(stress, strain and modulus are the same). This implies that the same amount of energy should 
have been dissipated after NR load repetitions have been applied irrespective of the type of test. 

Data produced by Li [41] (figure 143) however show that this independency is not completely 
true. The size dependency of the 4 point bending test results is e.g. still visible. All in all however 
all Wfat vs NR relations are in rather good agreement with each other. 

 

 
Figure 143: Wfat vs NR relationships as determined on one type of mixture using different types of 

fatigue tests performed at different temperatures using different loading modes. 
 

In conclusion this means that the number of load repetitions to initiation of fatigue damage (NR) 

seems to be fairly independent of the type of test and test conditions. This implies that NR seems 
to be a unique fatigue parameter and in any case a much better fatigue parameter than Nf,50 

(fatigue = number of load repetitions to a 50% reduction in stiffness) used in the displacement 
controlled tests and the Nf (fatigue = number of load repetitions to failure/collapse) used in load 
controlled tests. 

All this also implies that pavement design analyses based on initiation of fatigue damage 
preferably should be based on the total amount of dissipated energy, which is a scalar and 
accounts for the 3 D stress/strain conditions) and not on tensile strain, which is a vector and only 

takes account for the stress/strain conditions in one direction. This in turn implies that a visco-
elastic analysis systems should be used instead of system which are based on linear elastic 
theory because a visco-elastic system can give the dissipated energy as a result of a passing 

wheel load.  
 

Wfat 

[MJ/m3] 
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In [44] an elegant procedure is presented which allows the number of load repetitions to fatigue 
to be calculated from the energy of distortion which is held responsible for fatigue damage. As 

we have seen, Udistortion is calculated by means of the multi-layer linear elastic system BISAR.  
We can derive an Udistortion based fatigue relation in the following way. We know that: 
 

Uvolume = {3(1 – 2) / 2E} hyd
2 = {(1 - 2) / 6E} {1

2 + 2
2 + 3

2 + 22 3 + 21 2 + 21 3}    

 
Since Udistortion = Utotal – Uvolume we find 

 
Udistortion = {(1 + ) / 3E} [{(1 - 2)

2 + (2 - 3)
2 + (3 - 1)

2} / 2]  

 

In a uni-axial test Udistortion = (1 + ) *  *  / 3 so  *  = 3 * Udistortion / (1 + ). Since we have 

seen that: 
 

Nfat *  * 1 * 1 * sin 1 /  = A * Nfat
z  we arrive to 

 
Nfat = ( * 3 * Udistortion * sin  / [(1 + ) * A * ])1/(z-1) 

 

One might wonder why Uvolume  should also not be taken into account. Of course it can be taken 
into account as well but from the equations for Uvolume and Udistortion one can easily derive that in a 

uni-axial test, Uvolume is only a fraction of Udistortion and at  = 0.5 Uvolume = 0. 

 
8.6.7 Some practical aspects with respect to 2 point and 4 point bending tests as well 

as UCT and indirect tension tests 
Doing a test is something that is easily said but doing it in the correct way and taking into 
account all the boundary conditions is another thing. In this paragraph some practical aspects wil 

be discussed with respect to the fatigue tests that have been mentioned in the previous 
paragraphs. It will be shown that it is not that easy to comply to the conditions which are 
assumed when interpreting the test results.  

 
2 Point bending test: 
The (big) advantage of the 2 point bending test is that the shape of the specimen is such that 

the maximum stress doesn’t occur at the location where the load is introduced and doesn’t occur 
at the support of the system (see figure 135); this means that fatigue damage can “freely” 
develop. The disadvantage is that cutting the specimen is considered to be (somewhat) 

cumbersome. Furthermore restrictions need to be set to the thickness of the specimen in order to 
comply to the plain stress conditions which are assumed in the analysis. 
 

4 Point bending test: 
The problem with the 4 point (and also with the 3 point) bending test is that although the 
support system consists of rollers, some clamping forces need to be applied to fix the specimen. 

Furthermore, some clamping forces need to be applied in order to introduce the load. Figure 144 
shows the support and load introduction arrangement in a particular 4 point bending test. One 

will observe the clamping system and how clamping forces are introduced. 
It will be obvious that the clamping forces should be as low as possible and in this particular 
setup this was done by keeping the torque force by which the screws were tightened as low as 

possible. The influence of the clamping forces is shown in figure 145.  
If the clamping forces are too high (this also depends on the type of mixture) than failure will 
occur at the location where the load is introduced instead of somewhere in the middle of the 

beam (see figure 146).  
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Figure 144: Support and load introduction arrangement in a 4 point bending test. 

 

 
Figure 145: Tensile strain at the outer fiber of a 4 point bending beam (top) and shear stress in 

the middle of the beam (bottom) in relation to the applied clamping force. 
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Figure 146: Failure near one of the inner clamps due to a too high clamping force. 

 
UCT test 
The stress distribution in a UCT test is considered to be very simple but this is not the case at the 

top and bottom of the specimen where it is glued to the loading platens. Because of the applied 
tension force, the specimen should be allowed to contract freely in the lateral direction. This is 
not possible at the top and bottom of the specimen since there lateral movement is equal to zero 

because of the glue. This results in horizontal stresses at the bottom and top of the specimen 
and it is therefore likely that the specimen will fail closely to the bottom or top of the specimen 

and not somewhere in the middle what is expected. This problem can be overcome by applying 
extra adhesive so that a ring of confining glue is around the top and bottom end of the specimen 
(see figure 147). 

 

 
 

Figure 147: Ring of adhesive around top and bottom of specimen for providing confinement. 
 

Another issue with the UCT test is that a perfect alignment of the specimen is absolutely needed. 
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Indirect tension test 
The equations that are used to calculate the stresses inside an indirect tension test specimen are 

valid if a plain stress condition occurs in the specimen. Plain stress conditions do occur if the ratio 
diameter : thickness is equal or larger than 3. The specimen shown in figure 148 is actually too 
thick to fulfill the plain stress condition. 

 

 
Figure 148: Indirect tension test specimen which is too thick to comply with the assumed plain 

stress conditions. 
 

The plain stress criterion results in rather thin specimens and when the test is performed at 
temperatures of 10 oC and higher the chance that the upper and lower loading strip are 
penetrating the specimen is very likely (see figure 149). It is obvious that such failure has little to 

do with tensile failure. It is therefore strongly recommended to do indirect tension tests on 
specimens that fulfill the plain stress criterion (diameter : thickness ratio  3) at temperatures of 

5 oC and lower. Of course the penetration of the upper and lower loading strip can be overcome 

by using thicker specimens but then the plain stress equations are not valid anymore. 
 

 
 

Figure 149: Indirect tension test specimen where loading strips have penetrated the specimen. 
Failure is a combination of shear, compression and tension. 
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Figure 148 shows that a special rig is used to which the horizontal LVDT’s are attached. This rig 
is clamped to the specimen. Also in this case the clamping forces should be as low as possible 

since they provide confinement and will influence the measured displacements. 
 
8.6.8 Tests on slabs and beam on elastic foundation (BOEF) tests  

We have seen that by using the energy approach we might be able to make reasonable 
predictions of the initiation of fatigue life in terms NR but pavements can still sustain large 
numbers of load repetitions after initiation of fatigue damage. Depending on the structure and 

the materials used the crack propagation phase might be very significant. None of the presented 
fatigue tests however allows a realistic prediction of crack propagation to be made.  

The solution to all this uncertainty is of course to perform fatigue tests on fully supported slabs 
by means of rolling wheel loads. The MMLS3 (figure 150) is excellently suited to perform such 
tests. 

 

 
 

 
 

Figure 150: MMLS3. 
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The MMLS3 consists of four rotating axles (bogies) each having one wheel with a pneumatic tire 
300 mm in diameter. The load level on each tire can vary from 2.1 kN to 2.7 kN) through 

adjustment of the suspension system. The tire pressure can be brought up to 800 kPa. This 
equipment is capable of applying up to 7200 loads per hour. As is shown in figure 150, an 
asphalt slab is prepared in a steel frame which then is placed underneath the equipment. The 

asphalt slab can of course also easily be placed on a rubber foundation with a low stiffness 
modulus allowing tensile stresses and strains to be developing at the bottom of the asphalt layer 
as a result of the passing wheel loads. Unfortunately this equipment has, to the knowledge of the 

author, not yet been used for fatigue testing purposes. 
 

The “power” of using such a system has however been shown by Shell [45] which used such a 
system to determine which type of fatigue test (controlled load or controlled displacement test) 
gives a relationship which is the most appropriate one for pavement design purposes. The test 

setup as used by Shell is shown in figure 151. 
 

 
Figure 151: Slab fatigue tests as performed by Shell. 

 
During the test, the increase in tensile strain as well as the developments of cracks were carefully 

monitored; see figure 152. Figure 152 clearly shows that the crack propagation period during 
which the initially formed hairline cracks had developed to some kind of network and later on to 
real cracks is quite long; this is made visible in figure 153. 
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Figure 152: Tensile strain and visible cracking as observed in Shell’s slab testing. 

 

 
Figure 153: Number of load repetitions to various crack stages vs tensile strain at the bottom of 

the asphalt slab. 

No 
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Shell then correlated the results obtained on the slabs to the results of 3 point bending fatigue 
tests which were performed on specimens having dimensions of 230*30*20 mm (much smaller 

than the size of 4 point bending specimens which are used nowadays!). The beam fatigue tests 
were done in the constant load, the constant displacement and the constant energy dissipating 
mode. The results of these comparisons are shown in figure 154. 

Based on these comparisons Shell concluded that the displacement controlled beam fatigue tests 
correlated best with the  vs N2 relationship developed from the slab tests and therefore it was 

concluded that the constant displacement beam fatigue test results could best be used for design 

purposes. 
Given the fact that real asphalt pavements, especially in the USA, Europe, China, Japan etc are 
much thicker than the 40 mm thick slab used by Shell, and because of the fact that in Shell’s 3 

point bending test (very) small specimens were used, the validity of Shell’s conclusion on 
recommending displacement controlled fatigue tests is questionable for today’s conditions. 
 

Although fatigue tests on slabs by means of the MMLS3 or similar equipment is extremely 
important from a research point of view in making an effort to match laboratory conditions with 

practice, such tests are not feasible from a practical point of view (1. too much material is 
needed, from one slab one can take many beams, 2. test will take too long since fatigue tests are 
usually done at a frequency of at least 10Hz which means that 36000 repetitions are applied in 

one hour compared to the 7200 in the MMLS3 test). 
 
A reasonable alternative to the slab test might therefore be the slab on elastic foundation (BOEF) 

test which is shown in figure 155 [38]. In this test a beam similar to the ones used in 4 point 
bending tests is placed on a layer of rubber. In between the rubber and the beam a layer of 
Teflon is placed which limits to a very large extent the friction between the beam and the rubber 

layer. In this way one ensures tensile stresses and strains to be generated at the bottom of the 
beam and that the beam behaves independently from the rest of the structure (test setup). The 
fully supported beam is then subjected to a constant load or displacement signal which could 

have a haversine or a half sine shape. The test can be done with and without rest periods 
between the load pulses. The tensile strain at the bottom of the beam is calculated from the 
horizontal displacement which is measured just above the bottom of the beam. Wooden clamps 

are attached to either side of the beam to make sure that the beam is not “moving away” during 
the repeatedly applied load cycles. This can happen because the interface between the beam and 

the rubber subgrade is extremely slippery because of the applied Teflon layer. 
Figure 156 shows how the cyclic and accumulated strain develop during the test. 
 

The accumulated strain shown in figure 156 [38] is a combination of permanent strain and 
resilient strain which had no chance to recover completely. Remember that the response of a 
visco-elastic material to a load consists of an elastic part, a delayed elastic part and a viscous 

part. The cyclic displacement in figure 156 represents the elastic response while the accumulated 
displacement represents the delayed elastic part which could not recover because of continuous 
loading and the viscous part. Figure 157 [38] further explains this.   

This immediately implies that the strain accumulation would have been less if rest periods would 
have been applied between the successive load pulses. In that case the delayed elastic 
deformation would have time to recover completely (if the rest period is long enough).    
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Figure 154: Comparison of Shell’s slab and beam fatigue test results. 
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(a) 
 

 
(b) 

 

Figure 155: (a) The setup of the BOEF test and the haversine loading applied to the beam, where 
0.05P is the preload. Where A: LVDT for vertical displacement; B: Beam 50 x 50 x 400 mm; C: 

Wooden C-Shape Support; D: LVDT for horizontal displacement; E: Latex sheet; F: Rubber 

foundation; G: Steel plate. (b) Artist impression of BOEF test setup. 
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Figure 156: Typical development of the cyclic and accumulated strain during the BOEF fatigue 
test (P=1.75 kN) measured at 8 mm from the bottom of the beam using horizontal LVDT on 

position D. 
 
 

 
Figure 157: Sketch of the development of permanent, delayed and accumulated strain due to the 

haversine cyclic loading used in the BOEF test as a function of time. 

 
 

The question now is how the results of the BOEF test compare with the results obtained with the 
commonly used 4 point bending test. Such a comparison is shown in figure 158 [38] which shows 
that there is a significant difference between both tests. The BOEF tests were performed in the 
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controlled load mode with a continuous haversine signal while the 4 point bending tests were 
performed in the controlled displacement mode using a continuous sinusoidal signal.  

 

 
.  

   
Figure 158: Differences between the results about with the BOEF and 4 point bending tests. 

 

It is recalled that the results shown in figure 158 were already shown in figure 128 be it in a 
different way. It should be noted that in both tests “end of life” was defined as the number of 
load repetitions at which the modulus had reduced to 50% of its initial value. The main 

differences between the two tests are the fact that the BOEF test is performed on a fully 
supported beam while the 4 point bending test is not. The fact that the beam is fully supported 
has an effect on the redistribution of stresses after damage initiation and has a large effect on 

the crack propagation phase. Another reason might be that the amount of energy dissipation per 
load cycle in both tests in not the same. In the 4 point bending test the outer fiber of the beam is 

subjected to alternating tension and compression conditions implying that both conditions are 
contributing to the development of dissipated energy. In the BOEF test however there are only 
tension conditions implying that energy is only dissipated in the tension cycle. Unfortunately no 

stress – strain loops were measured during the BOEF tests to prove this point. On the other hand 
however creep occurs in the load controlled BOEF test which also contributes to damage 
development while such a creep doesn’t occur in the displacement controlled 4 point bending test.  

 
As has been shown, accumulated horizontal strain did develop during the BOEF test. This was 
explained as being accumulation of not fully recovered delayed elastic strain and creep. From 

figure 159 [38] however one can deduce that this so called “creep” might also be due to an 
increase of the width of the crack that develops during the test. From the development of the 
cyclic strain one can determine that at B, the beam stiffness had decreased to 50% of its initial 

value which corresponds with a crack that has grown over approximately 30% of the beam 
height. After that point, the cyclic as well as accumulated strain and the crack length increase 
rapidly.   
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Figure 159: Cyclic and accumulated strain in relation to number of load repetitions and crack 

development. 

 
In figure 158 a clear difference between the 4 point bending displacement controlled test and 
BOEF load controlled test has been shown. We do observe a difference in slope value “n” and a 

significant difference in intercept value “k” of the relationship N = k -n. Let us first discuss why 

the slope values should be different.  
The reason for this difference is because the 4 point bending tests were performed in the 

controlled displacement mode and the BOEF tests were done in the controlled load mode. 
Molenaar [39] has shown why these two testing modes result in different values for “n” and how 
these “n” values can be estimated. He showed that: 

 
n = {(2/m)} / (-0.93 + 0.65 Va) for displacement controlled tests and 
 

n = {2 * (1 + 1/m)} / (-0.93 + 0.65 Va) for load controlled tests 
 
where m = the slope of the relation between log t (t = loading time) and log Smix and Va is void 

content in [%]. The “m” parameter is a material parameter and is independent of the type of test 
and is therefore the same for the BOEF and 4 point bending tests. The average void content of 

the BOEF specimens was 4.68% while for the 4 point bending specimens the average void 
content was 4.47%. The difference in testing mode together with the difference in void content 
explains why the slope of the 4 point relationship is 4.586 while it is 5.23 for the BOEF test at m 

= 0.221. 
 
The difference in “k1” value (remember N = k1 * -n) between the two tests is due to the 

differences in support conditions and loading conditions. The outer fibers of the beam in the mid 
third part of the 4 point bending test are only subjected to a tensile stress. At the bottom of the 
BOEF specimen however there is a longitudinal horizontal stress, a transversal tensile stress 

which is about 5% of the longitudinal stress, and a vertical stress which also is about 5% of the 
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longitudinal stress (please note that the 5% values are valid for the test/specimen geometry and 
test conditions used in the particular BOEF test, 5 0C and 8 Hz, Smix ≈ 20000 MPa; the 5% 
values change when the mentioned conditions change). This implies that at the bottom of the 
BOEF beam there is a 3D state of stress while at the bottom of the 4 point bending beam there is 
a 1D stress situation (there is also a very small tensile stress in the lateral direction at the bottom 

of the 4 point bending beam but this is so small that it can be neglected). The stresses at the 
bottom of the BOEF beam are dependent on the magnitude of the load, the beam geometry and 
the stiffness ratio Smix / Erubber subgrade. The stresses at the bottom of the 4 point bending beam 

are however only dependent on the load and the test specimen geometry. All this implies that 
the shift factor between the BOEF and 4 point bending fatigue results not only depends on the 

support conditions and the mode of loading but also on the stiffness of the mixture. It is 
therefore NOT a unique parameter which is independent of the test conditions!  
 

8.6.9 Which test should we preferably use? 
In the previous sections we have extensively discussed  test methods, testing modes, effects of 
specimen size etc and we have compared the stress and strain signals as used in the various 

tests with those that actually occur in a pavement. From what has been presented we can 
conclude the following: 

 The fatigue life as determined by means of laboratory tests is highly affected by the type 

of test, mode of testing and in a number of cases by the specimen size. This makes the 
fatigue characteristics as determined by means of the different tests are a specimen 

property rather than a material property.  
 Each of the mentioned tests however can be used for comparing fatigue resistance of 

different mixtures and assessing the influence of modifiers etc. 
 Only tests performed with wheel load simulators and to large extent BOEF tests are good 

to fair simulations of reality.  
 Given the differences between the test conditions and the conditions occurring in practice 

(e.g. stress/strain signals and support conditions) the fatigue life as predicted by using 

laboratory determined fatigue relations need to be multiplied with a certain factor in 
order to match predicted fatigue life with observed fatigue life.  

 The less representative the test is, the larger the value of this multiplication factor (also 
called calibration factor) will be.  

 A huge amount of information on fatigue of asphalt mixtures is based on 2, 3 and 4 point 

bending; to a lesser extent this is the case with the indirect tension and UCT tests. 
Although none of these tests is perfect, their advantage is the large amount of 

experience and  information obtained with these tests. 
 The indirect tension test is very attractive since it can be performed on samples which 

can be cut from cores taken from the pavement. The test should however be performed 
at fairly low temperatures in order to avoid excessive damage of the sample near the 
loading strips. 

 The 2 point bending test on trapezoidal specimens is to be preferred over the 4 point 
bending test since damage development is not influenced by clamping forces etc. Cutting 

2 point bending specimens is unfortunately more complex than cutting 4 point bending 
specimens. 

 The UCT test has the advantage of being a uniaxial test in which “simple” stress 

conditions occur. The disadvantage however is that UCT samples might be hard to obtain 
from field cores. Furthermore the test is not as simple as it seems because high 

requirements have to be set to the stiffness and rigidity of the test set up, the alignment 
of the specimen and the gluing of the end caps. 

 Based on all this, the author tends to conclude that the BOEF test is to be preferred for 

practical fatigue testing of asphalt mixtures. This is because of the realistic loading and 
support conditions, the absence of any clamping forces and the fairly simplicity of the 

test. Unfortunately little practical experience has been built up with this test yet.  
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8.6.10 Equations and nomographs to predict fatigue relationships 
As is the case for the mixture stiffness, various equations and nomographs have been produced 

in time to estimate the fatigue performance of asphalt mixtures. It goes too far to present here 
each and every equation and nomograph. Only a few will be presented, the selection of which is 
based on whether the equation/nomograph is often used, whether the test method on which it is 

based is still used and whether the equation makes sense. This later aspects needs to be 
explained. 
 

We have seen that asphalt mixtures are visco-elastic materials which behave like an elastic solid 
at low temperatures and short loading times and more viscous at high temperatures and long 

loading times. This of course also affects the fatigue and fracture behavior of asphalt concrete. 
Let us discuss in an as simple as possible way how these effects can be described. In order to be 
able to do so we will be using principles of fracture mechanics. 

 
Fracture mechanics principles 
Figure 160 shows that three modes of cracking can be discriminated. 

 

 
 

Figure 160: Three modes of cracking; the opening mode occurs in cases of tension and bending. 
 

The rate at which a crack will propagate is of course dependent on the stresses at the tip of the 
crack and the resistance of the material to cracking. This is schematically shown in figure 161. 
Assume we have a specimen that is subjected to a tensile stress . In the middle of the specimen 

we have a small crack with length “c” on either side of the specimen. Because of this crack we 

have stress concentrations at the tip of the crack and the stress distribution in the cross sectional 
areas at the location of the crack is certainly not uniform as it is at all other cross sectional 

locations in the specimen. As is shown in figure 161, this stress concentration is characterized by 
means of the parameter K called the stress intensity factor. K is dependent on the tensile stress  

and the crack length “c”. It will be clear that the crack will grow faster when K gets higher which 

happens when “c” gets larger. The crack growth rate can be described by means of the so called 
Paris’ law which is: 
 

dc/dN = A Kn 
 
where dc/dN is the increase in crack length “dc” per load cycle “dN” and “A” and “n” are material 

parameters.  Theoretical justification for the use of Paris’ law for visco-elastic materials was given 
by Schapery [46, 47, 48]. He showed that the “constant” A could be written as follows:           
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Figure 161: Stress intensity factor and crack growth 
 

 

 
 

 
Where: 
I1 =  K1 / 2  m 

 = size of failure zone in front of the crack tip [mm] 

m = tensile strength [MPa] 

K1  = stress intensity factor for mode I loading [N/mm1.5] 

D(t) = D0 + D2 t
m 

D0 = creep compliance at t = 0 s [MPa-1] (creep compliance = 1/E or 1/Smix) 
 = fracture energy [Nmm/mm2] 

t = time [s] 
m = slope of the double logarithmic creep compliance curve 
 = Poisson’s ratio 

dt = period of one loading cycle [s] 

w(t) = pulse shape of the stress intensity factor related to time 
 
He assumed a non-linear relation between stress and strain following 

 
 / o = bo 

b1 

 

Where  = applied stress and o = stress at failure. 
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He then showed that 
 

n = 2 (1 + 1/m) 
 
when the tensile strength and fracture energy are asumed to be constant along the path of the 

crack growth. It was hypothesized that this occurs in constant load (stress) fatigue tests. 
 
When the length of the failure zone ahead of the crack tip and the fracture energy are assumed 

to be constant then 
 

n = 2 / m 
 
It was hypothesized that this occurs in constant displacement fatigue tests. 

 
Also a third case was defined in which the failure zone and the crack opening distance are 
assumed to be constant. In that case 

 
n = 2 / {m * (1 + b1)} 
 

Molenaar [39] showed that the n calculated in this way should be corrected for the effects of 
voids in the mixture if the void content is larger than 3%. This resulted in  
 

n = {(2/m)} / (-0.93 + 0.65 Va) for displacement controlled tests and 
 
n = {2 * (1 + 1/m)} / (-0.93 + 0.65 Va) for load controlled tests. 

 
Groenendijk [23] showed that beam bending fatigue relations could be written as: 
 

 
 
which can be simply written as N = k1 

-n. Please note that the slope of the fatigue relationship is 
the same as the slope of Paris’ crack growth relation and that this value is related to the slope of 
the log Smix vs log t relation! 
 
The material presented above implies that equations and nomographs developed to predict 
fatigue relationships should comply to the following requirements: 

 the slope of the fatigue relationship cannot take a constant value; it should be 

dependent on loading time and temperature; 
 the intercept value of the fatigue relationship should at least show dependency on the 

stiffness modulus and the tensile strength and fracture energy of the asphalt mixture. 
Or at least a dependency on parameters which control stiffness, tensile strength and 
fracture energy.  

 
Equations and nomographs to predict fatigue relationships 
In [31] the following equation is presented, which is a modified version of the one developed by 
the Asphalt Institute [49], to predict fatigue life of asphalt mixtures.  
 

N = 0.00432 * C * -3.9492 * E-1.281 
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C = 10M 
 

M = 4.84 * {( Vb / ( Va + Vb)) – 0.69} 
 
Va = void content [%], Vb = volumetric bitumen content [%]. The units for [E] and [] are not 

given in [31]. 
 
This equation is developed from constant load fatigue tests. As will be shown later on multipliers 

are added to the equation to predict the amount of fatigue cracking visible on the pavement 
surface. 
 

The disadvantage of this relationship is that the slope of the relationship is a fixed value and we 
have seen that this cannot be the case.   
 

Francken and Clauwaert [50] developed the following equation from controlled load fatigue tests 
on 30 mixtures using the 2 point bending test on trapezoidal specimens: 

 
 / E* =  = K N-a 

 
With:  

K = G *{ Vb / (Vb + Va)} * exp (-5 * Vg / 100) 
 

a = 0.194 B + 0.3 * Vg / 100 -0.109 
 
Vb = volumetric bitumen content [%] 

Va = void content [%] 
Vg = volumetric aggregate content [%] 
B  = d log (pen) / d log t 

pen = penetration 
t = loading time [s] 
If B  0.43 then G = 75.3 * 10-4 

If B > 0.43 then G = 0.874 B2 – 0.86 B + 0.216 
 
The mixtures tested varied in volumetric bitumen content (6.3 – 17.5%), void content (2.9 – 

22%), bitumen penetration (47 – 99) and B value (0.321 – 0.438) so a wide range of mixtures 
was tested. A comparison between the measured fatigue strain and calculated fatigue strain 
showed that almost all values were within the +20% to – 20% range. 

 
Medani and Molenaar [51] developed the following equations based on over 100 displacement 
controlled 4 point bending fatigue test results (beams were all 50 mm thick) reported in literature:  

 
N = k1 

-n  

 

log k1 = 6.589 -3.762 n + 3209 / E* + 2.332 log Vb + 0.149 Vb / Va + 0.928 PI -0.0721 TR&B 
 
Where: E* = complex modulus [MPa], 

 Vb = volume percentage of bitumen [%], 
 PI = penetration index. 
 TR&B = softening point [0C]. 

 
For “n” they developed the following equation for which over 30 different results were available: 

 
n = 2 /{ m (0.541 + 0.346 / m – 0.0352 Va)} 
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Where: m = slope of the log t vs log E* relationship, 
 Va = void content [%]. 

 
Figure 162 shows the comparison between the predicted and observed log k1 values while figure 
163 shows the comparison between the predicted and observed “n” values.  

 
In figure 162 we see that all predicted log k1 values are within a range of -10% to 10% of the 
experimental values which looks good but keep in mind that we are talking about logarithmic 

values! Figure 163 shows that in 33 out of the 38 cases “nest” correlated very well with the 
experimental “nexp” values! This is important since “n” is a material property not affected by the 

type of test and it seems to be possible to estimate this property with a rather high degree of 
accuracy!  
 

 
Figure 162: Comparison between experimentally determined log k1 values and log k1 values 

calculated with the Medani/Molenaar equation. 
 

Shell has also produced equations as well as a nomograph to predict the fatigue characteristics of 

asphalt mixtures under controlled and controlled displacement conditions. The input for those 
equations and nomographs are the volume percentage of bitumen, the PI of the bitumen and the 
mixture stiffness. The disadvantage of these equations is that the slope of the relationships is 

fixed at a value of 5 while the slope, as we have seen, cannot take a constant value; it depends 
a.o. on loading time and temperature. Furthermore the relationships are based on 3 point 
bending tests on rather small specimens which are not used anymore. Therefore it was decided 

not to present the Shell equations and nomograph in these notes.  
 

From the presented discussion it has become clear that both the Francken/Clauwaert and 
Medani/Molenaar equations fulfill the requirements which were set earlier being: 

 The slope of the fatigue relationship cannot take a constant value; it should be 

dependent on loading time and temperature. 
 The intercept value of the fatigue relationship should at least show dependency on the 

stiffness modulus and the tensile strength and fracture energy of the asphalt mixture. 
Or at least a dependency on parameters which control stiffness, tensile strength and 
fracture energy.    
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Figure 163: Comparison between experimentally determined “n” values and “n” values calculated 

with the Medani/Molenaar equation (“nest”). The given “nmas” values are calculated with nmas 
= 2/m so no correction for Va and “m” was applied on these values. 

 

The Francken/Clauwaert equation is therefore recommended if fatigue characteristics under 
controlled load conditions are to be estimated while the Medani/Molenaar equation is 
recommended for controlled displacement conditions. 

 
Let us now return to fatigue relationships based on dissipated energy. We recall that dissipated 

energy based fatigue relations can be written as: 
 
Nfat = ( * Smix1 * sin 1 /  * A)1/(z-1) 1

2/(z-1) 

 

We have seen that Nfat includes the number of load repetitions to crack initiation plus the number 
of load repetitions to crack propagation. The number of load repetitions to crack propagation is 

unfortunately affected by the type of test. This makes that Nfat is not a unique number. The 
number of load repetitons to crack initiation NR (based on on the dissipated energy ratio) should 
be independent on the type of test and the results shown in figure 143 has shown that this 

seems indeed to be the case (although some scatter and some geometry influences are still 
visible). So we might rewrite the dissipated energy based fatigue relation such that we predict 
the number of load repetitions to crack initiation. In that case we obtain: 

 
NR = ( * Smix1 * sin 1 /  * A)1/(z-1) 1

2/(z-1) 

 

Let us now investigate whether we can also estimate the parameters of this fatigue equation 
from mixture composition data. 
Since the dissipated energy per cycle is not changing until NR, we can take  = 1. We have also 

seen that the slope of the fatigue relation “n” and the slope of the dissipated energy based 
fatigue relation “z” are correlated via: 
 

-n = 2 / (z – 1)  
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Earlier in this section it was explained how the value of “n” can be estimated from the slope of 
the log t vs log Smix relationship and the void content of the mixture. This implies that the value 

of “z” can be estimated as well. Furthermore we have seen that Smix can be estimated from the 
volumetric mixture composition and bitumen characteristics. By means of the equation given in 
section 8.5 we can estimate Poison’s ratio. Finaly the phase angle can be estimated using figure 

164, which is shown below, and which is taken from [28]. 
 

 
Figure 164: Chart to eatimate the phase angle of asphalt mixtures. 

 
The only unknown parameter which needs to be estimated is the “A” parameter. Unfortunately 
this author was not able to find enough NR based fatigue test results which would allow him to 

make a relationship between “A” and mixture composition parameters. It should certainly be 
possible to develop such an relationship. 
 

8.7 Healing 
Healing is the potential of a material to repair itself. An excellent example of a material that has 

the capacity to heal is water. If you dive from the diving tower into a swimming pool (hopefully 
filled with water) you will severely damage the water. Depending on how you dive into the water 
there is an enormous amount of splash and spray. As soon as you are in the water, the “gap” 

you have made in the water surface closes immediately and it looks as if nothing has happened. 
The water returns to an undamaged state. It is clear that this healing is because of the excellent 
capacity of water to flow. 

The other prerequisite for healing is that it can only occur when the crack is closed, when the 
crack faces are in close contact with each other. 
Bitumen also has an excellent capacity to flow when it is hot and/or when the loading time is 

long. Because bitumen can heal, also asphalt mixtures can heal but only when the conditions are 
such that the bitumen/asphalt mixture will flow. This implies that temperatures should be high 
and the time to recover is long. It will be clear that also the type of bitumen will have an 

influence on the capacity to heal. A bitumen with a low penetration (e.g. pen = 15) will hardly 
flow, especially not at lower temperatures, while a soft bitumen (e.g. pen = 180/200) will easily 
flow even at lower temperatures. 
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So for bitumen we can define the following parameters influencing its healing capacity: 
 Viscosity characteristics of the bitumen. 

 Temperature. 

 Healing time. 
 
Since bitumen is the only component in an asphalt mixture that is capable to heal, these three 

factors also influence the healing capacity of asphalt mixtures. Next to that however the amount 
of bitumen plays an important role. So in conclusion we can state that a mixture with a low 

bitumen content, made of a hard bitumen which is allowed to heal for a short time at a low 
temperature will hardly show any healing or might even show no healing at all. 
 

It will be clear that even a material with a high healing capacity will show no healing at all if a 
crack stays open, if the two crack faces are not touching each other. Healing can only occur at 
crack closure. Most cracks we see at the pavement surface have a certain width and because of 

this, it is very unlikely (actually impossible) that these macro cracks will heal. Micro cracks which 
are not visible with the naked eye might very well close when the material is unloaded so healing 
of micro cracks can/will occur. 

 
The other factor that plays a role is the amount of micro cracking. It will be obvious that a 
mixture with a large amount of micro damage will take a longer time to heal than a mixture with 

a small amount of micro damage.   
 
Figure 165, which was derived by Molenaar using data given in [50] shows the effect of the 

mixture composition on healing. The results were obtained using a rest period to loading pulse 
time ratio of 20.  

 
 

 
Figure 165: Effect of the amount of bitumen expressed as Vb * Vb / (Va + Vb) on healing. Vb and 

Va are volume % of bitumen and void content respectively. 
 

The data used to derive figure 165 were obtained on mixtures which had a volumetric bitumen 
content ranging between 10.7 – 17.5 %, void contents between 2.9 and 7.6 % and the 
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penetration of the bitumen was between 47 and 58. These numbers imply that we are dealing 
with fairly bitumen rich mixtures. The fatigue tests were load controlled tests performed on 

trapezoidal specimens (2 point bending). 
 
Figure 166 [52], which is based on fatigue data by Shell shows the influence of the viscosity 

characteristics on healing. These test results are most probably obtained on 4 point beam 
bending displacement controlled tests. 
 

 
Figure 166: Influence of bitumen content and type of bitumen on healing of asphalt mixtures. 

N25 is the number of load repetitions to fatigue with a trest / tload ratio = 25. No is the number of 
load repetitions without rest periods. Binder content is in mass %.  

 
Figure 167 [38] shows the amount of healing which was measured on a base course mixture 
after the originally tested beams were stored for 18 months at 15 oC. The originally tested beams 

were tested to En / E1 = 0.5. The retested beams were the same as the originally tested beams. 

 
 

Figure 167: Original fatigue relation (y = -4.586x + 14.642) and after retesting (y = -3.9488x + 
13.215) both determined at 5 oC and 8 Hz. 
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None of the originally tested beams showed any signs of damage. The beams were tested in the 
controlled displacement mode. 

The results shown in figure 166 were obtained on a mixture with a void content between 4.08 
and 4.82% and a bitumen content by volume between 8.85 and 8.92%. The penetration of the 
bitumen was 19. The results show that after this long rest period, healing in terms of fatigue 

strength did occur at the high strain levels but not at the low strain levels. Furthermore it should 
be noted that the initial stiffness of the retested beams was roughly speaking the same as the 
stiffness of the originally tested beams. 

 
Figures 168 and 169 [41] show similar results but in this case the original beams were tested to 

a damage level of En / E1 = 0.3 so at the end of the tests the beams had a higher damage level 
than the ones shown in figure 166. The original tests as well as the retesting were performed at 
20 oC and 10 Hz. The mixture was a fine graded wearing course mixture with a maximum grain 

size of 8 mm. The void content was 3.42% on average and the bitumen content (45 pen bitumen) 
was 6.5 % by mass. In this case the storage period was 6 months at 15 oC. 
 

 
Figure 168: Initial stiffness of original and retested 4 point bending specimens. Retested at En / 

E1 = 0.3. 8 month storage at 15 oC. 

 
Figure 169: Fatigue life of original and retested 4 point bending specimens. Retested at En / E1 = 

0.3. 8 month storage at 15 oC. 
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When the results of figures 168 and 169 are compared with those in figure 167 one will notice 
that although the mixture of figures 168 and 169 had a higher bitumen content, a lower void 

content, and were made of a softer bitumen, the healing is less than the healing of the mixture 
shown in figure 167. This might have to do with the fact that the mixture of figure 167 had a 
longer time to heal but more probably this difference is caused by the higher damage level in the 

mixture of figures 168 and 169. 
 
Healing tests on mixtures by means of fatigue tests with rest periods are quite cumbersome. 

Therefore it is more practical to do healing tests on bitumen and bituminous mastics and mortars 
since these are the composites in the mixture responsible for healing. Excellent work on this has 

been done by Qiu [53]. He tested mastics made of Q8 70/100 pen bitumen (pen = 95; TR&B = 45 
oC) mixed with a limestone filler in a bitumen : filler mass ratio of 1 : 1; he called these mastics 
Pbmas. He also made similar mastics in which he replaced the Q8 70/100 bitumen by a SBS 

modified bitumen produced by Shell (pen = 65; TR&B = 70 oC) and called these mastics SBSmas.  
He tested diabolo shaped specimens (figure 170) till fracture, put them in the mold again and 
stored them for some time and a specific temperature and then retested them (figure 171). The 

results are shown in figure 172. 
 

 
 

Figure 170: Diabolo shaped mastic specimens as used by Qiu. 

 
 

 
 

 
Figure 171: Test procedure as used by Qiu. Tension tests at 100 mm/min and 0 oC 
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Figure 172: Test results obtained by Qiu in his fracture – healing – re-fracture tests. Healing 

percentage is fracture load after healing / initial fracture load. 
 

Figure 172 shows that cracked mastic specimens heal. It also shows that temperature has a very 
large effect on the healing process. The figure furthermore implies that a healing times of less 
than an hour or even a few minutes (these healing times occur in practice) healing of fractured 

specimens will not be significant not even at elevated temperatures (this in spite of the fact that 
the crack was forced to close). 
 

Qiu also studied the healing of mastic specimens which were not fractured but did show a certain 
amount of damage. For this he performed tests shown in figure 173. 
 

 
 

Figure 173: Qiu’s healing type 2 tests. Note that in this case displ. rate is 10 mm/minute at 0 oC. 
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Qiu related the total amount of deformation applied to the specimen to a so called single crack 
width (SCW) (see figures 174 and 175). 

 

 
 

Figure 174: Load – displacement curve of a direct tension test on mastics and relation between 
the applied displacement to the so called single crack width. 

 

 

lIn these tests  

 
Figure 175: Appearance of some single crack width. 

 

Figure 175 clearly shows that a SCW of 30 m is nothing more than some “scratches” in the 

material. 
The results Qiu obtained in this way are shown in figure 176. 
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Figure 176: Healing of Pbmas and SBSmas in Qiu’s phase 2 testing program. Pbmas-2mm means 

that the total displacement was 2 mm implying a SCW of 10 m  

 
Figure 176 shows the healing master curves at 20 oC. This temperature was selected because it 

is most relevant for the Netherlands. The figure shows very important information in that it 
appears that a large amount of healing will occur within 6 minutes (0.1 hour) if the micro cracks 

have a width of less than 10 m! This amount of damage does occur well beyond the peak in the 

load vs displacement curve (SCW = 10 m implies a total displacement of 2 mm which is beyond 

the displacement at peak load shown in figure 173).  
 

Although figure 176 shows that micro cracking in mastics heal fairly well, one should realize that 
in an asphalt mixture the mastic only composes about 15% of the total volume of the asphalt 
mixture. The other 85% are voids, sand and coarse aggregates. We should also keep in mind 

that figure 175 only presents healing of cracks in the mastic and these cracks are called cohesive 
cracks. In reality There are however we also have adhesive cracks which form around the coarse 
aggregates and the question is to what extent these adhesive cracks will heal. Figure 177 gives a 

schematic overview of cohesive and adhesive cracking while figure 178 clearly shows the 
difference between the two types of cracking. 

 
To the knowledge of the author only little work has been done on healing of adhesive cracking. 
The question is whether such healing will occur. Adhesive healing in the ceramic waste aggregate 

mixture shown in figure 178 will certainly not occur. Since the limestone aggregate shown in 
figure 178 on the right hand side shows some mortar “beard” some healing might occur in that 
interface  

 
All this implies that we also have to pay attention to the adhesive zone and have to pay attention 
to the factors that control adhesive cracking.   
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Figure 177: Crack growth process, adhesive and cohesive cracking. 

 

  
 

Figure 178: Adhesive cracking in a mixture made with crushed ceramic waste aggregate (left) 
and cohesive/adhesive cracking in a mixture with limestone aggregate. 

 

8.8 Adhesive cracking 
Whether cracking will be mainly adhesive or cohesive depends of the affinity of the mastic with 
the aggregates. This affinity is highly affected by the acidity level, whether the aggregates are 

mainly positively or negatively charged and by the texture of the aggregate surface. Figure 179 
e.g. shows the texture of the ceramic and limestone aggregates and one will not be surprised 

that bituminous mastic will adhere much better to the rough limestone surface than to the very 
smooth ceramic surface. This finding implies that the specific surface area of the aggregates play 
an important role in the adhesion between the bituminous mastic and the aggregates. 

 
Adhesion between a solid (aggregate particle) and a liquid (bituminous mastic) depends on how 
much the solid and liquid “like each other”. A nice example of this is shown in figure 180. The 

liquid drop on the left has a high affinity with the aggregate surface since the liquid is spreading 
over the aggregate surface. The liquid drop on the right doesn’t have affinity with the aggregate 
surface since the drop stays the drop. 
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Figure 179: Texture of the ceramic (left) and limestone (right) aggregate (magnification 2500 *). 

 

 
 

Figure 180: High affinity between liquid and aggregate (left) and no affinity (right) [54]. 
 

The wetting of a surface by a liquid can be described by means of the model shown in figure 181. 
 

 
Figure 181: Forces involved in the wetting of a surface. 

 
We can write: 
 

sv = sl + lv cos sl 

 
Where: sv  = interfacial energy between solid and vapor, 

        sl  = interfacial energy between solid and liquid, 

 lv = interfacial energy between liquid and vapor, 

 sl = contact angle between solid and liquid.  

 

After some manupilation and neglecting the influence of the spreading pressure we obtain: 
 
l * (1 + cos sl) = s + l + sl 
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Where: l = surface energy of liquid, 

 sl = contact angle between solid and liquid, 

 s = surface energy of solid, 

 sl = interfacial energy between solid and liquid. 

 
Hefer and Little [55] showed that the total energy that is needed to split two materials from each 

other can be written as: 
 
Wa = -G12

a = 1 + 2 + 12 

 
Where: Wa = work of adhesion 
 G12

a = change of Gibbs free energy per unit area 

 1 = surface energy of material 1 

 2 = surface energy of material 2 

 12 = interfacial energy between materials 1 and 2 

 

By combining the equations given above we arrive to: 
 
Wa = -Gls

a ≈ l * (1 + cos sl) 

 
There are several methods to determine the surface free energy of bitumen and aggregates. It 
goes to far to describe them in detail here; a detailed discussion on this topic can be found in 

[54]. Well known methods are the Sesile drop method, the Wilhelmy plate method and the  
Universal Sorption Device (see e.g. [56]). For the discussion on adhesion between bitumen and 
aggregates it is sufficient to know that surface energies play an important role in whether 

bitumen and aggregates adhere well or poor to each other. Table 25 shows the Gibbs free 
energy of adhesion as determined for different bitumen (B1 – B6) and aggregate (A2 – K2) 

combinations.  
 
G A2 B2 C2 D2 E2 F2 G2 H2 I2 K2 

B1 125.84 116.56 107.42 106.56 113.24 128.61 160.06 107.84 120.16 129.08 

B2 154.59 150.49 145.83 127.14 149.35 165.23 189.68 140.45 154.73 173.90 

B3 141.66 131.69 122.79 116.23 128.91 145.98 184.04 122.55 136.24 149.11 

B4 173.28 171.90 169.97 139.41 172.24 188.70 211.34 161.20 176.79 202.84 
B5 138.70 129.46 121.30 113.27 127.01 143.51 180.01 120.61 133.94 147.31 

B6 106.98 95.48 83.95 94.33 90.79 105.36 137.16 87.40 98.35 100.63 

 

Table 25: Gibbs free energy (Gf) of adhesion as determined for different bitumen – aggregate 
combinations [56]. 

 

As is shown in table 25, some bitumen – aggregate combinations adhere (much) better 
(indicated by a high G value) than other combinations. In particular using bitumen B4 results in 

a good adhesion with all aggregate types while bitumen B6 gives the poorest adhesion. Also  

using aggregate types G2 and K2 results in a good adhesion. Unfortunately the names of the 
bitumens and aggregates cannot be given since this is propriety information belonging to the 
contractor who invested in this investigation. 

 
It will be clear that the adhesive characteristics are also influencing the fatigue resistance. We 
have seen that beam fatigue relationships can be written as: 
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Lytton has shown that the parameter A depends a.o. parameters on the Gibbs free energy. This 

dependency is shown in figure 182. 
 

 
Figure 182: Effect of Gibbs free energy on the fracture parameter “A”. 

 
Together with table 25, figure 182 clearly shows that it makes quite some difference in fatigue 
resistance whether bitumen – aggregate combination B6 – C2 is selected or combination B4 – G2. 

It also shows that one has to be careful with changing the type of aggregate or bitumen during a 
project because such changes can have a significant effect on mixture performance. 

 
Although the author only refered a little to the work done at Texas A&M University, he likes to 
mention that excellent ground breaking work in this field has been done by Texas &M 

researchers such as Little, Lytton, Bashir and the MSc and PhD students working under their 
supervision. Work reported in [56] e.g. was done at Texas A&M under the supervision of the 
researchers mentioned above. 

 
The question now is which type of cracking is dominant is it adhesive, cohesive or do we see 
mixed mode cracking? In [57] a relationship between bitumen film thickness and cohesive and 

adhesive strength is presented (figure 183). This figure implies that at a bitumen film thickness 
of 0.008 inch (0.2 mm) and less adhesive failure is going to be dominant. 
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Figure 183: Cohesive and adhesive strength in relation to bitumen fil thickness. 

 
Mo [58] in his research showed that the type of cracking is also dependent on the temperature 

and type of aggregate (figure 184). 
 

 
Figure 184: Type of cracking in relation to temperature and aggregate type (B = Bestone, G = 

Greywacke; SB = short time aging of the binder, LB = long time aging of the binder). 
 

 
Mo obtained these results by testing stone – bitumen – stone columns in which a 15 m thick 

bitumen film was placed between two stone columns (see figure 185) which had a diameter of 

6.5 mm. The aggregates used were a sandstone (Bestone) and Greywacke. The bitumen used 
was a SBS modified bitumen provided by Shell (Cariphalt XS). 
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Figure 185: Stone – bitumen – stone columns as used by Mo and placement of such specimens in 
the DSR.  

 
From figure 184 it can be concluded that in case of the sandstone (Bestone) adhesive cracking 
was clearly dominant over the entire temperature range. In case of the Greywacke more than 50% 

of the failure surface showed adhesive cracking at temperatures of 5 oC and lower. All in all this 
means that the dominance of adhesive cracking over cohesive cracking depends on the type of 
aggregate, type of bitumen and temperature (which also implies loading time). 

 
The results given in table 25 can be interpreted in this way that adhesive cracking is more likely 
to occur than cohesive cracking for those bitumen – aggregate combinations which have a low 

G. 

 
The low G combinations also point to another problem which is the water resistivity of those 

mixtures. If water has the chance to penetrate to the bitumen – aggregate interface through 
cracks then it will try to “push away” the bitumen. This is because water is a very strong dipole 
and has therefore by definition a greater affinity to aggregates than bitumen. However, the 

higher the G of the specific bitumen – aggregate combination is the more difficult it is for water 

to replace the bitumen. 
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All in all this means that the fatigue resistance of asphalt mixtures which is normally determined 
in dry conditions might be disappointingly low when the mixture is facing wet conditions in reality. 

This is of course dependent on the void content of the mixture. The lower the void content, the 
less the mixture will be vulnerable for moisture influences. Mixtures with a void content < 4 à 5% 
are believed to be hardly affected by moisture since the voids will not be connected at these low 

void contents. If however (micro) cracks start to develop also these dense mixtures will become 
vulnerable for moisture.   
 

8.9 Aging related cracking 
As we have previously discussed aging resulting in hardening of the bitumen occurs during 

production and laying and during the service life of the pavement. Aging is caused by loss of 
volatiles (mainly during production and laying), oxidation (during the service life) and exudation 
(during the service life). Exudation is the process of the lighter fractions being absorbed by the 

aggregates; the aggregates should of course be porous otherwise absorption cannot take place. 
This is caused by the fact that the bitumen itself is not stable. Shell [33] has developed an 
exudation test which acts as follows. 

Defined quantities of bitumen are placed in drilled recesses of a marble plate of specific Italian 
origin. The plates are heated to 60 oC for four days under a nitrogen blanket (to prevent 
oxidation). During this period oily rings develop which are measured with a microscope under 

ultraviolet light. For a pen 60 material a ring width of less than 2 mm is an indicator for good 
performance.  

 
Oxidation of bitumen causes an increase in polarity through formation of carbonyls and sulfoxides 
primarily in the asphaltene fraction and an increase in polarizability through conversion of 

aromatic resins to asphaltenes. As polarity and dispersion forces increase, asphaltene particles 
bind more tightly resulting in layering. This effect increases with increased oxidation. The layering 
of the asphaltenes particles imparts rigidity which in turn leads to cracking as visco-elastic 

properties are lost. The increase in overall polarity of the bitumen increases its viscosity. One 
could say that due to aging the bitumen changes from a more sol type bitumen to a more gel 
type bitumen. 

 
Aging can result in cracking even when no traffic loads are applied. Figure 186 shows an example 
of such cracking. 

 

 
 

Figure 186: Example of cracking due to aging/hardening of the binder. 
 
Rowe e.a. [59] howed that the development of such cracking can be related to the change of the 

Black diagram in time (figure 187). 
 

http://www.google.com/url?sa=i&rct=j&q=&esrc=s&frm=1&source=images&cd=&cad=rja&docid=lalLoe5qBXA0EM&tbnid=hE-Lii3ltGeXRM:&ved=0CAUQjRw&url=http://toheroa-jim.blogspot.com/2012/02/alligator-cracking-of-asphalt-pavements.html&ei=jqmDUsrUB-ub0wXyu4H4Dw&bvm=bv.56343320,d.Yms&psig=AFQjCNHjXZC_fj_wvs3dpZRWuwIOlsJwSA&ust=1384446509274557
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Figure 187: Black diagram and non-load associated cracking. 

 
Figure 187 also shows how the Black diagram of three bitumens was changing in relation to the 
nr of hours (0, 20, 40, 80 hrs) aging  in the PAV (pressure aging vessel). The figure shows that 

bitumen WC shows the fastest change and is therefore the bitumen which is the most sensitive 
of the three to show aging related cracking. 
 

From the material presented here it becomes obvious that if one has to work with a bitumen of 
unknown/unspecified quality, doing aging tests in combination with viscosity/DSR tests and 

exudation droplet tests is a good way to find out whether one is dealing with a bitumen of good 
or marginal quality. 
 

8.10 Permanent deformation in asphalt mixtures  
Figure 188 is a typical example of severe rutting in the asphalt layers of a flexible pavement. The 
permanent deformation shown in this picture is not only due to viscous densification of the 

asphalt layer but also due to shear deformation; notice the ridges next to the wheel paths. From 
what have been discussed in the previous sections it will be clear that permanent deformation is 
controlled by: 

 the wheel load and, more importantly, the contact pressure distribution, 
 temperature and loading time, 

 the viscosity characteristics of the bitumen, 

 the type and amount of filler which, together with the bitumen, makes the mastic, 
 the stone skeleton (gradation and angularity of the aggregates). 
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Figure 188: Permanent deformation in the asphalt layer. 
 

Let us first discuss the stresses that occur in the asphalt wearing course and binder course due to 

a wheel load and which are responsible for the permanent deformation.  
 
Wang [60] analyzed the stresses at mid depth of the wearing course of the pavement shown in 

figure 189. 
 

 
 

Figure 189: Pavement structure analyzed by Wang. 
 

The wearing course was a 50 mm thick porous asphalt concrete (PAC) or dense asphalt concrete 

layer (DAC). The second, third and fourth layer consisted of stone asphalt concrete (STAC) which 
is a base course type of mixture with a thickness of 60, 80 and 90 mm respectively containing 

RAP. The 250 mm thick AGRAC layer was a layer of 85 % crushed old asphalt and 15 % river 
sand mixed with 3.5 % by mass cement. The subgrade was a sand subgrade. The load applied 
was a 45 kN load with a contact pressure of 0.94 MPa. 

In the analysis the following temperature distribution was assumed (table 26). 
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Depth [mm] T [oC] 

25 40 

80 39.5 

150 38 

235 36.5 

 
Table 26: Temperature distribution as used by Wang in his analyses. 

 

The stiffness characteristics of the asphalt layers were assumed to be stress dependent; the 
stress dependent relationships were taken from [36]. An example of the stress dependency of 

the stiffness modulus of the dense asphalt concrete (DAC) wearing course at 40 oC is given in 
figure 190. 
 

 
Figure 190: Stress dependency of the modulus of the dense asphalt concrete wearing course at 

40 oC. 
 

Figure 191 shows the maximum and minimum principal stresses that were calculated at mid 
depth of the DAC layer. As is the case with granular materials, the stress ratio being maximum 
principal stress at the occuring confinement stress : stress at failure at that same confinement 

pressure (1 / 1f) is an important indicator for whether permanent deformation will occur or not. 

Information on the failure strength of the asphalt mixtures at different temperatures and 
confining pressures was taken from Muraya [61] who tested the same mixtures. Using this 

information Wang calculated the stress ratios R = 1 / 1f  at different locations and obtained in 

this way figure 192. It is interesting to note that the two sharp peaks of R = 0.25 occurred at the 
edge of the wheel load. At these locations the maximum permanent deformation will occur and 

this is exactly what is shown in figure 188.  
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Figure 191: Maximum and minimum principal stress at mid depth of the DAC layer at 40 oC.  

 

 
Figure 192: Stress ratio R = 1 / 1f at mid depth of the DAC wearing course at 40 oC. 

 

From the behavior of granular materials we know that if R < 0.3 permanent deformation is not 
likely to occur. Unfortunately no guidelines with respect to allowable R values in asphalt concrete 
are available. Furthermore asphalt concrete contains bitumen as a binder and this binder shows 

viscous flow at high temperature and therefore contributes to the development of permanent 
deformation. It is nevertheless interesting to know to what the contribution of the stone skeleton 
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is in giving the mixture its resistance to permanent deformation. Information on this is given in 
figure 193 for DAC and in figure 194 for PAC.  

 

 
Figure 193: Failure envelope for the DAC stone skeleton and mixture at 50 0C and several 

deformation rates. 
 

 
Figure 194: Failure envelope for the PAC stone skeleton and mixture at 50 oC and several 

deformation rates. 
 

Figures 193 and 194 show the failure envelopes for the DAC and PAC stone skeletons and the 

DAC and PAC mixtures. By comparing figures 193 and 194 we learn that the stone skeleton is the 
main contributor to the (triaxial) strength of both mixtures. In case of PAC the strength 
completely depends on the stone skeleton; the bitumen doesn’t contribute to the shear 
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conditions at the prevailing loading and temperature conditions. In case of DAC however we 
notice that the presence of bitumen improved the shear resistance. Furthermore we notice that 

when the strain rate increases (resulting in a higher stiffness) the contribution of the bituminous 
mastic to the shear strength of DAC also increases. The PAC results also show why PAC should 
not be used as a bottom layer in an asphalt structure. The strength of PAC is dependent on 

confinement and at the bottom of an asphalt package there is no confinement but there are 
horizontal tensile stresses. Such stress conditions can hardly be taken by PAC. 
 

Or the sake of completeness it is recalled that the stress invariants I1 and J2 are calculated as 
follows: 

 
I1 = 1 + 2 + 3 

 
J2 = [(1 - 2)

2 + (2 - 3)
2 + (3 - 1)

2] / 6 

 
For pavement design purposes, there is a need to predict the development of permanent 
deformation in relation to the number of wheel loads and their weight, the mixture composition 

and the climatic conditions (mainly temperature). In general permanent deformation can be 
described in the way shown in figure 195.  
 

 
 
Figure 195: Development of permanent vertical strain in a repeated load triaxial test. Number of 

load repetitions = time / load frequency. 
 

The permanent deformation is a result of densification (volume decrease), viscous flow and shear 

deformation (dilation resulting in volume increase). The primary and secondary phases are 
considered to be the result of densification, whereas shear dilation occurs in the tertiary phase. 
The point at which tertiary flow starts to occur is often defined as the flow number. Many 

researchers (e.g. Kenis [63]) have shown that the steady secondary stage starts after a limited 
number of load repetitions (e.g. after 200 repetitions) and that the development of the 
permanent strain (p) can be written as: 

 
p = a Nb 

 

Where N is number of load cycles and a and b are material parameters. 
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The increase of the permanent deformation per load cycle can then be written as: 
d / dN = a b N(b – 1) 

 
Many researchers (a.o. Wang [60], Kenis [63]) have shown that the ratio of permanent strain pn 

to resilient (elastic) strain en per cycle  takes a constant value after let say 200 load repetitions. 

We can then write: 

 
pn / en = (a * b / en ) N

(b – 1) 

 

If we call  = (a * b / n) and  = 1 - b we obtain: 

 
pn / en =  N - 

 
This is the basis for permanent deformation calculations within the visco-elastic pavement 
analysis system VESYS [63].  

 
In AASHTO’s MEPD [31] a similar approach is followed and the final lab equation that was 
proposed for the field validation/calibration process is as follows 

 
p / e = 10-3.5552 * T1.734 * N0.09937 

 

where T is the temperature in [oF].  
 
It is recalled that this is the selected laboratory equation; it needs to be multiplied with a number 

of calibration factors in order to be able to predict in situ permanent deformation. These 
calibration factors will be presented when we discuss pavement design systems.  
 

Also the prediction model as developed by the Belgian Road Research center follows similar lines. 
Francken e.a. [50] have shown that the permanent deformation of asphalt mixtures as 

determined by means of repeated load triaxial tests can be described by: 
 
p = ((0 - h) / (0.65 * E * F)) * (t / 1000)0.25 

 

Where: p = cumulative permanent strain,  

0 = v / 2 [MPa], 

v = vertical stress [MPa], 

h = horizontal stress [MPa], 

E = complex modulus at the given temperature and loading time conditions [MPa], 
F = 5.5 * 10-2 (1 – 1.02 Vb / (Vb + Va)), 

Vb = volume percentage of bitumen [%], 
Va = void content [%], 
t = total loading time [s] = N f, 

N = number of load repetitions, 
f = load frequency [Hz].  

 

This equation appears to be a much better one the the one used in MEPD. In the MEPD equation 
the effect of the material properties is only reflected in e which is calculated using a linear elastic 

multi layer systems where the stiffness of the asphalt layer is needed as one of the material 

parameters. The asphalt modulus is also one of the parameters controlling the permanent 
deformation in the Belgian equation but this equation also takes into account the volumetric 
composition. The ratio Vb / (Vb + Va) gives the amount of pores in the skeleton that are filled with 

bitumen. It will be clear that if this ratio is too high, if the mixture is over-filled, permanent 
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deformation will easily occur. If the degree of filling ratio increases, E as well as F will decrease 
and p will increase. 

 
Francken’s equation shows that a high stiffness is effective in the reduction of permanent 
deformation. This was already implied in figure 100 which shows how the viscous deformation of 

bitumen is controlled by the stiffness of the bitumen and the PI. That figure implies that using a 
bitumen with a high PI (e.g. PI = 3) is effective in reducing permanent deformation but 
increasing the PI also implies that the mixture gets brittle and will crack easily; this is not really 

what we like! So the question how can we stiffen the bitumen without using a higher PI bitumen.    
 
Let us therefore have a look in what material is actually the “glue” in an asphalt mixture. As 

mentioned earlier, it is not the bitumen that binds the aggregates together but it is the mastic 
(binder + filler). Therefore the viscosity characteristics of the mastic are of importance when it 
comes to resistance to permanent deformation and not so much those of the bitumen. The 

viscosity characteristics of the mastic are heavily influenced by the type and amount of filler; this 
is shown in figure 196.   

 
Figure 196: Increase in TR&B as function of amount and type of filler [64]. 

 
It should be noted that the fillers shown in figure 196 are specially produced fillers. This is 
common practice in the Netherlands while in other countries crusher dust is used as filler (also 

called fines). When crusher dust is used it is highly recommendable to determine the effect it has 
on the TR&B since depending on the type and amount of fines the mastic can become either very 
stiff or not stiff enough. 

Information on the bitumen used to produce figure 196 is given in table 27 while tables 28 and 
29 give information on the fillers. 
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Table 27: Properties of the bitumen used to produce figure 194 [64]. 

 

 
Table 28: Properties of the fillers used to produce figure 194 [64]. 

 
Table 29: Properties of the fillers used to produce figure 194 [64]. 
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An increase in TR&B will give the mixture certainly a higher resistance to permanent deformation.  
 

Figure 196 also points to another important aspect of the effect of the filler and that is its effect 
on the mixture stiffness; a higher TR&B will definitely result in a higher mixture stiffness. As one 
will recall the mixture stiffness nomograph of Shell, next to Sbit and Vb only requires Vg , the 

volume % of aggregates (aggregates + sand + filler) as input. This means that the stiffening 
effect of the type of filler is ignored in the mixture stiffness nomograph of Shell.   
 

 

9. Granular materials 
 

9.1 Introduction 
In many countries around the world, granular base and subbase layers comprise a very important 
part of the pavement structure. An example of a pavement structure the bearing capacity of 
which highly depends on the structural capacity of unbound layers is given in figure 1, South 

African pavement structure I. In order to be able to properly design such pavements knowledge 
on the behavior of unbound granular layers and the factors which influence that behavior is 
essential. 

As has been shown in the Lecture Notes on Soils and Unbound Granular Materials [62], the 
stiffness and strength characteristics of unbound granular are strongly influenced by the stress 
conditions to which these material are subjected as well as by other important factors like degree 

of compaction, moisture content as well as characteristics of the material itself like gradation etc. 
All that has been discussed in [62] will not be repeated here. In this chapter we will focus on 
how important parameters like stiffness, cohesion, angle of internal friction etc can be estimated. 

Firstly we will discuss estimation methods that have been developed as part of AASHTO’s MEPD 
system. Then we will discuss the equations that have been developed to predict the mechanical 
characteristics of Dutch sands and Dutch base course materials made of mixtures of crushed 

concrete and crushed masonry.  
 

9.2 Estimation of the resilient characteristics of unbound 
base materials and sands 
In reference [65] several regression equations are presented which give the resilient modulus as 
a function of the stress conditions and material parameters like gradation, plasticity etc. These 
equations will be given hereafter. 

 
The first equation is for crushed stone materials. 
 

Mr = [0.7632 + 0.0084 * P3/8 + 0.0088 * LL – 0.0371 * Wopt – 0.001 * opt] * pa * 

 
        [ / pa]

A * [(oct / pa) + 1]B 

 
A = 2.2159 – 0.0016 * P3/8 + 0.0008 * LL – 0.038 * Wopt – 0.0006 * opt + 2.4 E-7 * (opt

2 / P40) 

 
B = -1.1720 – 0.0082 * LL – 0.0014 * Wopt + 0.0005 * opt  

 
For crushed gravel  the proposed equation is: 
 

Mr = [-0.8282 – 0.0065 * P3/8 + 0.0114 * LL + 0.0004 * PI – 0.0187 * Wopt + 0.0036 * Ws 
        
       + 0.0013 s – 2.6 E-6 * (opt

2 / P40] * pa * [ / pa]
C * [(oct / pa) + 1]D 
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C = 4.9555 – 0.0057 * LL – 0.0075 * PI – 0.0470 * Ws – 0.0022 * opt + 2.8 E-6 * opt
2 / P40 

 

D = -3.514 + 0.0016 * s 

 
For uncrushed gravel  the equation is: 

 
Mr = [ -1.8961 + 0.0014 * s – 0.1184 * Ws / Wopt] * pa * [ / pa]

E * [(oct / pa) + 1]F 

 

E = 0.4960 – 0.0074 * P200 – 0.0007 * s + 1.6972 * s / opt + 0.1199 * Ws / Wopt  

 
F = -0.5979 + 0.0349 * Wopt + 0.0004 * opt – 0.5166 * Ws / Wopt 

 

For sand  the equation is: 
 
Mr = [-0.2786 + 0.0097 * P3/8 + 0.0219 * LL – 0.0737 * PI + 1.8 E-7 * opt

2 / P40] * pa * 

         
        [ / pa]

G * [(oct / pa) + 1]H 

 

G = 1.1148 – 0.0053 * P3/8 – 0.0095 * LL + 0.0325 * PI + 7.2 E-7 * opt
2 / P40 

 
H = -0.4508 + 0.0029 P3/8 – 0.0185 * LL + 0.0798 * PI 

 
Where: 
Mr  = resilient modulus [MPa]  

   = 1 + 2 + 3    [kPa] 

oct   = {sqrt[(1 - 2)
2 + (2 - 3)

2 + (1 - 3)
2]} / 3        [kPa] 

1, 2, 3  = principal stresses [kPa] 

Pa   = atmospheric pressure [kPa] (normally air pressure is around 1000 mbar)  

 
The other parameters are defined in table 30. 
 

Variable  Description  Unit 

P3/8 Percentage passing 3/8” sive % 

P40 Percentage passing No. 40 sieve % 

LL Liquid limit % 

Wopt Optimum moisture content % 

opt Optimum dry density kg/m3 

Ws Actual moisture content % 

s Actual dry density kg/m3 

PI Plasticity Index % 

P200 Percentage passing No. 200 sieve % 

 
Table 30: Variables used in the regression equations. 

 

The question with regression equations is always whether they are physically correct, for which 
materials they have been developed and how good there predictive capability is. These issues will 
be discussed hereafter. 

 
It is a well-known fact that the resilient modulus depends on the stress conditions and that the 
so called Mr -  model is doing a fairly good job when the stresses stay well below the failure 

stress. We recall that this model is written as 
 
Mr = k1 

k2 
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It is also known however that model is incorrect from a fundamental point of view because it 
implies that a high , so a high modulus can be achieved having a high vertical stress and no 

confinement. In such a case however the material would fail. This implies that the influence of 
the confinement should be taken into account in a more explicit way. This is done by taking into 
account the oct. All this means that the model is correct from a mechanical point of view by 

taking into account both  and oct.  

Determining whether the influence of the physical parameters is correct is much more 
complicated since there are so many variables involved. Furhermore some of these variables are 

related to each other. An example of this are the Wopt and opt; if for instance the compaction 

effort is increased one will notice that a higher opt is achieved at a lower Wopt. Therefore it is 

always better to also take the influence of compaction into account and report density not as an 
absolute value but as a relative number being “density of the sample : specific weight of the 

material”.  
An overview has been made of the parameters that control the “constant” of the Mr equations 
and how they affect that “constant”. This “constant” value should preferably as high as possible. 

This overview is shown in table 31. 
 

Parameter Crushed stone Crushed gravel Uncrushed gravel Sand 

P3/8 + -  + 

LL + +  + 

Wopt - -   

opt -    

PI  +  - 

Ws  +   

s  + +  

opt
2 / P40  -  + 

Ws / Wopt   -  

   

Table 31: Parameters taken into account in the “constant” of the Mr relationships and their effect. 
The table shows how an increase in the value of the parameter affects the “constant”. If + the 

value of the “constant” will increase if – , its value will decrease. 

 
From table 31 we can conclude that there is no parameter that affects the “constant” of all four 
materials. Especially the difference between the parameters that affect the "constant" of the 

crushed and uncrushed gravel is striking and this author could not find an explanation why this 
should be the case. Also the fact that an increase in Ws should result in an increase in the value 
of the “constant” in case of crushed gravel is not clear; it is in fact counter intuitive. The fact that 

a higher s results in a higher value of the “constant” for crushed gravel makes sense.  

 
One could also wonder whether each and every parameter really contributes to the value of the 

“constant”. These can easily be checked by considering the value of “” the constant by which 

each parameter is multiplied ( * parameter). Since all parameters except the density parameters 

are expressed as a % value one can determine the contribution of each  * parameter value.  

In case of the crushed stone equation, one can conclude that P3/8 and LL are not really 

contributing to the value of the “constant” since the multiplier  has a very low value in those 

cases. In case of the crushed gravel P3/8, LL, PI, and Ws don’t contribute to much while in case of 
sand it is again the P3/8 parameter. 

 
The question arises whether the equations couldn’t have been simplified without losing the 
predictive capability. 
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The equations have been determined for different types of materials; tables 32, 33, 34 and 35 
give an overview of the range in the values of the parameters of the materials that were tested. 

This overview helps to determine whether the equations can be useful for other conditions.  
 

 
Table 32: Range of the values of the parameters used in the Mr equation for crushed stone. 

 

 
Table 33: Range of the values of the parameters used in the Mr equation for crushed gravel. 
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Table 34: Range of the values of the parameters used in the Mr equation for uncrushed gravel. 

 

 
Table 35: Range of the values of the parameters used in the Mr equation for sand. 

 
Figures 197, 198, 199 and 200 show how well the predicted modulus values did match the 

measured ones 
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Figure 197: Match between measured and predicted Mr values for crushed stone. 

 

 
 

Figure 198: Match between measured and predicted Mr values for crushed gravel. 
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Figure 199: Match between measured and predicted Mr values for uncrushed gravel. 

 

 

 
Figure 200: Match between measured and predicted Mr values for sand. 

 

It can be concluded that the equations for the crushed and uncrushed gravel do a pretty good 
job in predicting the resilient modulus. Also the equation for crushed stone gives reasonable good 
predictions. For the sands it looks as if there an additional dataset (located above the line of 

equality) the modulus values of which are not too well predicted. 
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Although the Mr -  is incorrect from a fundamental point of view it is still doing a fairly good job 

when the stresses stay well below the failure stress. For this reason it is used in many pavement 

design systems like e.g. KENLAYER. The question now is whether the constants of this model can 
be estimated with a fair degree of accuracy. For the sake of completeness we recall that this 
model is written as 

 
Mr = k1 

k2 

 

Van Rutten [87] has done an analysis to determine whether relationships that allowed to predict 
values for k1 and k2 could be developed as well as relationships that could be used to estimate 
the cohesion and angle of internal friction. The materials involved in his analysis were: 

- Crushed gravel, 
- Limestone, 
- Lava, 

- Porphyry, 
- Sand, 
- Crushed masonry, 

- Crushed concrete, 
- Several mixtures of crushed concrete and crushed masonry. 
- Silicon-manganese slag 

 
The following relationships were developed: 

 
ln C = 3.909 + 9.602 * ln (DOC) + 8.558 * 10-2 * Zfines 
 

Where: 
C = cohesion [kPa] 
DOC = degree of compaction defined as dry / MPD 

dry = dry density [kg/m3] 

MPD = maximum proctor density [kg/m3] 
Zfines = % passing the 75 m sieve 

 

No correlation for the angle of internal friction was developed since it appeared that is all cases 
this angle was approximately 40o. 
 

k1 = -357.9 + 51.8 * ln (vol density grains) – 0.431 * D85 + 3.627 * 10-2 * Cu [MPa] 

 

Where: 
 
Cu     = D60 / D10 

Vol density grains = density of the grains including the pores in the particles [kg/m3] 
Dx     = sieve size through which x % is passing 
 

ln k2 = -4.432 – 1.542 * 10-2 * k1 – 7.619 * 10-4 * D(PSDC-FC) + 3.402 * 10-4 * Cu 
 
D(PSDC-FC) is obtained by adding up the absolute values at each of the sieve sizes of the differences 

in percentage passing of the particle size distribution curve (PSDC) and the Fuller curve (FC). So 
if the percentage passing at 2mm is 20% for the PSDC and 15% for the Fuller curve then the 
difference is 5%. This difference is determined for each sieve size and then the sum is taken of 

the absolute values of these differences. 
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9.3 Estimation of the resilient characteristics of Dutch sands 
and unbound base materials made of recycled concrete and 
masonry 

Sands in the Netherlands are normally fine grained materials which a maximum grain size of 2 

mm; they are non-plastic and provide beautiful yellow colored beaches. Extensive research on 
these typical Dutch sands is done by Huurman [66] and van Niekerk [67] and they showed that 

the dependency of the resilient modulus of sands to the state of stress should be described by 
means of the  equation given below.  
 

Mr = k1 (3 / 0)
k2 . (1 – k3 (1 / 1,f)

k4       

 
Where: 3 = confining stress [kPa], 

0 = reference stress = 1 kPa, 

1 = applied total vertical stress [kPa], 

1,f = total vertical stress at failure at the given confining stress [kPa], 

k1 = model parameter [MPa], 

k2 to k4 = model parameters [-]. 
 
In their research they also developed equations to predict the values for the different constants 

in the Mr equation.  
 
The parameter k1 is determined using the following relationship. 
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Where: k11 = model parameter = 24.616 [MPa], 

k12 = model parameter = -0.645 [-], 
k13 = model parameter = 4.01 [-], 

qc = compaction parameter which can be estimated by means of figure 201, 
VVS = angularity of the material as determined by means of the outflow test accor- 

        ding to the Dutch standards (information on this tests is given in appendix D), 

 d50 = sieve diameter through which 50% of the mass passes [mm]. 
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Figure 201: Chart to estimate qc 

 
k2 is is determined using the following relationship. 
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Where: Mr1000 = Mr at 1000 kPa confining pressure combined with small vertical load [MPa], 
k21 = model parameter = 1023.25 [MPa], 

k22 = model parameter = 30.22 [MPa], 
k23 = model parameter = -8.264 [-], 
Cu = d60 / d10, 

d60 = sieve diameter through which 60% of the mass passes [mm], 
d10 = sieve diameter through which 10% of the mass passes [mm]. 

 

k3 is determined using: 
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Where: k31 = model parameter = 2.56 [-], 
k32 = model parameter = 0.5511 [-]. 

 
k4 is determined using the following relationship. 
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Where: k41 = model parameter = 46.87 [-] 

 
In the Netherlands unbound granular base and subbase courses are not made of natural 
materials but of mixtures of recycled crushed old concrete and crushed old masonry. Excellent 

work done by van Niekerk [67] has shown that unbound layers with high mechanical properties 
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can be made in such a way. Since environmental policies enforce recycling of old building 
materials as much as possible and because of the high quality that can be achieved 

approximately 90 – 95% of the old concrete and masonry is recycled and used in base and 
subbase layers. Huurman [66, 68] and van Niekerk developed also equations to predict the 
resilient modulus as a function of the stress conditions, the composition and the degree of 

compaction.  

 Although the stress dependency of the resilient modulus of these coarse grained unbound 
base and sub-base materials can be described by means of the same model as used for 

sands, the well-known Mr -  model is used for these materials. We recall: 

Mr = k1 
k2 

The equations for k1 and k2 for unbound base materials are given below. The degree of 

compaction and gradation have a large influence on the k1 value while k2 strongly depends on k1.  
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Mr5000 = k21 . qck22

  

         
Where: k11 = 34.1855 [MPa], 

k12 = 1.8183 [-], 

k13 = 1.6502 [-], 
k21 = 1016.275 [MPa], 
k22 = 1.5568 [-], 

qc = compaction parameter as described before, 
qp = composition parameter = (0.4 * mass percentage masonry + mass %  
               concrete) / 100). 

 
Figure 202 shows how the predicted modulus values match with the measured ones. 

 

 
 

Figure 200: Measured and predicted resilient modulus values. 
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When the parameters that characterize the stress dependent nature of granular materials have 
been quantified, the modulus of the granular (and the variation therein over the height and width 

of the layer) can be determined by means of an iterative procedure; this will be discussed in 
detail later on in the lecture notes. 
 

Stress dependency implies that the stiffness modulus of unbound granular materials varies over 
the height and width of the granular layer. It is clear that this cannot be analyzed by means of 
programs like BISAR since such programs assume the layer stiffness to be constant in the 

horizontal direction. A much better approach of course is using a finite element program which 
allows stress dependency to be modeled in the vertical and horizontal direction.  

In spite of all this linear elastic multi-layer systems are still very popular to be used for pavement 
analyses purposes because they are so easy to use. In such a case the only solution for taking 
into account the stress dependent nature of pavement layers is to divide the unbound base and 

subbase into a number of sublayers and determine the stress dependent stiffness modulus by 
means of an iterative procedure. This means however that the modulus of the granular layers 
only varies over the depth and not over the width of the layer. When dividing the granular layers 

into sublayers one has to take into account the fact that the minimum sublayer thickness is about 
2.5 – 3 times the maximum grainsize of the granular material. This implies that with a maximum 
grainsize of 35 mm, the minimum sublayer thickness is around 80 – 100 mm. 

 
Such a procedure, dividing granular layers into sublayers is adopted in the program KENLAYER 
[70] which is linear elastic multilayer program allowing the modulus of granular layers and soils 

to be stress dependent. The question however is to what extent an approach as used in 
KENLAYER is still capable of giving realistic results. An investigation on this was done by Opiyo 
[71] using the finite element code NOLIP developed by Huurman [66]. 

 
He analyzed two pavement structures, one with a 30 mm thick asphalt top layer and one with a 
100 mm thick asphalt top layer. In both cases the stiffness modulus of the asphalt was 3000 MPa. 

The unbound laterite base course had a thickness of 200 mm while the unbound laterite subbase 
had a thickness of 250 mm. The stress dependency of the stiffness modulus of both laterites was 

determined in the laboratory by means of repeated load triaxial tests. In order to be able to take 
the stress dependent nature of the base and subbase into account, Opiyo divided the base into 
two sublayers with a thickness of 100 mm each. The subbase was divided into two layers as well; 

the thickness of the top subbase layer was 100 mm and the thickness of the bottom subbase 
layer was 150 mm. The stiffness of the subgrade was assumed to be 80 MPa. Some results of 
this work are shown in figures 203, 204 and 205. 
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Figure 203: Variation of the failure ratio in the top of the base course for the 100 mm asphalt 

pavement at a depth of 137.5 mm from the pavement surface. 
Note: Ps = Poisson’s ratio. 

 

 
 

Figure 204: Tensile strains at the bottom of the 100 mm thick asphalt layer. 
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Figure 205: Normalized surface deflections for both pavements.  

 
From these figures one can conclude that the influence of using BISAR, in combination with 
subdividing the base and subbase into sublayers and assigning the modulus of these layers in a 

stress dependent way, on the calculated stresses, deflections and tensile strains is only marginal 
when the results are compared with the results obtained with the finite element program NOLIP 
in which the modulus of the granular layers was varying in both the vertical and horizontal 

direction. However this was only true for the 100 mm asphalt pavement. Significant differences 
and even unrealistic results were obtained when using BISAR for the 30 mm asphalt pavement. 

The conclusion therefore is that the stress dependent behavior of granular materials can be 
successfully simulated using a linear elastic multilayer program like BISAR and subdividing the 
base and subbase layer, provided that the top asphalt layer is not too thin. It is estimated that 

realistic results will already be obtained when the asphalt thickness is 70 mm. 
 
When taking into account the stress dependent nature of unbound granular materials one should 

not forget to take into account the stresses due to the dead weight of the material. The vertical 
dead weight stresses can simply be calculated following: 
 

v,dw =  * z 

 
Where: v,dw = vertical stress due to the dead weight of the material, 

 = volume weight of the material, 
z = depth below the surface. 
 

In principle, the horizontal dead weight stresses are not equal to the vertical stresses as is the 
case in fluids. We can write:  

 
h,dw = K * v,dw 

 

Where: h,dw = horizontal stress due to the dead weight of the material, 

 K = constant depending on a large number of factors. 
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The constant K depends a.o. on the degree of compaction, the tendency of the aggregate 
skeleton to dilate when loaded, the angle of internal friction. The effect of compaction can be 

compared with the development of passive earth pressure behind/in front of retaining walls. We 
know from soil mechanics principles that for cohesion-less soils the active soil pressure constant 
Ka can be calculated using: 

 
Ka = (1 – sin ) / (1 + sin ) 

 

While the passive soil pressure constant Kp can be calculated with: 
 
Kp = (1 + sin ) / (1 – sin ) where  is the angle of internal friction. 

 
K can easily take a value of 2, but because very little information can be found on compaction 
affects the value of K, a value of 1 is recommended for design purposes. 

 
Figure 206 shows an example of how the horizontal earth pressure (h = K v) can develop 

behind a retaining wall as a result of compaction. 

 

 
 

Figure 206: Development of horizontal stresses behind an earth retaining wall as a result of 
compaction. 

 

 

9.4 Estimating the stiffness by means of graphs and tables 
The procedure which was described in the previous paragraph on how to estimate the stress 
dependent parameters and to determine the stiffness modulus of the granular layers by means of 
an iterative procedure is quite often considered to be  a cumbersome one. Therefore procedures 

have been developed to make fair estimates of the stiffness values and tables have been set up 
to give the designer some guidance about the stiffness values to select. An example of such a 
table is table 36 [69].  
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When using the values mentioned in table 36 one should be aware of the specifications which are 
applicable for these materials; these are given in table 37. Special attention is called for the high 

compaction levels that are required and achieved in South Africa; they might be very difficult to 
achieve when different materials are used under different climatic conditions. 
 

Material 

code 

Material 

description 

Over 

cemented 
layer in 

slab state 

Over 

granular 
layer or 

equivalent 

Wet 

condition 
(good 

support) 

Wet 

condition 
(poor 

support) 

G1 High quality 

crushed 
stone 

250 – 1000 

(450) 

150 – 600 

(300) 

50 – 250 40 – 200 

G2 Crushed 
stone 

200 – 800 
(400) 

100 – 400 
(250) 

50 – 200 40 – 200 

G3 Crushed 
stone 

200 – 800 
(350) 

100 – 350 
(230) 

50 -150 40 – 200 

G4 Natural 
gravel (base 

quality) 

100 – 600 
(300) 

75 – 350 
(225) 

50 – 150 30 – 200 

G5 Natural 
gravel 

50 – 400 
(250) 

40 – 300 
(200) 

30 – 200 20 – 150 

G6 Natural 
gravel (sub-

base 
quality)  

50 – 200 
(150) 

30 – 200 
(120) 

20 – 150 20 – 150 

 
Table 36: Stiffness values for granular bases and sub-bases as recommended in South Africa. 

 

It should be noted that the grading modulus GM which is mentioned in table 37 is calculated as: 
 

GM = {300 – [P2mm + P0.425mm + P0.075mm]} / 100 
 
Cynical readers might state that table 36 is not very helpful for selecting modulus values for 

design purposes since the range that is given for the different materials at different conditions is 
rather wide. In spite of its cynicism the comment is right; one needs to be an experienced 
engineer to pick an appropriate value for design purposes. In any case table 36 shows that there 

is no such thing as THE stiffness modulus of e.g. a G3 material. 
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Table 37: Specifications for granular materials in South Africa. 

 

A graphical procedure is available for the estimation of the stiffness modulus of the base and 
sub-base material by Barker e.a. [72] which is presented in figure 207. 
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Figure 207: Relationship between modulus of layer n and modulus of layer n + 1 for various 

thicknesses of unbound base and subbase layers. 
 

Please note that in figure 207, the maximum value for the stiffness modulus of the subbase layer 

is set at 40,000 psi (280 MPa), while the maximum stiffness for the base layer is set at 100,000 
psi (700 MPa). The use of the chart will be illustrated by means of an example. Let us assume 
that the stiffness modulus of the subgrade equals 4,000 psi. If we place an 8 inch subbase on top 

of the subgrade, the stiffness of that subbase will be 10,000 psi (enter the horizontal axis at 
4,000 psi and determine the subbase stiffness at the point where the vertical line through the 

4,000 value crosses the 8 inch subbase line). To know the stiffness of a 6 inch base placed on 
top of the subbase, we have to enter 10,000 on the horizontal axis and determine where the 
vertical line through the 10,000 value crosses the 6 inch base line. In this way we determine that 

the base stiffness equals 27,000 psi.  
 
Barker e.a. [72] also presented the equations which are the background for figure 207. For the 

sake of completeness they are given here as well because they show that some assumptions had 
to be made to derive figure 207. 
 

En = En+1 (R + S log t – T log t log En+1 + W log En+1) 
 
Where: En = stiffness modulus of the upper layer [psi], 

 En+1 = stiffness modulus of the lower layer [psi], 
 R = a – X log b + {(a – 1) / Y} log c, 
 S = X + T log c, 

 T = X / Y, 
 X = (a – 1) / log (b / e), 
 Y = log (d / e) 

 W = T log b – (a – 1) / Y 
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 t = thickness of the upper layer [inch], 
 a = ratio En / En+1 for a layer with thickness b over a material having modulus of c, 

this means one have to set a certain thickness b (e.g. 4” or 6” for which a cer- 
tain modulus ration (e.g. 1.5 or 2) is obtained, 

d = maximum limiting modulus value for the particular material, 

e = layer thickness [inch] for which the modulus ratio equals 1. 
 

Summarizing it means that assumptions have to be made for the parameters a, b, d and e. 

Furthermore the stiffness modulus of the lower layer (c) should be known.  
 

In case of figure 207, Barker e.a. assumed the following values: 
For the subbase course: a = 2, b = 6”, d = 40,000 psi, e = 1”. 
For the base course: a = 3, b = 6”, d = 100,000 psi, e = 1”. 

 
One could argue whether or not the selected a values are a bit on the high side (this author 
would have used a = 1.5) and whether the selected e values are a bit on the low side (this 

author would have selected e = 2” since it is impossible that a thin layer produces any 
appreciable stiffness).          
  

A very simple relationship to estimate the stiffness modulus of the base course has been 
developed by Shell [29]. This relationship is written as: 
 

Eb = k * Esg 
 
Where: Eb = stiffness modulus of the base course [MPa], 

 Esg = stiffness modulus of the subgrade [MPa] , 
 k = 0.2 * hb

0.45,   2  k  4, 

 h = thickness of the base course [mm]. 

 
The question now is to what extend realistic stiffness modulus values are predicted using e.g. the 
Shell equation. In order to determine this, a comparison was made between the base layer 

stiffness as estimated by means of the Shell equation and the stiffness as estimated by means of 
an analysis in which the stress dependency of the base material was taken into account. Figure 

208 [73] shows the variation of the stiffness modulus of a base course of different thicknesses 
when placed on subgrades with different stiffness values. KENLAYER was used for the analysis.  
 

One can easily derive from figure 208 that for this particular case, the Shell equation produces a 
stiffness value for the base course which seems to be on the safe side. For a 200 mm thick base 
course k equals 2.17 giving the base course a stiffness of 217 MPa if the subgrade stiffness is 

100 MPa. According figure 208, the mean stiffness would be approximately 275 MPa. For a 400 
mm thick base course k equals 2.96 giving the base course a stiffness of 148 MPa if the subgrade 
stiffness is 50 MPa. According to figure 208 the mean base stiffness would be approximately 225 

MPa. It is recalled once more that the observations made here are only valid for the material 
under consideration. If weaker materials are used which are compacted to a lesser degree of 
compaction, the Shell rule might very well over-predict the value of the stiffness modulus of the 

base course.  
 

9.5 Resilient modulus of granular layers determined with the 
repeated load CBR test 
The results reported in section 9.3 were determined by means of a large scale triaxial cell 

(diameter 300 mm, height 600 mm) which is available at the Delft University of Technology [67, 
68]. Such a large cell is needed to fulfill all the requirements with respect to the size of the 
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aggregate particles and diameter of the cell and the diameter to height requirements. This large 
triaxial cell is shown in figure 209; it is clear that because of its complexity and size this type of 

equipment is not feasible to be used in e.g. consultancy projects. The complexity is not only 
because of the testing device but also because of the large size compaction equipment that is 
needed (figure 210). All this makes that only a few of these large scale cells are available in the 

world.      
 

 
 

Figure 208: Variation of the stiffness modulus over the thickness of a granular base course. 
Note: Vertical axis gives depth below pavement surface [mm]; horizontal axis gives stiffness modulus of the base [MPa]; 
Stijfheid ondergrond = subgrade stiffness; fundering = base; menggranulaat = mixture of crushed concrete and crushed 

masonry. 

 

 
 

Figure 209: Large scale triaxial cell as in use at the Delft University of Technology. 



 225 

  
 

Figure 210: Delft University compaction device for preparing the  300 mm, h = 600 mm triaxial 

specimens.  
 

Because large triaxial cell is not feasible for day to day practice, extensive research has been 
done at the Delft University to replace this test by a more practical test which allows full 

gradations to be tested. This has resulted in the development of the repeated load CBR test. This 
device is shown in figure 211 [74].  

 

  
Figure 211: Repeated load CBR test setup for coarse grained granular materials (left) and test 

mold (right). 

 
As one can see in figure 211, both the size of the mold as well the size of the plunger are much 
bigger than those of the normal CBR test. The diameter of the standard mold is 152.4 mm while 

for the large mold it is 250 mm. The diameter of the plunger in the standard CBR test is 49.64 
mm while it is 81.5 mm for the plunger use in the repeated load CBR test. It is recalled that the 

large mold is needed to test full gradations of base course material which have a maximum grain 
size up to 45 mm. 
Figure 212 [74] shows the differences in size of the aggregate particles and the stress conditions 

in the large triaxial cell, the large CBR mold and the standard CBR mold. 
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Figure 212: Particle to particle contact and stress conditions in the large triaxial, large CBR and 
standard CBR test. 

 

Figure 213 shows the loading sequence of the repeated load CBR test. 
 
As one will have observed in figure 211, quite a large, stiff testing frame and a loading piston 

with sufficient capacity is needed for doing the test; the normal CBR setup cannot be used. So 
although the repeated load CBR test with the large mold is much simpler than the large scale 

triaxial test, it is certainly not as simple as the standard CBR test in which the small mold is used.  
During the test steel rings with a total weight of 16 kg are placed on top of the granular material 
representing the weight of 80 mm of asphalt concrete. As is the case with the normal CBR test 

the load is applied directly on the granular material through a circular opening in the steel discs. 
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Figure 213: Test sequence in a repeated load CBR test. 

 
Based on finite element analyses by using ABAQUS, Alemgena [74] was able to develop a 

relationship between the equivalent resilient modulus of the sample (Eequ and the stress and 
displacement under the plunger. This relationship is: 
 

Eequ = 1.513 * (1 - 1.104) * p * r / u1.012 

 
Where: 

Eequ = equivalent modulus of the sample [MPa] 
 = Poisson’s ratio (to be estimated / assumed) 

p = difference in maximum and minimum plunger stress in a loading cycle [MPa] 

r = radius of the plunger [mm] 

u = difference between max. and min. elastic displacement in a loading cycle [mm] 

 
Figure 214 shows, as an example, the relation that was obtained for a particular granular 

material between Eequ and the plunger stress. As one will observe this relations looks very much 
alike the Mr -  relationships that are obtained with triaxial tests. 

 

As one will observe from figure 214, moisture content and degree of compaction don’t seem to 
have a large effect on the relationship between plunger stress and Eequ. Degree of compaction 
and moisture content do however have a significant influence on the resistance to permanent 

deformation. This is shown in figure 215. 
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Figure 214: Relation between plunger sress and Eequ for a G1 (South African) base course 

material. 

 

 
Figure 215: Effect of moisture content on the resilient and permanent deformation behavior of a 
G1 material at 100% degree of compaction and a plunger stress of 16 MPa. Wet = 6% moisture, 

mod = 4% moisture, dry = 2% moisture. 
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Figure 216 shows the difference between test results obtained with the large size triaxial test and 
the large size CBR test. The reason for these differences is the large difference in stress 

conditions in both test and because of the high confinement stress in the CBR test. Given the 
nature of the repeated load CBR test, Eequ should taken as a specimen property. 
 

 
Figure 216: Difference in results obtained with the triaxial and CBR test. 

 
Figure 217 shows that the.stress and strain conditions in the CBR test are very inhomogeneous 

and nothing like those in the middle third part of the triaxial sample (over which the 
displacements are measured); in that part of the triaxial sample both the vertical and horizontal 

stress take a constant value. This inhomogeneity in stress conditions in the CBR test explains why 
the test results obtained with this test are specimen and not material properties. 
 

Alemgena [74] also developed a procedure which allows to determine at which plunger stress 
Eequ values will be obtained which are the same as those which would be obtained with the 
repeated load large triaxial test. The procedure is as follows: as a first step we divide the 

granular layers in the pavement into sublayers and assign a modulus to each of the sublayers. 
Then we calculate the stresses in each sublayer and calculate the value for . The next step is to 

perform repeated load CBR tests to determine the relationship between the plunger stress and 

the Eeq. Since we have calculated , we can determine a corrected plunger stress using the 

equation given below.  
 

log (cp) = a1 + a2 S + a3 e + a4 log  

 
Where: 
cp = corrected plunger stress [MPa], 

S = degree of saturation [%], 
e = void ration [%/100], 
 = 1 + 2 + 3 [kPa].   

 
The plunger stress vs Eeq relationship provides us with new moduli value for each of the granular 
sublayers. Then the stresses in the granular sublayers are calculated again and new value for  

are determined. This in turn provides a new values for cp, and new values for Eeq. The iteration 
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is completed when the “new” modulus differes less than 2 - 5% from the previous one. Of course 
values for “S” and “e” should be determined as well. 

 

 
 

Figure 217: Stresses, strains and displacements in a CBR test as function of the modulus and 
Poisson ratio of the tested material. 

 
Table 38 gives the values for the various constants, while figure 218 shows the predictive 
capability of the equation. 
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Table 38: Values for the various constants.G1 = a South African base course material, FC = 

ferricrete from South Africa, WB = weathered basalt from Ethiopia. 

 

 
 

Figure 218: Fit between actual and predicted plunger stresses. 
 

Although the repeated load large scale CBR test is not a perfect test, it fills the (huge) gap that 
exists between the fundamentally correct large scale triaxial test and estimating/”guessing” 
resilient parameters by means of empirical relations. It allows to determine in a fairly simple way 

the effect of gradation, moisture content and compaction on the resilient and permanent 
deformation characteristics of granular materials. 
 

9.6 Estimation of the failure characteristics of unbound 
materials 
In order to prevent that excessive deformations occur in a granular base or subbase, the stresses 
in these layers should be well below the stresses at which shear failure occurs. We recall that the 
vertical stress at which shear failure occurs in a granular material depends on the amount of 

confinement as well as the cohesion and angle of internal friction of the material considered. We 
can write:  
 

1,f = [(1 + sin ) . 3 + 2c . cos ] / (1 – sin )  

Where: 1,f = vertical stress at which failure occurs [kPa], 
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3 = confining pressure [kPa], 

 = angle of internal friction, 

c = cohesion [kPa]. 
 
Values for the cohesion and angle of internal friction of granular materials need to be determined 

by means of the triaxial test. For coarse grained granular materials we need the large scale 
triaxial setup and as we have discussed earlier this is not a practical test for day to day purposes. 
Fortunately procedures have been developed to estimate the failure characteristics of sands and 

unbound base course materials. 
An example of such a procedure is the one developed by van Niekerk for sands that are 
commonly used in the Netherlands as well as base course materials made of mixtures from 

crushed concrete and crushed masonry [67]. These equations will be presented hereafter. 
 
Based on the triaxial test results obtained on the sands, the following equation could be 

developed to predict the cohesion (c) and the angle of internal friction () of the sands. 
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Where: 
c1: model parameter = 0.1375 [kPa] 1: model parameter = 45.71 [degr.] 

c2: model parameter = 2.553 [-] 2: model parameter = 0.833 [-] 

c3: model parameter = -1.698 [-] 3: model parameter = 0.091 [-] 

c4: model parameter = 2.959 [-] d50 sieve diameter through which 50% of the 
mass passes [mm] 

c5: model parameter = 0.384 [-] VVS angularity of the material as determined 

by means of an outflow test according to 
the Dutch standards [%] 

  Cu d60 / d10 [-] 

 
The strength characteristic of unbound granular base materials in relation to their gradation, 
compaction quality index and ratio amount of crushed masonry to amount of crushed concrete 

has been determined in a similar way.  

76 cqcqpqgcc 
                                                     

qgqc  54 
 

 

 
Where: 

c6 model parameter = 134.506 [kPa] qc:     
qp: 

see figure 201 
(0.4 * mass % masonry + mass % 
concrete) / 100) [-] 

c7 model parameter = 2.2495 [-] 

4 model parameter = 30.27 [degr.] qg: grading quality [-], 
(UL=1 / FL=1 / CO=0,9 / AL=0,89 / 
LL= 0,75 / UN=0,63, see also figure 

219) 
 

 

5 model parameter = 18.86 [degr.] 
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Figure 219: Gradations of the base course materials for which the equations have been 
developed. 

 

The South-African pavement design procedure [69] also contains a method to evaluate the 
resistance of granular material to the applied stress levels and, in other words, to determine 
whether excessive permanent deformation occurs due to the applied stresses. In order to do so, 

a safety factor has been derived which is calculated using the following equation. 
 
F = {3 [K (tan2 (45 + /2) -1] + 2 K c (tan (45 + /2)} / (1 - 3)   

 
This equation can be rewritten as: 
 

F = (3 term + cterm) / (1 - 3)        

 
Where: F = safety factor, 

 c = cohesion [kPa], 
 K = constant = 0.65 for saturated soils, 0.8 for moderate moisture conditions and  
     0.95 for normal conditions, 

  = angle of internal friction, 

 1, 3 = major and minor principle stress in the layer [kPa]. 

 
It should be noted that the F factor is in fact the inverse of the 1/1f ratio which was used 

earlier in the description of the chance on failure and excessive permanent deformation. The only 
difference is that in the F equation, the factor K is introduced which takes care for the effect of 
the moisture conditions in the layer. 

 
Values for the cterm and term are given in table 39. 
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 Dry  
conditions 

Dry 
conditions 

Moderate 
conditions 

Moderate 
conditions 

Wet 
conditions 

Wet 
conditions 

Material 
code  

term Cterm term Cterm term Cterm 

G1 8.61 392 7.03 282 5.44 171 

G2 7.06 303 5.76 221 4.46 139 

G3 6.22 261 5.08 188 3.93 115 

G4 5.50 223 4.40 160 3.47 109 

G5 3.60 143 3.30 115 3.17 83 

G6 2.88 103 2.32 84 1.76 64 

    
Table 39: Values for the term and cterm. 

 

9.7 Allowable stress and strain conditions in granular 
materials, permanent deformation models 

If the stress conditions in the granular base or sub-base are becoming too high, permanent 
deformation or even shear failure will occur. Figure 220 is a nice example of excessive 

deformation in a pavement due to excessive deformation in the unbound layers. 
 

 
 

Figure 220: Excessive pavement deformation due to deformation of the unbound base and/or 

sub-base layer. 
 

The deformation shown in figure 220 is clearly due to deformation in the base or sub-base 

because the permanent deformation bowl is rather wide. In case of asphalt rutting a much 
narrower deformation bowl would have appeared. 
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There are two options to analyze the resistance to permanent deformation in the unbound layers. 
The first one is making predictions of the development of the permanent deformation as a 

function of the number of load repetitions, the stress conditions and the material characteristics. 
The second one is based on keeping the stress conditions in the unbound layers below a certain 
level such that excessive deformation will not occur. It is obvious that the latter procedure is a 

more simple and straightforward one. 
 
Work by van Niekerk [67] has shown that if the stress ratio 1 / 1,f stays below 0.4, no excessive 

deformation (< 5%) will occur (see figure 221). This ratio is valid for gradations UL and AL and 
compaction levels of 97 – 103%. For the coarser LL gradation the stress ratio could go up to 0.45 
if the degree of compaction is 100% and even to 0.62 at a degree of compaction of 103%; the 

ratio is for gradations containing more fines (see figure 219 for gradation codes). 
 
According to the South-Africans however, F values of smaller than one can still be allowed for a 

significant number of load repetitions. From the results presented above it is clear that these 
South-African findings should be treated with great care. Ratios not higher than 0.5 for 1/1f or 

lower than 2 for F are strongly recommended to avoid excessive deformation in unbound 

granular layers to take place. 
 

 
Figure 221: Effect of stress ratio 1 / 1f , gradation and degree of compaction on permanent 

deformation development in base course materials. 
 

Similar work has been done at the Belgian Road Research Center by Descornet [75]. Based on 
extensive triaxial testing he defined a relationship between the compacted density of the granular 
layer and a so called R value which is defined as: 

 
R = 1 + (v - h) / h 

 

If the R ratio in the granular layer is below the R value that belongs to a certain compacted 
density, then no significant permanent deformation will occur. The relation between he 
compacted density and the R value is given in figure 222. 
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Figure 222: Relation between compacted density and R. B line to be used when material is wet. 

 
Van Niekerk’s work has also been used to develop allowable vertical compressive strain in the 
unbound base or subbase criteria [76].The resilient strain level () in the granular layer is 

calculated as: 
 
 = (top - bottom) / h 

 
Where: 
top  = vertical displacement at the top of the layer [mm], 

bottom  = vertical displacement at the bottom of the layer [mm], 

h  = thickness of the layer [mm] 
 

The resilient strain was then correlated to a permanent strain of 4% of the total thickness of the 
granular layer; the relationships developed in this way are shown in figure 223. If we take a 300 
mm thick granular layer made of material CO-65-J-100 as an example, then figure 223 shows 

that at a resilient strain of 631 m/m (log  = 2.8), 4% permanent deformation of the layer 

would occur after 106 load repetitions.  So if the elastic deformation of the layer (h * ) would be 

631 * 10-6 * 0.3 = 1.893 * 10-4 m, then the permanent deformation of that layer after 106 load 
repetitions would be 0.04 * 300 = 12 mm.  

 
If figure 223 would be plotted on a linear scale then we would obtain relationships which would 

look similar to the ones shown for asphalt fatigue (fig. 128). Also in this case a threshold value 
does appear which takes a value of 450 m/m for all materials shown in figure 223. This implies 

that the maximum amount of permanent deformation in a 300 mm thick granular layer would be 
12 mm if the elastic deformation of that layer (top - bottom) would be limited to 450 * 10-6 * 0.3 

= 1.35 * 10-4 m. 
 
Work by Huurman and Van Niekerk on sands showed that for these materials much higher 1/1f 

ratios can be allowed before permanent deformation occurs. A typical ratio value is 0.9.  
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Figure 223: Allowable vertical strain levels in unbound base materials. 

 
A number of researchers have developed permanent deformation models for granular materials. 
An example is given hereafter which was developed for the AASHTO MEPD system [31]. 

 
 = 1.673 * (0 / r) * e-A * v * h 

 

Where: 
A = ( / N) 

  = permanent deformation after N load repetitions [in] 

v  = average resilient strain in the granular layer [in/in] 

h  = thickness of the granular layer [in] 
log   = -0.6119 – 0.01736 * Wc

 

log (0 / r) = {(eB * a1 E
b1) + (eC * a9 E

b9)} / 2 

B  =  

C  = ( / 109) 

C0  = ln{(a1 * Eb1) / (a9 * Eb9)} 

  = 109 * [ C0 / (1 – D)]1/  

D  = (109) 

Wc  = 51.712 * [(E/2555)1/0.64]F 

F  = -0.3586 * GWT0.1192  

E  = modulus of granular layer [psi] 
GWT  = depth to groundwater table [ft] 
a1 = 0.15; a9 = 20; b1 = b9 = 0 

 
The equations given here are copied from [31]. This is especially mentioned since a few times we 

see Eb1 or Eb9 which makes the equations look impressive. However b1 and b1 are equal to zero 
so Eb1 and Eb9 become equal to 1 and the equations could have been simplified because of that. 
C0 e.g. could have been written as ln(0.15/20) = -4.893 

 
Also the Belgian Road Research Center has developed a permanent deformation equation for 
granular layers which is much simpler and is written as: 
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Up = Uel * 2 * Nb 
 

Where: 
b = 2 – 3 
Uel  = the elastic deformation in the granular layer = Ut – Ub,  

Ut  = elastic deformation as calculated with e.g. BISAR at the top of the granular layer [m], 
Ub  = elastic deformation at the bottom of the granular layer [m], 
Up  = permanent deformation in the granular layer [m] 

 
 

10. Base courses showing self cementation 
 
In the Netherlands, but also in many other countries, many secondary materials are used for 

base courses. A number of these materials show self-cementing action and in this part of the 
lecture notes some attention is paid to the mechanical characteristics of these materials as they 
were determined as part of a large research program [77] to determine whether or not these 

recycled materials could be used successfully in pavements. The following materials were 
investigated (table 40). 

 

Number Base course material Code 

1 Crushed masonry MG 

2 Mixture of crushed masonry and crushed concrete (50% - 50%) FF 

3 Lava LA 

4 Pelletized blast furnace slag  SS 

5 Sand cement ZC 

6 Blast furnace slag  HO 

7 Crushed concrete BG 

8 Phosphorous slag FO 

9 MG + 15% electro furnace slag ME 

 
Table 40: Investigated base course materials. 

 
Test pavements were constructed with these materials. These pavements were placed on a sand 
subgrade; the base thickness applied was 250 mm. On top of the base materials which didn’t 

show self-cementation (being MG, FF, LA and SS), a 180 mm thick asphalt layer was placed. A 
120 mm thick asphalt layer was placed on layers which were expected to show self-cementation 
(ZC, HO, BG, FO and ME). 

 
Falling weight deflectometer tests were performed at different moments in time to evaluate the 
increase of the stiffness modulus as a function of time of the base course materials. Figures 224, 

225, 226 and 227 are summarizing the findings. 
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Figure 224: Increase of the stiffness modulus in time of the base course made of blast furnace 

slag. 
 

 
 

Figure 225: Increase of the stiffness modulus in time of the base course made of crushed 
concrete. 
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Figure 226: Increase of the stiffness modulus in time of the base course made of phosphorous 

slag. 

 
Figure 227: Increase of the stiffness modulus in time of the base course  made of crushed 

masonry mixed with electro furnace slag. 
 

Three aspects are calling the attention. 

a. there is a strong increase of the stiffness modulus in time, 
b. there is a relatively large amount of scatter in the data, 
c. the sections were not subjected to traffic loads which implies that any damage caused by 

traffic loads was not taken into account; early traffic might have a significant negative 
effect on the stiffness development. 
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Similar trends have been reported by van Niekerk [67]. He analyzed the development in time of 
crushed concrete – crushed masonry mixtures (63% crushed concrete) without and with addition 

of 10% blast furnace slag. Figures 228 and 229 show the Mr relationships that were obtained. 
 

 
 

Figure 228: Development in time of the stiffness of a crushed concrete – crushed masonry 
mixture. 

 
Figure 229: Development in time of the stiffness of a crushed concrete – crushed masonry 

mixture to which 10% of blast furnace slag is added. 

 
These figures clearly show an increase of the stiffness in time and also show that the stiffer the 
materials becomes, the less dependent the stiffness is from the stress conditions. One also 
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observes that a sharp increase in stiffness occurred in cases where blast furnace slag was added. 
However, when the stiffness was taking high values, it was negatively affected by the stress 

conditions. At high  values a decrease in stiffness was observed indicating that the bonds that 

were formed were partly broken because of the high stresses. 
 

Figure 230 shows the permanent deformation behavior of the masonry – concrete base material 
when mixed with 10% slag. The figure shows that the permanent deformation is very small but 
also that the permanent deformation suddenly increases rapidly if the stress ratio reaches values 

of 0.47 and higher. At a stress ratio of 0.4 no significant deformation develops. It is 
recommended to use this value for design purposes. 
 

 
 

Figure 230: Permanent strain as a function of the 1 / 1f ratio for a crushed concrete – crushed 

masonry base (63% concrete) to which 10% of blast furnace slag is added, after 4 weeks curing. 
 

The rapid increase in strength in time as a result of self-cementation is also shown in figure 231. 
After 13 weeks the failure stress has reached a value of about 1.7 MPa and seems to be 
independent of the confining stress level.  

 
From the results presented in figure 231, it is clear that these types of material can provide 
significant stiffness and strength to the pavement structure.  

 
One should however be aware of the fact that the all the results presented so far (including those 
of the test sections shown in figures 224 to 227) are obtained on undisturbed material. The 

material was allowed to develop self-cementation and during the curing time no loads were 
applied. In reality however (heavy) construction traffic will use the prepared base course as a 
roadway which means that significant stresses and strains will be induced which might result in 

premature damage. The effect of this has also been studied by van Niekerk [67] and some of his 
findings will be presented hereafter. 
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Figure 231: Stress at failure (1f) at different confinement levels (3) for crushed concrete – 

crushed masonry mixtures (63% crushed concrete, indicated with MG-63%) and a similar 
mixture with 10% blast furnace slag (indicated with MG-63%-S-10%), at different moments in 

time. 

 
In his study to determine the effect of early loading of a self cementing material, a 300 mm base 
layer consisting of a mixture of crushed concrete – crushed masonry mixed with 10% blast 

furnace slag was placed on a sand subgrade. The base was compacted to a degree of 
compaction of approximately 105%. A double surface treatment was applied to protect the base 
from climatic influences. After construction of the base, the loading schedule as shown in figure 

232 was applied. 
 

 
Figure 232: Loading schedule. 

 

The traffic loads were not real traffic loads but repeated falling weight deflectometer tests. A 
total of 100 load repetitions per day was applied per loading position. The stiffness modulus of 
the  self-cementing base course was back calculated using the measured deflection bowls as 

input. Some results are shown in figure 233. 
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Figure 233: Development in time of the stiffness of a self-cementing base course as a function of 

the applied load. 

 
Figure 233 clearly shows that the stiffness development of the base course is strongly influenced 
by the loading schedule. Also a significant amount of healing was observed during the period in 

which the section was not subjected to repeated loading by means of the falling weight equip-
ment (period between week 13 and week 68). Furthermore quite some scatter in the results can 
be observed. 

The figure also shows that “heavy construction traffic”, simulated with FWD loads, has a 
significant influence on the stiffness development. Due to the high stresses and strains, self-
cementation is disturbed and only develops slowly (compare the data of the loaded sections with 

those of the reference).  
Since the falling weight loads were directly applied on the base course, an analysis was made to 
determine which falling weight load would simulate more or less the tensile strain at the bottom 

of the base when it had been covered with a 150 mm thick asphalt layer. It appeared that the 10 
kN load simulated that the strain level fairly well. From figure 233 we can conclude that due to 
the 10 kN load, the stiffness modulus reduces to about 50% of its undisturbed value. 

In conclusion this means that the negative of effect of traffic in general and construction traffic in 
particular should be taken into account when designing pavements with self-cementing base 

courses. For design purposes, it is recommended to adopt a stiffness value that is 50% of the 
value determined in the laboratory on undisturbed samples. 
 

 

11. Stabilized base courses 
 

11.1 Introduction 
In many countries, locally available materials are mixed with cement to obtain better 

characteristics with respect to stiffness, strength, moisture resistance etc. For the background 
and principles of modifying or stabilizing materials with cement or lime, the reader is referred to 
the vast amount of literature available on this topic like e.g. [78, 79] and these will not be 

repeated. Here only the most important issues with respect to pavement designs in which 
stabilized base courses are used will be discussed.  
Before we go into that discussion, the reader should be aware of the fact that there is a distinct 

difference between a cement treated soil on one hand and a cement treated granular material or 
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a cement treated sand on the other. In general one could state that the less fines are present in 
the soil mixture, the more the cement is suited to be used as a stabilizing agent. This implies that 

in most cases it is not feasible to treat a fine grained soil with cement. In such cases modification 
with lime is much more feasible than mixing it with cement.  
One should also be aware of the fact that the characteristics of lime and cement treated 

materials strongly depend on aspects like: 
- pulverization of the existing soil, 
- homogeneity of spreading, 

- homogeneity of mixing, 
- homogeneity in moisture content, 

- amount of lime or cement, 
- compaction. 

 

When mixing is done in place, a significant amount of variation in the characteristics of the 
treated material might occur due to variations in the above mentioned factors. One should 
therefore not be surprised when the characteristics determined on cores taken from the field are 

less than the characteristics of the same material when mixed in the laboratory. It should be 
mentioned however that nowadays spreading and mixing equipment are developed to such an 
extent that, when the equipment is well operated, the differences between the lab and field 

characteristics are limited.  
 
Figure 234 shows which type of stabilizer is most suited for which type of soil. 

 

 
 

Figure 234: Type of preferred stabilizer in relation to type of soil. 
 

From figure 234 one can conclude that cement is the preferred stabilizing agent in case of course 

grained subbase and base course layers. 
 

11.2 Cement stabilized base and subbase courses 
 
11.2.1 Cement treated sands 

In many parts in the world, sand is readily available while good quality crushed stone is not. 
Unfortunately the stiffness and strength characteristics of sands are not exceptionally good 
meaning that treating the material with cement is a viable option to improve those characteristics. 

In this part of the notes attention will be paid to relationships that are helpful to estimate the 
mechanical characteristics of cement treated sands. Most of the available information is related to 
sand cement as was used in the Netherlands. For that reason the presented equations hold 

particularly for that type of material. 
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In order to be able to estimate the compressive and indirect tensile strength of Dutch 
sand cement, a laboratory investigation [80] was carried out to determine the strength charac-

teristics of this material. The sand was a fine grained sand typical for the sands used in the 
western part of the Netherlands for road construction. Some characteristics are given hereafter. 
 

d10 = 125 m, 

d50 = 200 m, 

d60 = 230 m, 

dx = sieve size through which x% passes. 
 
The cement contents used were: 6%, 8%, 10% and 12% by weight. The moisture contents used 

were also 6%, 8%, 10% and 12%. The unconfined compressive strength after 28 days could be 
predicted using: 
 

UCS = 40.5 – 23 X1 – 13.6 X2 + 20.7 X3 – 108.5 W2 + 123.2 D W2 – 35 W2 D 
 
The indirect tensile strength could be predicted using: 

 
t = 32.17 – 3.81 X1 -1.91 X2 + 2.02 X3 + 0.097 W – 15.98 D 

 

In these equations: UCS = unconfined compressive strength [kgf / cm2] 
   Xi = dummy variable, 
   W = moisture content [% m/m], 

   D  = dry density [gr / cm3], 
1 kgf / cm2 = 100 kPa. 

 

The dummy variables are defined as follows: 
 

Cement content [% m/m] X1 X2 X3 

                6 1 0 0 

                8 0 1 0 

               10 0 0 0 

               12 0 0 1 

       
No equations were developed to estimate the stiffness modulus of the cement treated sand. 
Therefore the author tested two equations that were available in literature for the prediction of 
the stiffness modulus from the compressive strength of the material. The used equations are: 

 
Ef = 1435 c

0.885  (a)   and    Ef = 1284 c  (b) 

 

When used together with the Dutch specifications, the following results were obtained. 
   

Strength requirement         Stiffness modulus [MPa] using 

      Equation (a)  Equation (b)   

Lab. specimens after 28 days 
mean compressive strength 5 MPa         5963        6420 

Field specimens after 28 days 
minimum compressive strength 1.5 MPa      2054        1926  

 
The estimates obtained by means of both equations are considered to be very reasonable and 

therefore it is believed that both equations can be used for design purposes. 
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The fatigue relation as determined for a particular sand cement in the Netherlands is: 
 

log N = 10 – 0.08  

 
Where:   = tensile strain at the bottom of the sand cement layer [m / m]. 

 
An extensive analysis was made of the performance of a number of road sections in the SHRP-NL 
database that have a cement treated sand base [81]. It was possible to derive from this analysis 

a field fatigue relation which, together with the laboratory determined fatigue relation, is shown 
in figure 235. From this picture one can conclude that a design made using the laboratory 
determined fatigue relation is on the save side because that fatigue line more or less corresponds 

with the field line indicating a 85% probability of survival. Furthermore it is quite clear that there 
is a significant amount of variation around the mean fatigue line. 
The field fatigue relation can be written as: 

 
Log N = 8.5 – 0.034  

 

Where: N = allowable number of equivalent 100 kN axles (probability of survival is 50%), 
 = tensile strain at the bottom of the cement treated base [m / m]. 

 

11.2.2 Cement stabilized granular layers 
A large amount of information is available on the characteristics of cement stabilized granular 
layers. Of course the strength, stiffness and fatigue characteristics can be determined by means 

of testing. In this way the effect of the following parameters can be determined: 
- type of material, 
- gradation, 

- moisture content, 
- degree of compaction, 
- cement type, 

- amount of cement, 
- curing conditions and curing time. 

 
Testing is however time consuming and is therefore not considered feasible for most projects and 
one therefore heavily relies on estimating procedures. Xuan [86] in his PhD study made a 

detailed literature study on this topic and the procedures presented hereafter are taken from his 
PhD thesis. No reference will be made here of the original sources. 
 

With respect to estimating the dynamic modulus of stabilized granular layers, Xuan referred to 
Kolias & Williams who did put forward the following equation: 
 

Ed = 40 * (UCS0.5) * (D / 1000 * m)1.5  
 
Where: 

Ed = dynamic modulus [MPa] 
UCS = compressive strength [MPa] 
D = dry density [kg/m3] 

m = moisture content [%] 
 
In South Africa [69] the following relationships have been proposed 

 
Ef = 1284 c for cemented fresh crushed aggregates  

 

Ef = 1784 c for cemented natural weathered gravel  
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Where: Ef = modulus in flexure [MPa] and c = compressive strength [MPa] 

 
Figure 235: Field fatigue relation for sand cement base courses. 

 

Typical fatigue relations that are reported are given below. 
 
For an A-1-a soil treated with 5.5% cement (moisture content 7.5% and a density of 2200 kg/m3) 

the following relation was given: 
 
log N = 9.110 – 0.0578  [] = [m / m] 

 
In South Africa the following relationship is used. 
 

log N = 9 (1 -  / t)  

 
In both equations: 
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t = strain at break 

 

For fresh crushed rock material the strain at break varies between 100 and 250 m/m. The mean 

value was reported to be 160 m / m. For natural weathered material, the strain at break seems 

to be dependent on the stiffness modulus following the trend shown below. 
 

   E [MPa]   Strain at break [m / m] 

   2500    188 
   5000    141 

   7500    118 
   10000    112 
   15000    106 

 

One should however be aware of the large amount of scatter around the trend line. At a stiffness 
of 3000 MPa, strain at break values ranging between 120 and 280 m/m have been reported 

while at a stiffness of 6000 MPa the range is still between 100 and 200 m/m. At high stiffness 

values, the variation in strain at break values is less. 
 
In Australia a fatigue relation was developed for cement treated base courses using the results of 

accelerated load testing experiments and laboratory testing. The fatigue relation is given below. 
 
N = {(A E-B + C) / t}

D 

 
Where: E = stiffness modulus [MPa], 
 t = tensile strain at the bottom of the cement treated base [m/m], 

 A = 112664 
 B = 0.804 

C = 190.7 

D = 12   
 
In his literature survey Xuan [86] also reported fatigue relationships for cement stabilized 

granular materials, these are shown in figure 236. The gradations of the tested mixtures are 
shown in figure 237.  
 

Figure 236 uses SN as independent variable, this means that the flexural strength should be 
known. This parameter can be estimated from the compressive strength using: 
 

f = -0.0042 + 0.1427 c 

 
Where: c = compressive strength [MPa], 

f = flexural strength [MPa], 

 
Xuan, in his thesis, reported results of work done by Kolias and Williams who produced the 

following relationship: 
 
f = 0.25 * c

0.75 

 
This equation is based on the data shown in figure 238. 
 

It is interesting to note that it is not always clear how the compressive strength is determined. 
Kolias and Williams used cube testing for determining the compressive strength while the 
relationships developed in South Africa are based on testing of cylinders. These tests do not give 

the same compressive strength! In general one could say that the compressive strength 
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determined on cylinders with a diameter of 150 mm and a height of 300 mm is around 80% of 
the strength determined on cubes with dimensions 150 * 150 * 150 mm. 

 

 
Figure 236: Fatigue relationships as reported by Xuan in his literature survey. SN = stress ratio = 

applied tensile stress / tensile strength. 
 

 
Figure 237: Gradations of the mixtures shown in figure 236. 
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Figure 238: Relation between compressive and flexural strength as reported by Kolias and 

Williams. 
 

11.2.3 Cement treated RAP and recycled crushed concrete – masonry mixtures 
In the Netherlands large amounts of secondary materials have to be recycled. Re-use of these 
materials in road constructions is very feasible and quite often those materials are cement 

treated to give them the required mechanical characteristics and to prevent leaching of 
contaminating material. In this section we will present the main findings of the research done by 
Xuan [86] on cement treated mixtures of crushed recycled concrete and crushed recycled 

masonry. First of all we will present results obtained on cement treated recycled crushed asphalt. 
  
RAP (recycled asphalt pavement) is sometimes treated with cement to obtain a good quality base 

course material. The reason to treat RAP with cement and not to re-use it in hot mix asphalt can 
be because the bitumen has hardened to such an extent that proper hot recycling has become 
rather difficult. Furthermore treating RAP with cement becomes a feasible option when the RAP is 

not sorted so one is dealing with a pile of RAP consisting of different types of mixtures.  
The cement treated asphalt aggregate is called AGRAC in the Netherlands. A typical value for the 
compressive strength of cement treated crushed asphalt aggregate is 3.1 MPa. This value is 

obtained for an asphalt aggregate treated with 3.3% cement [m/m] having. The cement treated 
mixture has a density of approximately 1970 kg/ m3. By means of falling weight deflection 

measurements stiffness values of around 4500 MPa were obtained for a mixture that was 
subjected to construction traffic. On areas that were not subjected to construction traffic stiffness 
values of 6000 MPa were obtained. These values show once more the damaging effect 

construction traffic can have. 
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Stiffness values of 11000 MPa were obtained on beams that were tested in the laboratory using a 
four point bending test set up. This value was obtained at a temperature of 0 0C and a load 

frequency of 30 Hz. At 20 0C and 30 Hz a stiffness of 8000 MPa was obtained. Also fatigue tests 
were performed at the same temperatures and using the same loading frequency. The results are 
presented below. 

 
For 0 0C and 30 Hz: log N = -38.69 - 11.42 log  

For 20 0C and 30 Hz:  log N = -24.95 – 7.72 log  

 
In both cases [] = [m/m]. 

 

The values for the slope of the fatigue relation (11.42 and 7.72) show that this material is a very 
brittle one at low temperatures. Furthermore the results show that the RAP still adds some visco-
elastic behavior to the material since the slope of the fatigue relation is clearly affected by 

temperature. 
 
As mentioned above Xuan [82] extensively researched the characteristics of recycled crushed 

concrete/masonry mixtures that were treated with cement. 
It is clear that not all old concrete and masonry can be re-used or recycled. The material must 
e.g be free of asbestos and should not be contaminated by ink, oil or other residues. On top of 

that additional requirements are set in the Netherlands which are listed in table 41 [67]. 
 

 
Table 41: Requirements to be set on stony materials to be recycled. 

 

Based on his research results, Xuan was able to derive a number of predictive equations which 
are listed hereafter (e.g. table 42). The parameters used in these equations have the following 
meaning: 

UCS = unconfined compressive strength [MPa], 
ITS = indirect tensile strength [MPa], 
Er = resilient modulus at loading pulse duration of 200 ms with 800 ms rest period [MPa], 

C = cement content by mass of aggregates [%], 
W = water content by mass of aggregates [%], 
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D = dry density [kg/m3], 
M = amount of crushed masonry in the mixture [% by mass], 

t = curing time at 20oC in a fog room. [days]. 
 

 
Table 42: Equations developed by Xuan to predictive compressive characteristics of cement 

treated recycled crushed concrete/masonry mixtures. 

 
ITS = 0.0293 * (C / W)1.3 * (D / 1000)7 * e0.008M * eZ 
 

Z = 1.6 * [1 – (28 / t)0.2 
 
Er = 1577.8 * (C / W)0.65 * (D / 1000)4.1 * e0.0037M * ey 

 
Y = 0.28 * [1 – (28 / t)0.65] 
 

Er = 6365.3 * D1.15 * ITS0.45 
 
Xuan also developed a model to predict shrinkage due to hardening and drying. This model is 

shown in figure 239. The parameters in this model have the following meaning. Please note that 
in this model “t” has a different meaning than in the strength and stiffness models. 

 
S = deformation due to shrinkage [m/m], 
Smin = minimum deformation due to shrinkage after 7 days [m/m], 

Smax = maximum deformation due to shrinkage after 365 days [m/m], 
t = curing time in days at 50% relative humidity. 
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Figure 239: Shrinkage model as developed by Xuan. 
 

Also a model to predict the coefficient of thermal expansion was presented which is: 

 

 
In this model DC is the degree of compaction in [%]. CTE is given in [10-6 / 0C]. 
Information on shrinkage behavior and the coefficient of thermal expansion is important since 

cement stabilized material show hardening and drying shrinkage and will change in volume due 
to temperature changes. Both types of movement can result in significant cracking if special 
measures are not taken. It is because of this behavior that the cement content should not be too 

high! Cement contents should preferably stay below 5%! 
 
The question is whether these equations are really able to predict reality. In order to check this 

the compressive strength of a similar type of material as produced and laid in a project in Spain 
were predicted and compared with the test data obtained on cores taken from the pavement. 

The result is shown in table 43.  
 

 
Table 43: Comparison between predicted and measured UCS values. 
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In conclusion one can state that the predicted values were in good agreement with the measured 
values. 

 
An analysis has been made to determine to what extend cement treated crushed 
concrete/masonry mixtures could be used as base or base course material. The requirements 

that are set in different countries with respect cement treated subbase and base courses are 
shown in table 44. The results of this analysis are shown in table 45; it is clear that these 
materials can indeed very well be used in pavement structures especially as a subbase; the 

cement contents needed for the base course are considered to be too high. 
 

 
Table 44: Requirements set on cement treated subbase and base courses. 

 
 

 
Table 45: Cement contents needed for several crushed concrete/masonry mixtures to fulfill the 

Chinese requirements. 

 
The last item to be discussed is stress relaxation. Relaxation is a very important property in case 
temperature stresses are combined with traffic stresses. The first ones will relax as a function of 
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time making the combination of temperature and temperature stresses less damaging. The 
relaxation behavior of these materials can be described with: 

 
R(t) = 2.22 t-0.25 
 

Where: 
 
R(t) = stress at time t / initially induced stress (for temperature stresses  = E *  *T, 

E = elastic modulus [MPa], 
a = coefficient of thermal expansion, 

dT = temperature drop [0C], 

t = number of days.   
 
 

12. Subgrade soils 
 

12.1 Introduction 
Subgrades usually consist of fine grained cohesive or non-cohesive soils. All these materials 
exhibit a stress dependent behavior implying that both the stiffness and the shear strength 

increase with increasing confinement. The dependence of the stiffness modulus on the stress 
conditions is shown in figure 240. The figure shows that non-cohesive soils react quite differently 
to various states of stress than cohesive soils. This stress dependency should ideally be taken 

into account when designing a pavement.  
 

 
Figure 240: Stress dependent stiffness (resilient) modulus of non-cohesive (left) and cohesive 

(right) soils.  
 

12.2 Models to predict the resilient modulus of soils 
Because repeated load triaxial testing is still considered to be an “advanced” test it is not used 
very often for the characterization of pavement subgrades. Therefore on relies quite often on 

procedures that allow to predict the stiffness of subgrade soils. In [65] a set of those equations 

log Mr log Mr 

Increasing 3 

Increasing 3 
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have been presented. It is recalled that similar equations were presented when discussing the 
estimation of the stiffness of granular base and subbase layers. 

Course grained gravel soils 
 
Mr = [1.3429 – 0.0051 * P3/8 + 0.0124 * %Clay + 0.0053 * LL – 0.0231 * Ws] * pa 

 
* [ / pa]

A * [(oct / pa) +1]B 

 

Where: 
A = 0.3311 + 0.001 * P3/8 – 0.0019 * %Clay – 0.0050 * LL + 0.0093 * Ws 
 

B = 1.5167 – 0.0302 * P3/8 + 0.0435 * %Clay + 0.0626 * LL + 0.0377 * PI – 0.2353 * Ws 
 
Coarse grained sand soils 
 
Mr = [3.2868 – 0.0412 * P3/8 + 0.0267 * P4 +0.0137 * %Clay + 0.0083 * LL – 0.0379 * Wopt  

 -0.0004 * s] * pa * [ / pa]
C * [(oct / pa]

D 

 
C = 0.5670 + 0.0045 * P3/8 – 2.98 * 10-5 * P4 – 0.0043 * %Silt – 0.0102 * %Clay – 0.0041 * LL 
      + 0.0041 Wopt – 3.41 * 10-5 * s – 0.4582 * (s / opt) + 0.1779 * (Ws / Wopt) 

 
D = -3.5677 + 0.1142 * P3/8 – 0.0839 * P4 – 0.1249 * P200 + 0.1030 * %Silt + ).1191 * %Clay 
       m- 0.0069 * LL – 0.0103 * Wopt – 0.0017 * s + 4.3177 * (s / opt) – 1.1095 * (Ws / Wopt) 

 
Fine grained silt soils 
 
Mr = [1.0480 + 0.0177 * %Clay + 0.0279 * PI – 0.370 * Ws] * pa * [ / pa]

E * [(oct / pa]
F 

 
E = 0.5097 – 0.0286 * PI 

 
F = -0.2218 + 0.0047 * %Silt + 0.0849 * PI – 0.1399 * Ws 
 

Fine grained clay soils 
 
Mr = [1.3577 + 0.0106 * %Clay – 0.0437 * Ws] * pa * [ / pa]

G * [(oct / pa) + 1]H 

 
G = 0.5193 – 0.0073 * P4 + 0.0095 * P40 – 0.0027 * P200 – 0.0030 * LL – 0.0049 * Wopt 
 

H = 1.4258 – 0.0288 * P4 + 0.0303 * P40 -0.0521 * P200 + 0.0251 * %Silt + 0.0535 * LL  
       – 0.0672 * Wopt – 0.0026 * opt + 0.0025 * s – 0.6055 * (Ws / Wopt)  

 

The variables used are the same as those mentioned in table 30 which is presented again 
hereafter. 
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Variable  Description  Unit 

P3/8 Percentage passing 3/8” sive % 

P40 Percentage passing No. 40 sieve % 

P4 Percentage passing No. 4 sieve % 

LL Liquid limit % 

Wopt Optimum moisture content % 

opt Optimum dry density kg/m3 

Ws Actual moisture content % 

s Actual dry density kg/m3 

PI Plasticity Index % 

P200 Percentage passing No. 200 sieve % 

 
In table 46, 47 and 48 the range in characteristics of the subgrade soils for which the equations 
were developed are given. This allows to determine whether the equations can be used for a 

particular soil if one wants to estimate the resilient behavior by means of the equations given 
here. 
 

 
Table 46: Coarse grained soils aggregate mixture 

 

 
Table 47: Fine grained soils 
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Table 48: All subgrade soils. 

 
In spite of the availability of these “impressive” regression equations, common practice is that 

one relies on relationships between e.g. CBR and the stiffness modulus of the subgrade. Some of 
these relationships are given hereafter 
 

12.3 Estimation of the subgrade modulus using empirical 
equations 
Some well- known rules which can be applied to estimate the stiffness modulus of fine grained 
soils are given below. 
 

Organisation Equation 

Shell E = 10 CBR 

US Army Corps of Engineers E = 37.3 CBR0.711 

CSIR South Africa E = 20.7 CBR0.65 

Transport and Road Research Laboratory UK  E = 17.25 CBR0.64 

Delft University, Ghanaian laterite E = 4 CBR1.12 

             

Table 49: Equations to estimate the subgrade modulus [E] = [MPa], [CBR] = [%]. 
Note: The relationship for the Ghanaian laterite was determined by means of the repeated load CBR test. 

 

It is clear that there is no unique relationship to predict the stiffness modulus of fine grained 
materials from the CBR. Therefore one should be very cautious in adopting these equations. 
Furthermore it should be noted that these relationships show a significant amount of scatter. An 

example of the scatter that can occur is given in figure 241.  
 
In the AASHTO MEPD system [31] also an equation is presented to estimate the CBR. This 

equation is: 
 
CBR = 75 / (1 + 0.728 * P200 * PI) 

 
All parameters have been explained above. It is remarkable to see that the moisture content is 
not taken into account while it has a significant influence (see e.g. the equations to predict Mr for 

subgrade soils which were given above. The influence of moisture on the resilient modulus is also 
clearly shown in figure 242. The conclusion therefore is that the effect of moisture on the 
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stiffness and the strength of the subgrade soil should always be checked. The same holds for the 
effect of compaction. 

 
Figure 241: Scatter around the relationship E = 10 CBR. 

 

 
 

Figure 242: Influence of the moisture content on the resilient modulus of a silty clay subgrade. 
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The repeated load CBR test can of course also be used to determine the resilient modulus of fine 
grained materials. The standard size CBR mold and plunger can be used for this purpose. For the 

type of sand used as subgrade for most road projects in the western part of the Netherlands it 
has been found that the resilient modulus as determined by means of the repeated load CBR test 
is the same as the resilient modulus determined from a repeated load triaxial test performed at 

20 kPa confinement stress. For other confinement levels one could write: 
 
Mr = 0.211 3

0.563 Mrep CBR 

 
Where: Mr = resilient modulus 
 3 = confining stress [kPa], 

 Mrep CBR = resilient modulus obtained from the repeated load CBR test. 
 
Let us now discuss transfer functions for subgrade soils that allow to determine the number of 

load repetitions before excessive deformation will occur. 
 

12.4 Allowable subgrade strain 
A number of organizations have developed relationships between the vertical elastic strain at the 
top of the subgrade and the number of load repetitions at which a significant amount of 

permanent deformation in the subgrade occurs. In the Netherlands e.g. results from accelerated 
pavement tests done at the Delft University on asphalt pavements placed on a sand subgrade 
allowed to develop a subgrade strain relation for the sand subgrade material. The test results 

showed that the observed permanent deformation was entirely due to the deformation of the 
subgrade. The subgrade strain relationship was then developed by correlating the vertical 
compressive strain at the top of the sand subgrade to the number of load repetitions needed to 

obtain a rut depth of 18 mm. The following relationship was obtained.  
 
log N = -7.461 – 4.33 log v 

 
Where: v = vertical compressive strain at the top of the subgrade [m/m], 

 N = number of load repetitions to a rut depth of 18 mm. 

 
Similar relationships have been developed in South Africa and are shown below. 
 

log N = A – 10 log v 

 
Where: N = allowable number of load repetitions to a specific rut depth, 

 A = constant depending on the allowable rut depth; see table 50, 
 v = vertical compressive strain at the top of the subgrade [m / m]. 

 

Terminal rut depth [mm] Reliability level [%] A 

               10              95 33.30 

               10             90 33.38 

               10             80 33.47 

               10             50 33.70 

               20             95 36.30 

               20             90 36.38 

               20             80 36.47 

               20             50 36.70 

 
Table 50: A values for the South African subgrade strain relationships.  
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As mentioned above similar relationships have also been developed by other institutions and they 
are listed in table 51. 

 

Agency A B Rut depth 

Asphalt institute 1.365 E-9 4.447 12.5 mm 

Shell 50% reliability 6.15 E -7 4.0  

Shell 85% reliability 1.94 E-7 4.0  

Shell 95% reliability 1.05 E-7 4.0  

TRRL 85% reliability 6.18 E-8 3.95  

Belgian Road Research Centre 3.05 E-9 4.35 10.2 mm 

 
Table 51: Subgrade strain relationships as developed by different agencies. In all equations the 

subgrade strain (v) is in m/m. The equation is log N = log A + B log v 

 

Also the relationship developed by the US Corps of Engineers (CoE) should be mentioned which 
is: 

 
N = 10000 * (a / v)

b 

 
Where: 

a = 0.000247 + 0.000245 * log (Mr) 
b = 0.0658 * (Mr)

0.559    [Mr] = [psi]  

 
It should be noted that the original Shell relationship (50% relationship) is related to the number 
of load repetitions at which the pavements in the AASHTO Road Test reach a present service-

ability index of 2.5. The CoE relationship was developed on test sections with a fine grained clay 
subgrade.  
 

Finally the relationship used in the French design manual [138] is mentioned which is: 
 
v = 0.012 NE-0.222 

 
Where: 
NE = number of equivalent 130 kN single axles 

 
As one will notice the different relationships predict a different number of load repetitions at the 
same strain level. This is of course rather confusing because the question then is which 

relationship should be used! Fortunately the subgrade strain criterion is seldom the decisive 
criterion when designing pavements so in most cases selecting the proper relationship is 
therefore not much of an issue. This will be discussed in great detail later on. 

 

12.5 Prediction of subgrade deformation 
Although using the subgrade strain criterion is mostly used to determine whether the subgrade 
can sustain the applied loads, permanent deformation in the subgrade can also be predicted. This 
is e.g. done in AASHTO’s Mechanical Empirical Pavement Design (MEPD) system. The equation is 

exactly the same as the one which is used for granular layers which was presented earlier. The 
only difference however is the “constant” used in the equation which is 1.35 for subgrade 
materials instead of 1.673 which was used for granular materials. 

 
 = 1.35 * (0 / r) * e-A * v * h 
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All variables are discussed earlier. The complicating factor here is the value of “h”. This value 
should in fact be equal to the subgrade thickness over which elastic vertical deformations occur. 

It is therefore suggested to divide the top 8ft of the subgrade into sublayers and calculate the 
permanent deformation in each sublayer and take the sum of these. This is a rather tedious 
procedure and because the predictive capability of the subgrade model is not very good, this 

model is not advised for use in practice. 
 
A much simpler and more practical model is the one developed by the Belgian Road Research 

Center for fine grained soils. This model is: 
 

Up = Uel * (1.3 + 0.7 * log N) 
 
Where: 

Up, Uel  = permanent respectively elastic deformation at the top of the subgrade [m], 
N = applied number of load repetitions. 
 

 

13. Lime treated Soils 
 

13.1 Introduction 
Stabilization of soils with cement is not feasible for fine  grained soils. Cement can be very 

effectively used on materials like sand and coarser grained materials. The Portland Cement 
Association e.g. gives the following estimates for cement requirements for different soil groups. 
 

AASHO soil group Usual range in cement requirements [% m/m] 

      A-1-a                        3 – 5 

      A-1-b                        5 – 8 

      A-2                        5 – 9 

      A-3                        7 – 11 

      A-4                        7 – 12 

      A-5                        8 – 13 

      A-6                        9 – 15 

      A-7                       10 – 16         

 
Table 52: Cement requirements in relation to soil group. 

 
The table shows that for the finest graded coarse grained soil (A3) cement percentages of 7 – 11% 
might be needed to obtain a material which fulfills the requirements. Such high cement contents 

inevitably result in (severe) problems such as reflective cracking. This is one of the reasons why 
the Dutch Ministry of Transport doesn’t allow anymore the use of cement stabilized sand layers in 
pavement structures.  

Next to the cement requirement issue, use of cement in (very) fine grained soils is complicated 
because of construction issues like mixing, required pulverization when dry and workability when 
wet. 

 
Fine grained soils can therefore much better be treated with lime because use of lime will make 

the fine material coarser, reduces the plasticity values and reduces the moisture content 
especially when quick lime (CaO) is used. Little e.a. [81] state that lime stabilization will only be 
effective if the soil has at least 25% passing the 75 m sieve and a PI of at least 10%. Lime 

stabilization will not be very effective if the soil contains more than 1% organic material and the 

soluble sulfate content should be less than 0.3% by weight in a 10:1 water to soil solution. 
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As has been discussed in the lecture notes on Soils and Unbound Granular Materials [62], the 
“quality” of fine grained soils, and in particular clayey soils, depends on the size of the clay 

platelets and the thickness of the water layer that is attached to the clay particle. Montmorillonite 
clay e.g. consist of small clay platelets surrounded by a relatively thick water layer. Kaolinite  
clays on the other hand characterize themselves by their relatively large, stable clay platelets 

which are surrounded by a relatively thin layer of water. The stability of clay structures also 
strongly depends on the type of exchangeable ion. The general order of replace-ability of the 
common cations associated with soils is: 

 
Na+ < K+ , Ca2+ < Mg2+ 

 
So K+ will replace Na+, Ca2+ will replace K+ and so on. It has been shown that the thickness of 
the bound water layer around the clay particle will decrease substantially if e.g. sodium ions are 

replaced by the calcium ions coming from the lime. It has also been shown that under such 
conditions development of flocculent structures is promoted. In itself such reactions are mainly 
influencing soil characteristics as plasticity, shrinkage and workability but are not responsible for 

the observed rapid increase in strength. The reason for the rapid strength development is 
believed to be an immediate reaction between the alumina at the edges of the clay particles with 
the lime which is absorbed at the clay particle faces. This means that plasticity, shrinkage and 

swelling and other normal clay – water interactions are distinctly inhibited. Thus the clay 
becomes ameliorated but not really stabilized since the flocs have not been bound together well 
enough to retain any significant strength after soaking. Any immediate reduction in plasticity 

results in an immediate increase in shear strength.  
 

13.2 Example of the effects of lime  
As an example of how a lime treatment affects the characteristics of a soil, the results of a study 
performed at the Delft University on how a lime treatment would affect the characteristics of the 

notorious Ethiopian Black Cotton clay are shown in figures 243 to 247 and tables 53 and 54 [82, 
83]. 
 

 
 

Figure 243: Gradation of the Back Cotton Clay (LL = 99%, PI = 45%) 
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Figure 244: Moisture density relation of the Black Cotton Clay 

 
Figure 245: CBR vs molding water content and after soaking for the Black Cotton Clay (drawn 

line is after soaking, dashed line is CBR at molding water content). 

 
Figures 243 to 245 clearly show that this particular clay is a rather poor one especially in the 
presence of water. After 17 hours being submerged in water the occurring swell appeared to be 

around 20%.  
 
Figure 246 shows that the plasticity indices significantly approved by treating the clay with lime. 

At lime percentages higher than 5% no significant further improvement developed so it appeared 
that 5% lime is the preferred amount of lime to be used. 
As shown in figure 247, no further increase in pH level occurred at lime percentages higher than 

5%. At 5% lime the pH is slightly higher than 12 indicating the presence of free lime. This also 
indicates that adding more than 5% lime makes no sense since this higher amount will not react 

with the soil. 
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Figure 246: Plasticity indices of the Black Cotton Clay in relation to lime content. 

 

 
 

Figure 247: pH of Black Cotton Clay – lime mixtures. 
 

At an initial moisture content of 15%, the swell of the clay mixed with 5% lime reduced to 5.1% 

after 96 hours being submerged in water.  
 
The effect of the lime treatment on the CBR is shown in table 53. The samples were prepared at 

an initial moisture content of around 40%.  
 

 0 days curing 7 days curing 28 days curing 

0% lime 4.5   

5% lime 12 27 27 

7% lime 20 35 39 

 

Table 53: Effect of lime treatment on the CBR value [%]. 
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Also the resilient modulus of the lime treated samples was determined. This was done by means 
of the repeated load CBR test. The results that were obtained are shown in table 54. 

 

 0 days curing 7 days curing 28 days curing After 48 hours 
soaking 

0% lime 18    

5% lime  169 139 34 

7% lime  226 312 456 

 

Table 54: Effect of lime treatment on resilient modulus Mr [MPa]. 
 

Although figures 243 and 244 showed that adding more than 5% lime did not have an effect on 

the plasticity indices and that at those percentages free lime occurred, tables 53 and 54 show 
that adding a bit more lime (7% instead of 5%) does significantly increase the CBR and resilient 
modulus. The Mr values after soaking show that, from a mechanical point of view, adding 7% 

lime is to be preferred over 5% lime. 
 
It has been mentioned above that adding lime results in flocculation and this may give the soil a 

totally different appearance. A clay with 10% of loam e.g. was stabilized with lime and after 14 
days it looked like a sandy loam while after 20 days it looked like a sand! 

As mentioned above, siliceous and aluminous materials in the soil react with lime to produce a 
gel of calcium silicates and aluminates. This gel cements the soil particles together in a manner 
that is similar to that of hydrated cement. Minerals in the soil that react with lime to produce a 

cementing compound are known as pozzolans. This lime-cementing action however is usually a 
slow process and it takes considerable more time than required for hydration of Portland cement. 
 

It should be noted that carbonation occurs when the hydrated lime reacts with the CO2 from the 
air. Although the formed carbonates (CaCO3) add some strength (not much!!), carbonation “eats” 
so to say the lime and will therefore deter pozzolanic reactions. 

 

13.3 Mechanical properties of lime stabilizations  
As has already been discussed many times in the previous sections, mechanical properties like 
stiffness modulus and fatigue resistance which are needed to make an analytical based pavement 
design are very often based on relationships between a parameter that is rather easy to 

determine by means of simple laboratory tests and parameters like tensile strength, stiffness and 
resistance to fatigue. Such relationships are also developed for lime treated materials and some 
of them will be presented here-after.  

Although his name doesn’t appear in the list of references, Marshall Thompson, emeritus 
professor at the University of Illinois at Urbana-Champaign, should be given a lot of credit since 
he did a lot of work in characterizing lime treated materials. 

 
Tensile and flexural strength 
Little [84], in referring to Thompson reported the following relationships between the unconfined 

compression test on one hand and the tensile cq flexural strength on the other. 
 
it = 0.13 qu 

f = 2 it 

So: f = 0.25 qu 

 

Where: 
it  = indirect tensile strength, 

f  = flexural strength, 

qu  = unconfined compressive strength. 
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Modulus in flexure 
Little [84] also reported a relationship between the unconfined compressive strength and the 

modulus of lime treated materials. This relationship is shown in figures 248 and 249. 
 

 
Figure 248: Relation between unconfined compressive strength and flexural modulus for lime 

treated materials [84]. 

 
Figure 248 presents a relationship between unconfined compressive strength and flexural 
modulus (based on data from Thompson e.a.), unconfined compressive strength and back 

calculated field moduli (determined from FWD data) and unconfined compressive strength and 
compressive moduli (based on data from Thompson e.a.). From this figure, it can be seen that 
the relationship between unconfined compressive strength and flexural modulus and between 

unconfined compressive strength and field (FWD back calculated) modulus are in reasonable 
agreement. The compressive modulus approximated from unconfined compressive strength data 
appears to be a conservative approximation of the modulus of the lime stabilized layer. Based on 

the findings summarized in Figure 248, a realistic and conservative approximate modulus for the 
lime stabilized layer that can be used in design approximations is presented by the dashed line in 
Figure 248. For clarity, this relationship is reported in Figure 249. 

 
Figure 249: Relationship between unconfined compressive strength and the modulus of lime 

treated materials.  
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Figure 250: Ratio between the modulus of the lime treated subbase and the modulus of the 

original subgrade [84]. 
 

Figure 250 shows the ratio between the modulus of the lime stabilized subbase and the modulus 
of the subgrade. This figure was derived from layer moduli which were back-calculated from 

falling weight deflectometer measurements. These figure indicates that for natural subgrade 
moduli below about 50 MPa, the modulus ratio is typically 10 or above. For subgrade moduli 
between 50 MPa and 200 MPa, the modulus ratio is between 5 and 10, and for subgrade moduli 

exceeding 200 MPa, the modulus ratio is less than about 5. 
 
Little et al also recommended a process by which to assign structural significance to lime-

stabilized layers. The first step is to assign a realistic approximate resilient modulus to the layer. 
This can be done by either laboratory resilient modulus testing or from pre-existing field data. If 
laboratory testing is selected, then the resilient modulus should be determined in accordance 

with AASHTO T-294-94 after curing for 5-days at 38 oC. If laboratory testing facilities for such 
testing is not available, the resilient modulus can be approximated from unconfined compressive 
strength testing when compressive strength testing is performed in accordance with ASTM D 

5102 or Texas Method TEX-121-E following a curing period of 5 days and at a temperature of 38 
oC. Then, based on an empirical relationship between laboratory derived unconfined compressive 
strength and resilient modulus, determine the approximate resilient modulus of the lime-

stabilized layer. 
 
Fatigue 
It will be no surprise that there is no unique fatigue relationship for lime stabilized materials. 
Type of soil, amount of lime, degree of compaction etc all have an effect on the fatigue 

resistance of the material. The fatigue relationships shown in figure 251 [79] can be written as 
follows:  
 

Sable B   log N = 11.878 – 12.245  / f 

Illinoisan till  log N = 15.882 – 17.882  / f 

Bryce B   log N = 16.114 – 17.143  / f 

Champaign County till log N = 23.25 – 25  / f 
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Where: N = number of load repetitions to failure, 
  = applied flexural stress, 

f = flexural strength. 

 

 
Figure 247: Fatigue relationships for lime stabilized soils as reported in [79]. 

 
Based on work done by Thompson e.a., Little [84] reported the following relationship: 

 
log N = 15.914 – 17.241  /f 

 

This relationship is shown in figure 252. As shown in figures 251 and 252, the stress ratio, ratio 
of induced tensile flexural stress to flexural strength, should be less than 0.50 to insure a fatigue 
resistant layer. Since the flexural strength is approximately 0.25 times the unconfined 

compressive strength and since the ratio of tensile strength induced within the stabilized layer 
should be less than 0.50, the critical flexural stress within the stabilized layer should not exceed 
12 percent of the compressive strength. 
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Figure 252: Fatigue relationship as reported by Little [84]. 

 

Like cement bound layers, also lime stabilized layers will show a development in strength in time 
and based on data given in [79], Molenaar developed the following relationship to make a rough 
estimate the flexural strength as a function of time: 

 
ft / f, t = 24 hours = -1.315+ 0.736 ln (t) 

 

t  = time in hours 
 
Durability 
The reported strength values were obtained on properly manufactured and cured samples and an 
important question is what the strength characteristics would be after soaking. In [79] it is 
reported that the unconfined compressive strength after soaking is 70% to 85% of the strength 

which was obtained on specimens prepared under optimal conditions. It was also reported that in 
case lime stabilizations get “wet”, the degree of saturation in most cases was limited to 90% to 

95%. 
 
 

14. Factors affecting pavement design and 
performance 
 

14.1 Introduction 
At this stage we have discussed how stresses and strains in pavements due to traffic loads can 
be calculated and how the input which is needed for pavement design and performance 
predictions can be obtained/estimated. Before we discuss how the design process is carried out, 

we need to discuss first of all some factors that affect pavement design and performance. Such 
factors are: 

1. lateral wander, 

2. the limited width of the pavement, 
3. design considerations when using cemented bases and subbases, 
4. design considerations when using bases and subbases of e.g. blast furnace slags. 
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14.2 Lateral wander 
It is a well-known fact that cars and trucks don’t drive in a perfectly straight line; in practice 

some lateral wander always occurs. Because of this lateral wander, the maximum stresses and 
strains don’t always occur in the same location. This again implies that the allowable number of  

wheel passages is actually larger than the number of peak tensile strain repetitions that can be 
taken in a specific location.  The amount of lateral wander that occurs depends mainly on the 
lane width. Furthermore the stiffness of the pavement determines the load spreading and 

determines whether e.g. the tensile strain is fairly constant at the bottom of the asphalt layer or 
whether high strains occur locally (see figure 253). 
CROW [73] has developed a procedure to estimate the positive effect of lateral wander. This 

procedure is outlined hereafter. 
 
First of all the radius of relative stiffness is calculated using: 

 
Lk = [E1 h1

3 (1 - s
2) / 6Es (1 - 1

2)]0.33 

 

Where: Lk = radius of relative stiffness [mm], 
 E1 = stiffness modulus of the asphalt layer [MPa], 
 Es = combined stiffness modulus of all layers below the asphalt layer [MPa], 

 1 = Poisson’s ratio of the asphalt layer, 

 2 = Poisson’s ration of the layers below the asphalt layers. 

 

Figure 254 is then used to determine the lateral wander that will occur. That number together 
with Lk is then used in figure 255 to determine the correction factor on pavement life due to 
lateral wander.   
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Figure 253: Principle of the effect of lateral wander. 

 
Figure 254: Lateral wander in relation to lane width.  
Note: Breedte rijspoor = lane width; vetergang = lateral wander  

 

a b 

1 
2 

The load at position a causes a tensile strain 1 in location A, the load in 

position b still causes a tensile strain 2 in point A. The effect of lateral 
wander is therefore limited.   

A 

In this cause the load in position b causes no tensile strain in location A. 
The effect of lateral wander is therefore large. 
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Figure 255: Correction factor on pavement life as a function of the lateral wander and pavement 

stiffness. 
Note: stijfheidsstraal = radius of relative stiffness; vetergang = lateral wander; verbeterfactor versporend rijden = 

multiplication factor on pavement life due to lateral wander 

 

Pvement life N is then calculated using: 
 
N = multiplication factor * Nfat 

 
Where: 
Nfat = pavement life calculated based on the maximum tensile strain in the asphalt layer and a 

fatigue relationship. 
  

14.3 Effect of limited pavement width 
When a multi-layer linear elastic program is used for the calculation of stresses and strains, one 
implicitly assumes that the pavement has an infinite length and width, or in other words, one 

neglects the fact that the edge of the pavement can be very close to the wheel load. On narrow 
roads however, the wheel load can be very close to the edge of the pavement. An example of 
edge loading as well as the consequences is shown in figure 256. 

 
 

Figure 256: Edge loading and its consequences. 
 

In [73] also a procedure has been presented for the assessment of the edge effects. This 
procedure is presented hereafter. 
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First of all the distance to the edge of the pavement is determined using: 
  

bedge = (btraffic lane – 2.50) / 2 – blateral wander 
 
Where: bedge   = distance to the pavement edge [m], 

 blateral wander = as determined by means of figure 254. 
 
Next we determine the radius of relative stiffness Lk using the relationship when discussing lateral 

wander. Lk is then used as input for figures 257 and 258. 
 

Figure 257 shows the multiplication factor that has to be applied on the tensile strain at the 
bottom of the asphalt layer. Figure 258 shows the correction factor that has to be applied on the 
vertical stress at the top of the base layer. One should be cautious in using figures 257 and 258 

because of the fact that lack of lateral support (figure 256 shows that in that case there is hardly 
any lateral support!) can have a very negative influence on the stiffness of the base and subbase. 
This effect is not taken into account in developing figures 257 and 258. 

 

 
Figure 257: Edge effect on the tensile strain at the bottom of the asphalt layer. 

Note: stijfheidsstraal = radius of relative stiffness; afstand tot wegrand = distance to the edge of the pavement; vertical 

axis gives factor by which calculated tensile strain should be multiplied. 
 

 
 

Figure 258: Edge effect on the vertical stress at the top of the base.  
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14.4 Design considerations when using cemented bases and 
subbases 
In the previous sections ample attention has been paid to the fatigue characteristics of cement 
treated materials. Fatigue cracking is however a type of cracking that appears after many load 

repetitions. In reality transverse shrinkage cracks due to hardening and thermal movements 
might already develop shortly after the pavement has been constructed. Depending on the load 
transfer across these cracks, significant traffic induced tensile strains might develop parallel to 

these cracks resulting in longitudinal cracking. This phenomenon is schematically shown in figure 
259 and figure 4 shows a real example. 
 

In [85] some practical design guidelines have been develop to analyze the occurrence of these 
longitudinal cracks. It was shown that in winter time when the transverse cracks are usually open 

and the load transfer across the crack is limited, the tensile strain along the transverse crack is 
about 1.46 times the tensile strain that is calculated for an undamaged area. In summer time 
when the crack is closed, this multiplication factor amounts 1.2. 

Furthermore it was shown that the probability of traffic induced cracking in sand cement bases 
like the ones used in the Netherlands is very low when the strain level is below 60 m/m in the 

area between two transverse cracks.  

 

     

Figure 259: Principle of the development of a longitudinal crack in a cement treated layer near a 
transverse crack. 

 

14.5 Design considerations when using bases and subbases 
of blast furnace slags (the text of this section is taken from [88]). 

Slag mixtures are widely used in base and subbase layers for roads. These products are 
byproducts from the steel energy. In the Netherlands e.g. more than 1 million tons of granulated 
blast furnace slag sand (GBFS) was produced in 2011 which is mainly used for the production of 

cement. In the same year 0.6 million tons of steel slag was produced as well as 25000 tons of air 
cooled blast furnace slag (AC-BFS). Almost 100% of these slags were re-used and much of it was 

used in pavement construction. Figure 260 gives a schematic overview of the production of these 
slags. 
 

transverse crack 

longitudinal crack 

tensile strain at bottom of CTB 
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Figure 260: Schematic representation of the production of slags. 
 

AC-BFS is formed when the liquid slag is poured into beds and slowly cooled under ambient 
conditions and crushed when cooled down. Crushed AC-BFS is angular, roughly cubical and has 
textures ranging from rough, vesicular (porous) surfaces to glassy (smooth) surfaces. There can 

be a considerable variation in properties depending on the iron production process. Some 
information on the composition of AC-BFS and its properties is given in tables 55 and 56. 
 

CaO SiO2 Al2O3 MgO FeO or Fe2O3 MnO S 

34-45 27-38 7-12 7-15 0.2-1.6 0.15-0.76 1-1.9 

 
Table 55: Composition of AC-BFS by mass. 

 

Specific 

gravity 
[kg/m3] 

Los Angeles 

abrasion [%] 

Sodium 

sulphate 
soudness loss 

ASTM C88 

Angle of 

internal 
friction [o] 

CBR 

maximum 
grain size 19 

mm [%] 

Water 

absorption 
[%] 

2000-2500 35-45 12 40-45 Up to 250 6-8 

 

Table 56: Some properties of AC-BFS. 
 

The water absorption may seem high but little water is held in pores and most is held in shallow 

pits on the surface. 
 
GBFS is formed when hot, molten blast furnace slag is rapidly chilled (quenched) by immersion 

in water. It is a granular product with little crystal formation and is cementitious in nature. Rapid 
quenching converts the slag into fine aggregate (usually smaller than 4.75 mm). When crushed 
or milled these fine aggregates have cementitious properties and can be used as replacement for 

cement. Generally the oxide analyses of AC-BFS and GBFS are similar. 
 
The cementitious action of granulated blast furnace slag is to a large extent dependent on the 

glass content. Slowly (air) cooled slags are predominately crystalline and therefore not possess 
significant cementitious properties. 
 

As table 57 shows, GBFS sand is basically a mixture made up of the same oxides as Portland 
cement but not in the same composition. This implies that the hydration reactions in GBFS sand 

will be slower than in Portland cement. 
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 SiO2 Al2O3 Fe2O3 CaO MgO SO3 Na2O K2O Cl 

Portland 
cement 

21.7 4.9 3.2 62.4 3.58 1.84 0.35 0.95 0.017 

GBFS 
sand 

33.03 10.87 0.25 38.45 10.26 <0.1 0.65 0.78 0.007 

 
Table 57: Composition by mass of GBFS sand. 

 
Steel slag from the basic oxygen furnace and electric arc furnace contains free unhydrated lime 

(CaO) which can cause volume instability. 
 
It is this volume instability which can cause significant problems in terms of unevenness when 

these slags are used in pavements; examples of this are shown in figures 261. 
To improve the strength of base courses made ofBF slag, GBFS sand is often added which gives 
cementitious properties to the material. This not only means that the strength and stiffness are 

increased but also that BF slag base courses will shrink and expand due to a drop and rise of 
temperature. Furthermore volume changes might occur due to aging, moisture effects and freeze 
thaw cycles. Also an increase in volume might occur due to the formation of hydration products 

during the hydration process. Since hydration of these materials is a relatively slow process that 
can go on for a large number of years, these volume changes will develop slowly. Cracking does 
influence the process since moisture will enter the structure through the cracks and will affect the 

hydration process. 
 

 
 

Figure 261: Heave and depression together with transverse cracking as observed on a Dutch 
highway in which a blast furnace base course was applied. 
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When the material expands, buckling might occur which results in heaves shown in figure 261. 
When the compressive stresses become too high, crushing might occur resulting in a loss of the 

stiffness of the material. Such a loss has been observed at the locations where the heaves, 
shown in figure 261, occurred. 
 

Figure 262 shows the falling weight deflectometer deflections measured on a Dutch highway with 
a base course made of blast furnace slags. Heaves were present at the locations where the high 
peak deflections were measured. 

 

 
Figure 262: Deflections measured on a highway with a BFS base course on which heaves 

occurred. 

 
It will be no surprise that the modulus of the BFS base course was very low at the locations of 
the heaves where the high deflections were measured. This is shown in figure 263. 

 

 
Figure 263: Back calculated modulus values for the BFS base and subgrade. 
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Akbarnejad [88] did extensive research on the characterization of base courses made of BFS, 
GBFS, steel slag and mixtures thereof and concluded that the sensitivity to volume change of 

these materials could be determined with: 
 
V = (0.15 + 0.05 * ln (S + 0.1)) * A 

 
Where: 
S = GBFS content (% by mass), 

A = (CaO + MgO + Al2O3) / SiO2 (% by mass). 
 
If V is larger than 1.5% then volume stability problems might occur. 

 
Akbarnejad also developed a protocol to determine whether or not volume stability or other 
problems will occur with these types of materials. This protocol is shown in figure 264. 

 

 
 

Figure 264: Protocol developed by Akbarnejad [88]. 

 
In the protocol reference is made to table 8.1 and 8.2. These tables are shown here as tables 58 
and 59. 
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Table 58: Table 8.1 as mentioned in the protocol. 
Note: section 7.7.3 refers to section 7.7.3 in reference [88]. 

 

 
Table 59: Table 8.2 as mentioned in the protocol. 

Note: section 6.3.5 and section 5.3.3 refer to section 6.3.5 and section 5.3.3 in reference [88]. 

 
From the discussion given above it will have become clear that a proper investigation into the 
strength and volume stability characteristics of these slag type of materials is important to avoid 

unexpected failures to occur and premature maintenance to be needed. 
 
 

15 Design aspects not related to thickness design 
 

15.1 Introduction 
Before we are going to discuss the thickness design process, we will first pay attention to some 
defect and damage types which are not related to thickness design. Such defects are: 

1. shrinkage cracking, 
2. reflective cracking, 

3. top down cracking, 
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4. raveling and bleeding, 
5. skid resistance, 

6. noise production, 
7. roughness/unevenness.  

 

Occurrence of these defect types doesn’t immediately affect the structural integrity of the 
pavement but do affect the amount of maintenance that should be applied and, when not 
maintained properly also will affect the structural life of the pavement. Moisture e.g. might enter 

the pavement structure through the shrinkage and reflected cracks causing weakening of the 
subgrade and reducing in this way the subgrade’s stiffness and strength as well as the lifetime of 

the entire pavement. Even if the pavement is designed and built such that it can carry millions of 
load repetitions from a structural point of view, the above mentioned defect types might still 
occur and can therefore have a significant influence on the maintenance that is required. 

 

15.2 Shrinkage cracking 
An analysis of the development of shrinkage cracks in cement treated base courses made of 

crushed concrete and masonry is made by Xuan [86]. In his work Xuan made use of a very 
powerful EXCEL based analysis tool which was developed by Houben [89]. Some of the results 
obtained by Xuan when using Houben’s program will be presented here. 

 
When we assume a certain temperature drop to occur in an infinitely long cement treated base 

course, then the tensile stress as a result of that temperature drop can be calculated using: 
 
T = E *  * T 

 

Where: 
T = induced tensile stress 

 = coefficient of thermal expansion 

E = elastic  modulus of the cement treated base 
T = temperature drop 

 

Cracking will occur when the tensile stress becomes greater higher than the tensile strength. 
 
At that stage the situation shown in figure 265 occurs and temperature induced stresses will 

develop again at a given T because friction between the layer and the subgrade hinders free 

contraction of the slab. 
 

 
Figure 265: Shrinkage stresses in a cement treated base. 

 
Because of equilibrium, the summation of the friction forces formed from the center of the slab 
to the free end is equal to the restrained tension force in the slab. So: 
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(t1) * b * h = -Lt1/2
0 dx =  *  * g * b * h * Lt1 / 2 

 

Where: 
b = width of CTB [m] 
h = thickness of CTB [m] 

 = coefficient of sliding friction 

 = unit weight of the material [kg/m3] 

g = 9.8 m/s2 

Lt1 = crack spacing at time t1 
 
When the induced stress equals the tensile strength, the crack spacing can be calculated using: 

 
Lt1 = 2 * (t1) / ( *  * g) 

 

The initial crack (W1) width can be calculated using: 
 
W1 = (t1)

2 / ( * * g * E(t1)) 

 

After cracking in the center of the slab, a reduction of the maximum tensile stress occurs which is 
equal to: 

 
(t1) = 0.5 *(t1) + 0.5 * (t1) * W(t1) / Lt1 

 

Accordingly the tensile stress in the slab becomes 
 


’(t) = (t) - (t1) 

 

Where ’(t) = tensile stress after cracking at time t. 

 
The change in crack width W becomes: 

 
W(t) = ’(t)2 / ( *  * g * E(t)) - ’(t1)

2 / ( *  * g * E(t1)) 

 

and the crack width before the following crack develops equals 
 
W(t) = W(t1) + W(t) 

 
The following remark should be made with respect to the induced tensile stress due to shrinkage. 
Shrinkage deformation only slowly changes because the daily and seasonal temperature are 

changing slowly. This implies that relaxation of the induced tensile stress does occur. Xuan 
adopted a stress relaxation model of the form: 
 

R(t) = a * t-b 
 

Where R(t) is the amount of stress relaxation in [%] at time t. Figure 266 shows the shape of the 
model for different values of a and b which were assumed by Xuan. 
 

Houben’s model takes into account the effects of curing, implying that the strength slowly 
increases in time, and the effects of dry shrinkage are reduced. The total shrinkage is the sum of 
thermal shrinkage and the dry shrinkage. 

 
Seasonal and daily temperature changes are assumed to be sinusoidal. For the Netherlands, the 
amplitude of the seasonal temperature change in the cement treated base course was calculated 
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to be 5 oC around an average temperature of 10 oC. On top of that a daily temperature variation 
with an amplitude of 3 oC was calculated. 

 
Figure 262: Stress relaxation models as adopted by Xuan. 

 

Figure 263 shows the results of crack development analysis for a cement treated mixed granulate 
base course constructed on the first of May at 10 am, containing 65% recycled masonry and 
35% recycled concrete. The mixture contained 4% cement, was prepared at a moisture content 

of 11% and was compacted to 101% degree of compaction. 
As can be seen from the figure, the final average crack spacing was calculated to be 5m and 
crack widths as wide as 6mm and as narrow as 1mm were obtained. As we will see hereafter; 

especially these wide cracks can give rise to problems. 
 
When no special precautions are taken, shrinkage cracking will occur at random and we will see 

cracks which are widely spaced and cracks which are rather closely spaced to each other. As we 
have seen from the equations given above, wide cracks are always associated with large crack 

spacings.  
As mentioned before, moisture can easily enter these wide cracks and will soften the subgrade 
resulting in a loss of bearing capacity. Furthermore the load transfer across a wide crack will be 

poor and be the reason for additional cracking. Also this has been discussed before. The question 
threfore is how to avoid large crack spacings and wide cracks, how to regulate/control the 
shrinkage cracking? A simple but very effective solution is to cut so called shrinkage joints in the 

cemented base course just like this is done in concrete pavements. By means of sawing, the 
effective height of the base can be reduced to 60 – 66% of the original thickness. At these 
weakened joints, the shrinkage stresses will be much higher and shrinkage cracking will therefore 

happen at these joints. When the joint spacing is limited to about 7m, the joint/crack opening will 
be limited and because of this the load transfer across the joint/crack will still be good and the 
tendency of the cracks in the stabilized layer to reflect through the asphalt layer(s) on top will be 

significantly reduced. 
 

15.3 Reflective cracking 
 
15.3.1 Introduction 

Shrinkage cracks which develop in a cementing base course (this could be a cement treated base 
or a base made of self-cementing materials) and these cracks will reflect sooner or later through 
the asphalt layers placed on top of the base. The speed by which this reflection of cracks will 

occur depends on the “activity” of the cracks which implies the magnitude of the horizontal 
movement at the crack due to shrinkage and the amount of vertical movement due to passing 
traffic loads. Both effects are schematically represented in figures 268, 269 and 270. 
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Figure 267: Crack development in a cement treated base course as calculated by Xuan [88] using 

Houben’s computer program [89]. 
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Figure 268: Crack reflection because of (thermal) shrinkage of the base course. 

 
 

Figure 269: Crack reflection due to temperature induced curling of the cement treated base. 
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Figure 270: Crack reflection due to traffic loads. 
 

As mentioned before, the effect of the mechanisms shown in figures 268 and 269 can be greatly 
reduced if the cement treated base is pre-cracked by sawing shrinkage joints in the base every 5 
– 7 m just like in concrete pavements. What remains to be analyzed is the effect of traffic loads.  

 
15.3.2 Measuring crack activity 
The first thing that needs to be known is the activity of the crack. This activity can be measured 

by means of a falling weight deflectometer (figure 271) and placing the geophones as shown in 
figure 272.  
 

 
Figure 271: Falling weight deflectometer. 
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Figure 272: Placement of the geophones for load transfer measurements. 

 

Figure 273 shows the deflections measured on either side of a transversal crack in a pavement 
consisting of 205 mm of asphalt on top of a 400 mm cement treated base [90]. Notice the very 
large differences in deflection between the measurements done at 17.5 oC (base temperature) 

and when taken at 3.5 oC.  
 

 
Figure 273: Deflections measured at a reflected crack at different temperatures. 

 

Figure 274 [90] shows for the same transverse crack as discussed in figure 273, the ratio du / dL 
in relation to the temperature in the base and the crack width. A high du / dL relation indicates a 
good load transfer across the joint. At 4 oC the crack width appears to be approximately 1.2 mm 

while the du /dL ratio is only approximately 0.28. This low ratio is due to the fact that the crack 
face in the cement treated sand base is rather smooth because of the small particle size of the 
sand. This implies that there will not be aggregate interlock because of the crack opening 
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combined with the rather smooth crack face. Figure 273 and 274 clearly show that a lot of 
vertical differential movement occurs at the crack at temperatures below 4 oC. Because of this 

the crack can be considered to be “active” at those temperatures. On the other hand, the du /dL 
ratio at higher temperatures is much higher implying that much less differential movement is 
occurring. Under these conditions the crack can be rated as “not active”. 

 
 

 
Figure 274: Load transfer and crack width determined for the pavement shown in figure 268. 

 
Other interesting deflection test results are shown in figure 275 [90]. The figure shows that some 

very high d600 / d900 ratios are measured at a number of transverse cracks. These deflections are 
much higher than those which were measured between transverse cracks. The cracks with the 
high d600 / d900 ratios can therefore be considered as active cracks. It should be noted that the 

deflections shown in figure 275 were taken on the same pavement on which the results shown in 
figure 273 and 274 were obtained. 
 

It will be no surprise at at locations where the cracks show a high “activity” fairly rapid 
propagation of the crack in the cement treated base through the asphalt top layer will occur. 
 

15.3.3 Analysis tools for predicting propagation of reflection cracks through overlays 
Crack growth analyses cannot be made by means of multi-layer linear elastic programs like 
BISAR; one has to use a finite element program in order to be able to do a proper job on this. An 

excellent example of such a program is the TxACOL program developed at the Texas 
Transportation Institute (TTI) at the Texas A&M University [91].The program takes into account 
cracking due to shrinkage as well as cracking due to wheel loads. It calculates the development 

of reflective cracking using fracture mechanics principles in relation to the number of load 
repetitions as well as the permanent deformation development. The stress intensity factor K due 
to bending and shearing as a result of traffic loads as well as the stress intensity factor K due to 

temperature induced shrinkage cracking are calculated and the growth of the crack is determined 
using Paris’ law: 

 
dc/dN = A * Kn 
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Figure 275: Deflection ratio d600 / d900 as determined on a pavement with a 400 mm thick cement 
treated sand base and 205 mm of asphalt concrete. 

 

Input parameters are traffic and climate data, layer thickness and modulus values, fracture 
properties A and n, coefficients of thermal expansion, resistance to permanent deformation data. 
Figure 276 shows an examples of the output.  

 

 
 

Figure 276: Example of the TxACOL output. 
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TxACOL itself is not a finite element program. The values for the crack intensity K due to 

shrinkage and traffic loads are obtained from regression equations which are based on a large 
number of finite element analyses. The regression equations for Kbending and Kshearing are based on 
more than 1,600,000 runs on 4 layer pavement structures (figure 277). The bending mode refers 

to the situation when the wheel load is precisely on top of the crack. The shearing mode refers to 
the condition when the wheel load is adjacent to the crack. 
 

 
Figure 277: Pavement structures analyzed for the development of the TxACOL regression 

equations. 
 

The K value due to bending and shearing is calculated following: 

 
Kbending/shearing = Ka [Kb * (c/H1)3 + Kc * (c/H1)

3 + Kd * (c/H1)
3 + Ke] 

 

The crack growth C as a function of the increasing number of load repetitions (Ni) is calculated 

using: 
 

C = k1 * A *(Kbending)
n * Ni + k2 * A * (Kshearing)

n * Ni + k3 * A * (Kthermal)
n 

 
An overview of the equations to predict Ka to Ke in case of an asphalt overlay on top of a 

concrete pavement (PCC) [91]. The term LTE stands for load transfer efficiency. Similar 
equations have been developed to calculate the stress intensity factor due to thermal shrinkage. 
These equations will not be reproduced here, the interested reader is referred to the literature 

[91].  
 
Although TxACOL allows the crack growth to be analyzed for many pavement problems, it is clear 

that application of a general finite element tool like e.g. ABAQUS is needed for analyzing 
problems not covered by TxACOL and to analyze the effect of e.g. stress absorbing interlayers 

and reinforcements which are often used to retard or even stop crack reflection. Use of such 
advanced finite element packages however is still considered not to be feasible for solving every 
days engineering problems.  

 
Before TxACOL came available simple approximation methods were developed and some of these 
methods will be presented hereafter. They are interesting because they allow a “quick and dirty” 

analysis to be made of e.g. the effect of using a polymer modified asphalt mixture relative to 
using a standard asphalt mixture.  
 

A general applicable simple design system has been developed by Lytton [92]; this method is 
based on the propagation of cracks in fully supported beams. In the text hereafter the equations 
given in [92] will be reproduced. This is followed by an explanation of how this method can be 

used for analyzing crack reflection in pavements. 
 
Let us consider the two loading conditions as shown in figure 278.  
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Table 60: Example of K factors algorithms as used in TxACOL. 
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  Bending             Shearing 
 

Figure 278: Crack propagation in a fully supported beam as a result of bending and shearing. 
 
The stress intensity factors at the tip of the crack due to bending and shearing can be calculated 

in the following way. 
 
Kbending = kb . q . e-/2 . sin ( . l / 2) / 2 d1.5 

 
Kshearing

 = ks . q {1 + e-l . [sin ( . l) – cos ( . l)]} / 4   d 

 

 = (Es / E)0.33 / 0.55 d 
 
Where: kb = dimensionless stress intensity factor due to bending,  

ks = dimensionless stress intensity factor due to shearing, 
q = contact pressure [MPa], 

 l = width of loading strip [mm], 
 c = length of the crack [mm], 
 d = thickness of the beam [mm], 

 E = modulus of the beam [MPa], 
 Es = modulus of the supporting layer [MPa]. 
 

Figure 279 shows how the dimensionless stress intensity factors change in relation to the ratio c / 
d. As one will observe, the stress intensity factor due to shearing increases with increasing crack 
length. This is logical because with increasing crack length, the area that has to transfer the load 

decreases so the stresses in that area increase. 
Figure 279 however also shows that the stress intensity factor due to bending increases first with 
increasing crack length but then decreases to a value of zero. This is because of the fact that at a 

given moment the crack reaches the neutral axis of the pavement and penetrates the zone where 
horizontal compressive stresses are acting. Then the cracks stops to grow since the driving 
tension force has disappeared.  

 

c 
h 

q 

E 

Es 

l 
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Figure 279: Relationship between c / h and the dimensionless stress intensity factors. 
 

The question now of course is how this beam approach can be used for the design of overlays on 
cracked pavements. The first step how to schematize a cracked pavement is shown in figure 280. 
 

 
 
 

 
 
 

 
 

 

 
 

 

c = hbound base    
h = hbound base + hexisting asphalt 

Es = Esubgrade      
E = combined modulus of asphalt layer and bound base     
 

Figure 280: Schematization of structures with a cracked base. 
 

The question now is how to arrive to the combined modulus values of the asphalt layer and the 

cement treated base. This is done using Nijboer’s equation. 

asphalt layer                                                combined asphalt + base layer 

bound base          

  unbound 

subgrade                       subgrade 
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E = Eb . {[b4 + 4 b3 n + 6 b2 n + 4 b n + n2] / [(b + n) . (b + 1)3]} 
 

Where: E = combined modulus of asphalt layer and cement treated base, 
 Eb = modulus of the cement treated base,  
 b = thickness of cement treated base / thickness asphalt layer, 

 n = modulus of asphalt layer / modulus of cement treated base. 
 
The procedure is illustrated by means of an example. 

 
Example: 

Assume a given pavement that consists of a 100 mm thick asphalt layer on a 300 mm thick base 
which in turn is placed on a subgrade. The modulus of the asphalt layer is 6000 MPa. The base 
has a stiffness modulus of 3000 MPa and the subgrade a modulus of 100 MPa. 

This means that: b = 3 and n = 2   
 
First of all the E value of the combined asphalt – base layer was calculated using the above 

mentioned equation; this resulted in E = 4059 MPa.  
Assume the contact pressure is 0.7 MPa and the width of the loaded strip equals 300 mm. 
The value of  was calculated to be  = 1.339 * 10-3. 

Given the fact that the c / h ratio equals 300 / 400 = 0.75, ks  1.1 if we assume medium load 

transfer.  
 

Given all this information we calculate Ks = 4.642 N / mm1.5. 
Please note that the product l in sin (l) and cos (l) is in radians! 

 
Since Ks is known, the crack propagation rate can be calculated using: 

 
dc / dN = A Ks 

n 

 
Where: dc/dN = increase in crack length per load cycle, 
 A, n = material constants, 

 n = slope of the fatigue relation, 
 log A = -2.890 – 0.308 n – 0.739 n0.273 log Smix , 
 Smix = stiffness modulus of the asphalt mixture [MPa]. 

 
The number of load repetitions that is needed for the crack to reflect through the asphalt layer is 
calculated.  

 
N = c

d hasphalt / Ks(c) dc 

 

Where: Ks(c) = stress intensity factor due to shear as a function of the crack length c.  
 
The question now is to what extent beam theory is representative for real pavement problems. 

This is of course not the case and some shift factors resulting in similar stress conditions in the 
beam as in the real pavement are therefore necessary. The easiest way to do this is to compare 
the stresses at the bottom of the beam with the stresses that would occur at the bottom of the 

top layer (combined layer asphalt + bound base with modulus E) in the two layer system when 
calculated with a program like BISAR. Most probably the stresses at the bottom of the beam are 
higher than the stresses at the bottom of the layer. The correction factor that is needed to fit the 

stresses at the bottom of the beam to the stresses at the bottom of the layer can also be used as 
correction factor for the stress intensity factors. 
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Another simple analysis tool is the one developed by de Bondt [90]. He determined the stress 
intensity factors due to shearing and bending for a crack entering the overlay placed on a flexible 

pavement structure. Details of the structures and loading conditions analyzed by him are shown 
in figure 281.  
 

 
Figure 281: Pavement structures analyzed by de Bondt [90]. 

 
When analyzing crack growth due to traffic loads the stress intensity factor due to bending as 

well as the shearing have to be taken into account. Jacobs e.a. [93] developed a method to 
combine these two stress intensity factors into an equivalent mode one stress intensity factor 

K1,eq. The magnitude of K1,eq for the structures and loading conditions shown in figure 281 are 
given in table 61. 

 
Table 61: Equation to calculate K1eq for the structures shown in figure 276 and a 50 mm thick 

overlay. 
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Furthermore Jacobs e.a. developed an equation to calculate the so called Keff that takes into 
account the fact that the stress intensity factor is changing when the crack is growing. How Keff is 

calculated is shown in table 62. 
 

 
Table 62: Equation to calculate Keff for the structures shown in figure 276 and a 50 mm thick 

overlay. 
 

It should be noted that these equations were developed using a 2D finite element program and 

that no load transfer across the crack was assumed to occur. 
 

15.3.4 Construction techniques to overcome reflection crack problems. 
In principle there are four ways to limit/reduce reflective cracking being: 

1. Application of a stress retarding system such as a SAMI together with a thin overlay. 

2. Application of a reinforced overlay. 
3. Application of an overlay with improved crack resistance characteristics. 
4. Crack and seat or rubblizing the existing pavement. 

5. In situ recycling. 
 
Crack and seat techniques cq rubblization the existing pavement and in situ recycling are 

powerful techniques to get rid of all the movements near joints and cracks. They are however 
not applied on new pavements and will therefore not be discussed here. The other techniques 
will be discussed hereafter into some detail. Readers who interested in rubblizing techniques are 

referred to Transportation Research Circular Nr. E-C087, January 2006 which is downloadable 
from www.trb.org/publications/circulars/ec087.pdf 
 

Although methods 1 and 2 are mainly used when applying an overlay on a cracked pavement, 
they can of course also be applied in new pavements between a cementitious base layer and the 
asphalt top layer. 

 
Application of a stress retarding system such as a SAMI together with a thin overlay 
It has already been mentioned that reflection of shrinkage cracking in cement treated base 
courses can be controlled by sawing shrinkage joints in the base just like this is done in plain 
concrete pavements. But even in that case, horizontal movements will occur at the crack due to 

thermal shrinkage. When the structural capacity of the pavement is still sufficient and the vertical 
(shear) movements at the crack due to passing wheel loads is limited, the use of stress absorbing 
membrane interlayers is very effective to retard or even prevent reflection of the joints or cracks 

http://www.trb.org/publications/circulars/ec087.pdf
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through the asphalt overlay. A stress absorbing interlayer is a layer that allows the overlay to 
behave independently of the pavement on which it is placed. The interlayer should therefore 

have a low stiffness but also a high flexibility and should adhere very well to the top of the 
existing pavement as well as to the bottom of the overlay. 
A SAMI (stress absorbing membrane interlayer) can be a polymer modified bitumen sprayed at a 

rate of 2 - 3 kg/m2 on top of which a layer of chips is prayed, or a geotextile which is soaked in a 
polymer modified binder (pmb) or a bitumen-rubber. In such a case the geotextile act as a 
container for the sprayed binder. In such applications first a layer of pmb is sprayed after which 

the geotextile is placed on top of which another layer of pmb is sprayed.  An example of a (non-
woven) geotextile that can be used for such purposes is shown in figure 282.  

 
Figure 282: Example of a (non-woven) geotextile that can be used as a SAMI when soaked in 

polymer modified bitumen. 

 
It should be mentioned that it is unrealistic to assume that such saturated non-woven geotextiles 
will act as reinforcement. These materials and SAMI’s like thick layers of modified bitumen, are all 

of the “crack arresting family”. They don’t have any reinforcing effect. 
 
Figure 283 summarizes some important aspects of SAMI’s.  

 

 
Figure 283: Summary of the most important aspects of SAMI’s. 

 
Figure 283 mentions that the crack “dies” in the SAMI because of its “chewing gum” type of 

behavior; figure 284 shows that this is indeed the case. 
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Figure 284: The left hand three pictures show that the crack is arrested at interface between two 
layers when a SAMI is applied at the interface. The three pictures at the right hand side show 

that the crack has easily propagated through both layers in case a tack coat was applied. 

 
In figure 283 it is also mentioned that the overlay that is placed on top of a SAMI should be thin. 
This is because otherwise the overlay will attract oo much stresses and will therefore fail early. In 

other to proof that this is really the case, Molenaar [39] analyzed a number of structures on 
which an overlay was placed assuming various thickness and stiffness values of the overlay and 
assuming a smooth interface between the overlay and the existing pavement. Such a smooth 

interface is in fact provided by a SAMI. The analyzed structures are shown in figure 285. 
 

 
 

Figure 285: Structures as analyzed by Molenaar [39]. 
 

Figure 286 shows how the surface curvature index (SCI) of the deflection bowl due to a 50 kN 
load, decreased after placement of the overlay. The SCI is defined here as the difference 
between the maximum deflection (between the two wheel loads) and the deflection at a distance 

of 500 mm. As one will notice, the overlays will hardly add bending stiffness to the entire 
structure if a SAMI is applied between the overlay and the existing structure. 
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Figure 286: Increase in bending stiffness (decrease of SCI) after placement of an overlay which is 
“smoothly” connected to the existing pavement. 

 
Figure 287 shows the tensile strain at the bottom of the overlay in relation to its thickness (ho) 
and stiffness (Eo) and the SCI of the entire structure after placement of the overlay (SCIa.o.) in 

case a SAMI is placed between the overlay and the existing structure. The figure clearly shows 
that placement of a thin overlay is the most effective solution because the lowest tensile strain 
will develop in that case. 

 

 
 

Figure 287: Tensile strain at the bottom of the overlay in case of using a SAMI between overlay 
and existing structure. 

 

When discussing figure 286, it was already mentioned that a thin overlay which is “smoothly” 
bonded to the old pavement doesn’t contribute too much to the bending stiffness of the entire 
pavement. Such an overlay will therefore also be not very helpful in reducing the tensile strains 

at the bottom of the asphalt layer of the existing pavement. This is clearly shown in figure 288; 
this figure shows that only in case of a thick overlay a reduction in the tensile strain in the 
existing asphalt layer will occur. 
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Figure 288: Relation between the tensile strain at the bottom of the existing asphalt layer after 

overlaying (a.o.), the thickness (ho) and stiffness (Eo) of the overlay and the tensile strain in the 

existing asphalt layer before overlaying (b.o.) in case a SAMI is applied. 

 

Once again, all these results show that a crack arresting (SAMI) system together with a thin 
overlay should preferably be used when the pavement still has sufficient bearing capacity and 
does show only a limited amount of vertical/shear displacements at the cracks due to wheel 

loads. Such a pavement could look like the one shown in figure 289 which shows no signs of 
permanent deformation or lack of bearing capacity (the visible cracking is most probably block 
cracking that reflected from a cement treated base) or could be a pavement which only suffers 

from top-down cracking. 
 

 
 

Figure 289: Example of a pavement which could well be treated with a SAMI system. 

 
Application of a reinforced asphalt concrete overlay 
When a cracked pavement lacks structural capacity, the overlay to be placed needs to reduce the 

stresses and strains in the existing pavement. It is very important in such a case that the overlay 
is tightly bonded to the existing pavement. The disadvantage of this however is that the crack in 
the existing pavement that wants to grow through the overlay will not be “arrested” at the 

interface between the existing pavement and the overlay (which would be the case when a 
SAMI) would be applied, see above) but will propagate rather easily through the overlay when no 
special measures are taken. Reinforcement of the overlay is then an option to reduce the crack 

propagation rate. The requirements that should be set to a reinforcement in asphalt are in fact 
the same as those which are set for reinforcement of cement concrete. Some of the most 
important requirements are listed below. 

1. The reinforcement should have a high E*A value (modulus * cross sectional area). 
2. An excellent bond between the reinforcement and the mixture in which it is placed is 

absolutely required. 
3. The mesh size of the reinforcement should be such that the asphalt mixture can go easily 

through the meshes; otherwise the reinforcement will act as a separating layer. This 

http://www.google.com/url?sa=i&rct=j&q=&esrc=s&source=images&cd=&cad=rja&uact=8&ved=0ahUKEwiT_Lq4j_LRAhUDOhoKHdUBC6YQjRwIBw&url=http://www.asphaltinstitute.org/asphalt-pavement-distress-summary/&psig=AFQjCNF5LE0oxU3D5GY98NTjRdic2HxJAw&ust=1486149226772457
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implies that the maximum grainsize of the aggregates in the mixture (Dmax) should be 
Dmax = ¾ of mesh opening and minimum mesh opening is 50 mm. 

4. The reinforcement should preferably be able to provide some confinement because in 
that case it will also be helpful in reducing/limiting permanent deformation. The capacity 
of reinforcements reducing permanent deformation becomes very obvious when 

reinforcements are used in unbound layers (see figure 290). 
 

 
 

Figure 290: Use of reinforcement in unbound layers to provide confinement and reduce the 

amount of permanent deformation. 
 

Figure 290 shows a steel reinforcement on the left side and a cell structure on the right hand 

side. In principle the cell structure provides a much better confinement provided the unbound 
material can easily enter the cells and can be compacted properly after placement. Research by 
Kwon at the University of Illinois at Urbana Champaign showed that application of a 

reinforcement is equivalent to adding an additional confining stress of around 60 kPa. 
 
Reinforcements for asphalt layers are available in grids and nets (figure 291). 

 

 
 

Figure 291: Reinforcing grid (left) and net (right). 
 

A grid is characterized by its stiff joints which connect the longitudinal bars with the transverse 
ones. Transfer of the load is realized through anchoring through the mesh and adhesion. 
Furthermore the transverse bars are activated.  

Nets on the other hand have soft joints and the load is transferred through adhesion between the 
longitudinal strands and the asphalt mixture. 
Which is the best solution cannot be said a priori, testing has to provide the answer. 

 
Also composite systems, figure 292 gives an example, are available which try to combine the 

function of a SAMI with that of a reinforcement. 
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Figure 292: Composite system combining the function of a SAMI with that of a reinforcement. 

 

The author is however a bit puzzled on the effectivity of the product since he has a feeling that 
the reinforcement is not really reinforcing the asphalt but is reinforcing the SAMI because it looks 
to him that the reinforcement is more or less buried in the SAMI. To him it seems that the main 

purpose of the non-woven shown in figure 292 is mainly to simplify the placement of the 
reinforcing net. Figure 293 e.g. shows what might go wrong when placing a reinforcing net. The 
wrinkles in the net shown in that figure should of course not occur. When a composite system is 

used such placement errors are far less likely to occur. 
 

 
 

Figure 293: Faulty placement of a reinforcing net. 

 
The question which reinforcing systems is the best, is difficult to answer. The reinforcing system 
starts to act when the crack is entering the layer in which the reinforcement is placed and one of 

its main purposes is to keep the crack closed allowing effective load transfer to develop. The 
other purpose is of course acting as a tension bar just like reinforcement is acting in a reinforced 
concrete beam; this is shown in a very simplified way in figure 294.  

 
 

 
 
 

 
 
 

 
Figure 294: Simplified stress conditions in a reinforced concrete beam when subjected to a 

bending moment. 

 
When a plain concrete beam is subjected to bending, the stress conditions in the concrete will be 
like shown in the left sketch of figure 294. When the load is increasing and the tensile stress at 
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the bottom of the beam is equal to the tensile strength of the concrete, cracking will start and 
will propagate rather quickly. There should be equilibrium between the bending moment applied 

on the beam (the magnitude of the bending moment depends on the magnitude of the load and 
the supporting conditions) and the moment that is offered by the resultant compressive stress in 
the concrete and the resultant tensile stress in the concrete. Since the tensile strength of 

concrete is much lower than its compressive strength, the bending moment that can be taken by 
the beam is actually determined by the tensile strength of the concrete. When a reinforcement is 
applied, the reinforcement will take the tensile stresses as soon as the crack has passed the 

reinforcement. This is shown in the middle and right hand sketch of figure 294. Now equilibrium 
is provided by the resultant compressive stress in the concrete and the tension in the 

reinforcement. In this case one can say that the maximum bending moment that can be 
sustained by the beam is controlled by the compressive strength of the concrete. As mentioned 
above, the compressive strength of concrete is much higher than its tensile strength so the 

bending moment at which failure occurs is much higher for a reinforced beam than for an 
unreinforced beam. Of course the description given above is a very rude one of the real 
conditions but it is good enough to explain why a reinforcement adds structural capacity to a 

bending beam. In principle the same applies for reinforced asphalt layers. 
From this simple description we can also easily understand why the bond between the 
reinforcement and the surrounding material is so important. If the bond strength is low, the 

reinforcement will become loose in the surrounding material very easily and will lose its function. 
For the same reason, also the stiffness of the bond between the reinforcement and the 
surrounding material should be high. 

 
De Bondt [90] has done excellent work in characterizing the bond strength and stiffness of 
different reinforcing materials as well on the load transfer that takes place across reinforced 

cracks. The interested reader is referred to his thesis for further details. In his thesis he 
presented some examples of the effectivity of various reinforcing systems, which were 
characterized by their E*A product, in relation to the bond stiffness in extending pavement life. 

One of these examples is shown in figure 295. 
 

The upper right hand picture in figure 295 shows a farm to market road in the western part of 
the Netherlands. In this area the subgrade is very weak (CBR ≈ 2%) and the groundwater level 
is high. As one will notice the verge on the canal side is narrow implying that very little lateral 

support is provided to the pavement. The problem on this particular road was severe longitudinal 
cracking especially in the traffic lane closest to the canal. A finite element analysis was made to 
investigate the effectiveness of varies reinforcing systems; the finite element mesh is shown in 

the upper right hand side of figure 295. The bottom part of the figure shows the improvement in 
overlay life for various reinforcing systems. As was to be expected the systems with the highest 
E*A product will give the best improvement BUT a high bond stiffness, indicated with ceq,rf on the 

horizontal axis is needed to get full benefit of a system with a high E*A value.  
 
In his research de Bondt tested several products; they are listed in table 63. It should be noted 

that some of the products listed in the table might not be available anymore, might be available 
under a different name or might have been modified in time. The E*A values of some of these 
products are shown in figure table 64 as well as the bond stiffness values realized with these 

poducts. 
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Figure 295: Effect of reinforcement on lifetime overlay. 

 
 

 
Table 63: Products tested by de Bondt [90]. 

 

Product number E * A [N/mm per mm1 width) Bond stiffness [N/mm/mm2] 

1 4000 – 8000 20 

3 350 400 

6 330 900 

7 24750 20 

 
Table 64: E * A values for some reinforcing systems. 

 
Table 64 shows that de Bondt did not find combinations of a high E*A value AND a high bond 
stiffness. For the example in figure 295, the steel reinforcement (product 7) is giving the best 

improvement (10*) in spite its relatively low bond stiffness. Product 6 (Hatelit) would give an 
improvement of about 5* this in spite of its low E*A product which is compensated by the bond 
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stiffness . The final choice depends of course on how severe the problem is as well on the effect 
: cast ratio for the various products. 

 
At the Belgian Road Research Center research on the effectivity of reinforcing systems in case of 
horizontal (shrinkage induced) movements at cracks and joints was performed. The test setup 

used is shown in figure 296 while figure 297 shows some results. 
 

 
 

Figure 296: Test setup used by the Belgian Road Research Center to test the effectivity of 
reinforcing systems. 

 
 

 
 

Figure 297: Results obtained by the Belgian Road Research Center. 

 
Figure 297 shows again the excellent performance of the Mesh Track steel reinforcement as was 
the case in the example shown in figure 295. Also the Hatelit products performed very well in this 

case. 
 
The improvement factors shown might look ridiculously high but are realistic which is shown in 

figure 298 where pictures are shown of a pavement very near to where the author is living. In 
this case a steel reinforcement was applied. 
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Figure 298: The author’s experience with reinforcements in asphalt pavements. 

 
During the 36 years the pavement was in service after being overlaid with a steel (Mesh Track) 
reinforced overlay, only a few seal coats and finally a thin surfacing were applied for skid 

resistance and cosmetic purposes. 
 
Application of an overlay with improved crack resistance characteristics 
Of course much of the crack reflection problem can already be solved by using an overlay cq a 
wearing course with enhanced characteristics. Improved crack resistance can be obtained by e.g. 

modifying the bitumen with a polymer, rubber etc.  
 
We have seen that crack growth in an asphalt mixture can be described by means of Paris’ law 

which is: 
 
dc/dN = A * Kn 

 
where: dc/dN = crack growth per loading cycle, K = stress intensity factor at the tip of the crack 
and “A” and “n” are material parameters. 

 
It is recalled that: 

 

 
 
 

Where: 

I1 =  K1 / 2  m 

 = size of failure zone in front of the crack tip [mm] 

m = tensile strength [MPa] 

K1  = stress intensity factor for mode I loading [N/mm1.5] 
D(t) = D0 + D2 t

m 
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D0 = creep compliance at t = 0 s [MPa-1] (creep compliance = 1/E or 1/Smix) 
 = fracture energy [Nmm/mm2] 

t = time [s] 
m = slope of the double logarithmic creep compliance curve 
 = Poisson’s ratio 

dt = period of one loading cycle [s] 

w(t) = pulse shape of the stress intensity factor related to time 
 

Furthermore: 
 
n = 2 (1 + 1/m) 

 
when the tensile strength and fracture energy needed to produce a unit crack surface are 
assumed to be constant along the path of the crack growth. It was hypothesized that this occurs 

in constant stress fatigue tests. 
 
When the length of the failure zone ahead of the crack tip and the fracture energy are assumed 

to be constant then 
 
n = 2 / m 

 
It was hypothesized that this occurs in constant displacement fatigue tests. 
 

It was mentioned by Molenaar [39] showed that the n calculated in this way should be corrected 
for the effects of voids in the mixture if the void content is larger than 3%.  
 

All this has been discussed in the chapter on asphalt mixtures. 
 

As one will notice, the parameter A is a function of the components as given in the formula below: 
 

2

1 1 1

2

2

1 1 1
{ ,( ) , ( ) , (1 ) }

t

m m m

f
A f

E
 


 (please note E = 1 / D)  

 
So if one wants to make a relative comparison of the crack resistance of a specific modified 

mixture with that of a reference mixture one just has to determine Areference / Amodified. This implies 
that the testing needed to get this comparison can be limited to modulus testing to obtain “E” 
and “m” and to tension tests to obtain “ft” and “”. These tests however should cover the loading 

time and temperature regime to which the mixtures will be subjected. 
Since “m” is almost always smaller than 0.5, one can easily see that “E” is the most influential 
parameter. This is easily shown assuming m = 0.5, since then the influence factors become ft

2, 


2 and E4. Unfortunately a high E and high  is a combination which is not yet seen by this 

author. This is nicely shown in figure 299 which shows how the three properties are changing 
with reduced frequency. 
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Figure 299: Change of , ft and E with changing reduced frequency. 

 
Molenaar in his work for Amsterdam’s Schiphol Airport in the early 1990’s showed that the 
indirect tensile test is a very useful and practical tool to compare in a relative way the crack 

resistance of modified mixtures. In the research program one of the mixtures was modified with 
poly-ethylene while the other ones were modified with three different types of SBS. The indirect 
tension tests were performed at 5 oC and at a speed of 0.85 mm/s. Some results are shown in 

figure 300 and in table 65. From the results it became clear that mixture C, a SBS modified 
mixture, was to be preferred on the basis of having the best combination of tensile strength, 
tangent modulus and fracture energy. 

 

 
 

Fiure 300: Indirect tensile test results obtained on four polymer modified mixtures.  
Note all specimens had exactly the same size. 

 

Property 

Red. frequency 

Г 

ft 

E 
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Mixture 
Type 

Indirect tensile 
strength [MPa] 

Fracture energy 
[Nmm/mm2] 

A 2.44 16.63 

B 2.98 17.54 

C 4.21 18.71 

D 4.45 12.26 

E 3.97 13.81 

 
Table 65: Indirect tension test results obtained at 5 oC and 0.85 mm/s on five polymer modified 

mixtures initially selected for use on Amsterdam’s Schiphol Airport. 
 

In the previous sections we have discussed several techniques to reduce reflection cracking but 

what about applications? A very interesting combination of techniques has been used extensively 
at Schiphol airport where extensive reflection crack problems occurred in the late 1980’s. The 
pavement consisted of 600 mm lean concrete on top of a 100 mm sand layer which was laying 

on a weak subgrade with CBR = 2%. On top of the lean concrete base, asphalt concrete layers 
were placed with a total thickness of 270 mm. Because of the lean concrete base, reflection 
cracking occurred resulting in crack spacings of up to 45m and rather wide cracks of up to 25 

mm. Such cracking can be dangerous to aircraft operations since loose material can collect in the 
wide crack openings which might lead to foreign object damage (FOD) to aircraft engines etc. 

Since a large runway and taxiway renovation project was started, the authorities decided that the 
new pavements should not suffer from reflection cracking. Therefore a design was made 
consisting of 600 mm lean concrete which was cut at distances of 7.5 m to force shrinkage 

cracking to occur on those locations. Then a SAMI was sprayed after which polymer modified  
asphalt layers were placed in a total thickness of 200 mm. Modifier C, mentioned above, was 
used in the mixtures. Details cannot be given since it is a propriety product. However some 

viscosity data can be given which are listed in table 66. 
In time this combination of techniques has proven to be very successful in preventing/retarding 
reflection cracking. 

 

Penetration 55 

Softening point 95 oC 

PI 6.4 

density 1014 kg / m3 

 
Table 66: Some properties of the SBS modified bitumen used at Schiphol airport. 

 

15.4 Top down cracking and lack of bond between layers 
 
15.4.1 Introduction 
Another defect that has nothing to do with the structural thickness design of pavements is top 

down cracking. As the words already say, these cracks do initiate at the surface of the pavement 
and grow downwards to a depth of approximately 50 mm. A lot has already been said about this 
defect type and there is not yet a final definite conclusion on why these cracks occur. It is clear 

however that hardening of the pavement surface due to aging and traffic loads have a significant 
influence on the development of these cracks. Top down cracking in the wheel paths is of course 
strongly related to traffic. Furthermore it is believed that loss of bond between the surface layer 

and the underlying structure does have a significant influence. Figure 301 is a beautiful example 
of debonding related cracking. 
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Figure 301: Cracking in wheel path limited to the wearing course probably due to loss of 

adhesion between wearing course and underlying structure. 
 

The crack shown in figure 301 might have been developed due to loss of bond causing high 

tensile strains to develop at the bottom of the wearing course or might have been initiated at the 
top and has progressed downwards. Ingress of water through the crack that has initiated at the 
top will certainly have accelerated the debonding. 

The presence of these surface cracks makes us wander where the cracks are coming from we 
see in the wheel paths at the pavement surface? Are they classical fatigue cracks that initiated at 

the bottom of the bound layers and have propagated upwards or do these cracks have other 
reasons? 
A long time ago, Dauzats and Linder [94] presented results of investigations on the appearance 

of cracks and figure 302 is one of the results they presented. 

 
 

Figure 302: Appearance of cracks as reported by Dauzats and Linder. 
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The figure clearly shows that by far, cracking must have originated in the top layer since only a 
small amount of the cracks visible at the pavement surface are bottom up. 

 
What is a bit “alarming” in figures 301 and 302 is the fact that separation of the top layer from 
the lower layers seems to occur regularly. This seems to indicate that the interface between the 

top layer and the lower layer is the weakest part. In our design analyses however we seldomly 
take into account the potential lack of strength of the interlayer can have in damage 
development. Xiao [116] in his research showed the significant difference in shear strength of 

interfaces compared to the shear strength of asphalt mixtures. Some of his test results are shown 
in figure 303. 

 

 
 

Figure 303: Shear strength of the interface between layers compared to shear strength of the 

asphalt mixture. 
 

Figure 303 shows that the shear strength of the interfaces is approximately 50% of the shear 

strength of the asphalt mixtures. Next to this Molenaar (unpublished research) showed that the 
shear fatigue resistance of the interface is much lower than the shear fatigue resistance of 
asphalt mixtures. This is shown in figure 304. 

 
The data shown in figure 303 and 304 were obtained by means of the Leutner shear device 
which is shown in the upper right hand corner of figure 304. 

It is not unlikely that debonding occurs between the top layer and the lower layer because of the 
fact that rather high shear stresses do occur at a depth of about 40 – 50 mm below the 
pavement surface (= thickness wearing course) and the rather poor fatigue performance of the 

interface. It will be clear that the “strength” of the interface is affected by a number of reasons 
such as: 

- is a tack coat used or are the layers placed “hot on hot”; “hot on hot” placement will 

most probably give the best adhesion between the layers; 
- cleaniless of the pavement surface when spraying the tack coat; 

- was the pavement surface dry and not too cold when spraying the tack coat; 
- amount and type of tack coat. 
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Figure 304: Shear fatigue resistance of the interface compared to the shear resistance of an 
asphalt mixture. 

 
 
All in all it is clear that a good bond between layer is essential to prevent problems like early 

cracking of the top layer. It is therefore surprising that the effects of lack of bond between layers 
is hardly taken into account in thickness design procedures where usually full friction is assumed 
between the layers. 

The importance of top-down cracking was also shown by van Dommelen and Schmorak [95]. In 
their paper presented at a SHRP conference in Prague in 1995, they reported about 
investigations on cracking in pavements in the Netherlands. Some of their results are shown in 

figure 305. 
 
Figure 305 shows two remarkable things. The first one is that we are not very good in predicting 

what we see and secondly most of the observed cracking (63%!!) is surface cracking! Schmorak 
furthermore reported that in thicker pavements all wheel path cracking is in fact surface cracking 
(see table 67)! 

 

Asphalt thickness > 
(m) 

Test sections with full crack 
propagation (%) 

0.04 26.9 

0.08 25.5 

0.12 20.0 

0.16 3.2 

0.20 4.2 

0.24 0.0 

 
Table 67: Appearance of surface cracking on the SHRP-NL sections in the Netherlands. 
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Figure 305: Observed and predicted wheel path cracking in SHRP-NL test sections in the 

Netherlands. 

 
The conclusion we have to draw so far is that we do not take into account surface cracking in our 
thickness design system and therefore do overlook a damage type that can cause extensive 

maintenance. In the section hereafter we will discuss in some detail the stresses and strains that 
might occur at the pavement surface due to wheel loads. 
 

15.4.2 Stresses at the pavement surface due to the complex pressure distributions in 
the tire – pavement contact area 

Already in 1983, Molenaar [39] showed that rather high tensile strains could develop at the 
pavement surface due to lateral shear forces underneath the tire. The loading model he used is 
represented in figure 285 (25 kN per wheel, contact pressure 700 kPa). For this particular loading 

condition he showed that a direct relationship between the tensile strain at the pavement surface 
due to inward shear forces underneath the tire on one hand and the stiffness of the wearing 
course on the other. This relation is: 

 
log t.e = 4.822 * 10-2 – 1.049 log E1 

 

Where: te  = tensile strain at the edge of a dual wheel load [m/m], 

 E1  = modulus of the wearing course [MPa] 
 

The equation shows that at E1 = 1000 MPa the tensile strain equals 7.966 * 10-3, while at E1 = 
8000 MPa the tensile strain equals 8.995 * 10-5. 
 

Jacobs [96], in his research modelled the stresses under a wheel in a much more accurate way. 
Inspired by data taken from literature [97] he developed the contact pressure distribution as 
shown in figure 306 which are acting under a 50 kN wheel load with a tire pressure of 650 kPa. 

As one will notice, the lateral shear force is at some locations rather high. This might be caused 
by the fact that the tire pressure is a bit on the low side for the vertical load so some peak lateral 
stresses at the edge of the tire could be expected. Jacobs simulated the distributions shown in 

figure 306 by means of BISAR, so he modelled the load as a large number of circular loads. He 
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then placed the load on a pavement consisting of 200 mm of asphalt having a modulus of 1500, 
5500 and 10000 MPa, on a 300 mm thick base layer with a modulus of 300 MPa on a subgrade 

with a modulus of 100 MPa. Figure 307 shows some of the lateral stress distributions that were 
calculated.  
 

As one can see in figure 307, the lateral xx stress at the tire edge varies from approximately -0.8 

MPa (y = 160 mm) to approximately 2.9 MPa (y = 10 mm) and then returning to approximately -
0.3 MPa (z = -160 mm). 

Table 68 shows the tensile stresses at the bottom of the asphalt layer when the wheel contact 
area is assumed to be a circle and the contact pressure is assumed to be equal to the 
tirepressure (1D stress) and when the contact pressure distribution shown in figure 299 is taken 

into account (3D stress). Also the tensile stresses at the pavement surface at the edge of the tire 
are shown. 
 

 
Table 68: Stress values at different locations in the pavement assuming different contact 

pressure distributions. 
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Figure 306: Contact pressure distributions as used by Jacobs. 
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Figure 307: Stresses in the lateral direction under the tire at E1 = 5500 MPa as calculated by 

Jacobs. 
Note: “y” is the longitudinal direction; y = 160 mm is the front edge of the tire, y = -160 mm is the rear edge of the tire. 

Center of the wheel is at x = y = z = 0 mm 

 
Table 69 gives the same information but now in terms of tensile strains. 

 

E1 [MPa] 1500 5500 10000 

max (1D) [m/m] 

max strain occurs at  

bottom of asphalt layer 

2.31 * 10-4 1.17 * 10-4 7.84 * 10-5 

max (3D) [m/m] 

max strain cccurs at pavement  
surface next to the tire edge 

1.95 * 10-3 4.90 * 10-4 2.59 * 10 -4 

 
Table 69: Tensile strains at the bottom and surface of the asphalt layer. 

 
Table 69 shows that the critical location in terms of maximum tensile strain changes from the 
bottom of the asphalt layer under the load center in case we take only the 1D contact pressure 

distribution into account, to the pavement surface next to the tire edge in case we take the full 
3D contact pressure distribution into account. The critical location is clearly dependent on the 

magnitude of the horizontal shear forces acting on the pavement surface. We have seen in the 
chapter on Wheel Loads and Tire Pressures that the contact pressure distribution (including the 
shear forces) depends on the wheel load and tire pressure; also the type of tire is of importance. 

 
From table 69 the following relationship can be developed between the stiffness of the asphalt 
layer and the tensile strain at the surface: 

 
log surface = 0.669 – 1.064 log E1 
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Of course this relationship is different from the one developed by Molenaar which was given 
earlier because the wheel loads were different. It is however interesting to note that the value of 

the slope of both relationships is almost the same. 
 
Table 69 clearly indicates that in Jacobs’ analyses, the tensile strains at the pavement surface are 

higher than those at the bottom of the pavement indicating that cracking will start first at the 
pavement surface. 
 

Groenendijk [23] was the third person at the Delft University who spent a considerable amount 
of time in trying to explain surface cracking. He analyzed the effect of contact pressure 

distributions, ageing of the top layer, and the presence of transversal compaction cracks on the 
development of surface cracking. Figure 308 shows the contact pressure distribution used in 
most of these analyses and figure 309 shows the finite element mesh used. 

 

 
Figure 308: 3D wheel schematization as made by Groenendijk. 

 

 
Figure 309: Finite element mesh used by Groenendijk.  
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After an extensive analyses, Groenendijk concluded that given the rather low inward shear 
stresses as well as the rather uniform vertical stress distribution under the tire as used in his 

analyses, top down cracking could not well be explained from the contact pressure distributions. 
He stated however that surface cracking will be triggered when tires are under-inflated with 
respect to the wheel load such that very high peak stresses occur at the tire edge (this is what 

was already shown by Jacobs, see figure 307). He furthermore showed that ageing of the top 
layer will increase the possibility of surface cracks. He stated that the effect of ageing on the 
occurrence of surface cracks is larger than the effect of the contact stress distribution. He also 

concluded that surface cracks which are already there because of shrinkage and, more 
importantly, those as a result of compaction, will certainly propagate because of the contact 

stresses. In the situation where the crack tip was at the wheel load edge, both the longitudinal 
and transversal crack will propagate faster horizontally than vertically. The horizontal cracks, 
however, would not propagate beyond the wheel path, so the end result could be a type of 

alligator cracking. 
Finally, he concluded “that it is unlikely that contact stress distributions alone should be held 
responsible for the surface cracking often found in pavements, but they undoubtedly play an 
important role together with climatic influences like bitumen ageing and low-temperature 
cracking. Therefore, it is recommended that close approximations of the actual contact stress 
distributions should be taken into account in pavement design and analysis” 
 
Similar work has been done by Pramesti [38], being the fourth person at the Delft University 
attacking this problem. She modelled the contact stress distribution under a super single tire 

R160A, 425/65 R 22.5 by means of the computer program Tyrestress®. The wheel load was 75 
kN and the tire pressure was 950 kPa. She used these data as input in ABAQUS and analyzed the 
stresses in a two layer pavement system consisting of 150 mm of asphalt concrete (E = 18850 

MPa at 5 oC and 8Hz also E = 2000 MPa at 40 oC and 8 Hz) on a sand subgrade (E = 160 MPa). 
Figure 310 shows how she modelled the tire print while table 70 shows the contact pressures 
taken into account. Please note that she did not take into account the variation of the contact 

stresses in the longitudinal direction. 

 
Figure 310: Tire pressure modelling as done by Pramesti. 

 
When comparing table 70 with figure 306, one will notice that the lateral shear forces taken into 

account by Jacobs are higher than those used by Pramesti. Furthermore Pramesti calculated the 
stresses and strains just under the tire edge while Jacobs calculated them just outside the tire 
edge. As a result of all this Pramesti did not predict tensile stresses as was done by Jacobs but 

she did calculate significant tensile strains near the tire edge. 
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Surface Vertical Transversal Longitudinal 

 Y X Z 

  
(MPa) 

 
1 -1.738 -0.184 -0.060 

2 -1.284 0.197 -0.002 

3 -0.307 0.082 0.032 

4 -1.199 -0.131 -0.030 

5 -1.222 0.176 0.057 

6 -0.663 -0.130 -0.033 

7 -1.528 -0.017 -0.070 

8 -1.528 -0.017 -0.070 

9 -0.645 0.106 0.070 

10 -1.300 -0.228 -0.098 

11 -1.617 0.144 -0.004 

12 -0.054 -0.014 0.000 

13 -1.406 -0.133 -0.066 

14 -0.980 0.145 0.053 

15 -0.899 -0.233 -0.097 

16 -1.309 -0.154 -0.066 

17 -1.412 0.226 -0.090 

 
Table 70: Tire pressure modelling as done by Pramesti. 

Note: Figure 310 shows that surfaces 3, 6, 9, 12 and 15 are in fact the grooves of the tire and therefore the stresses at 
those surfaces should be zero. As table 70 shows, the stresses at these surfaces are not zero. The reason for this 

discrepancy is that Pramesti used the stress distribution as predicted by Tyrestress which did not predict zero stresses at 

the surfaces indicated.   

 
Figure 311 shows the maximum and minimum strains immediately under the tire at the 

pavement surface at 5 oC and 40 oC, while figure 312 shows the maximum and minimum strains 
at the bottom of the asphalt layer at 5 oC and 40 oC. 
 

Pramesti’s results show that although the tensile strains at the pavement surface are lower than 
those at the bottom, they are of significant magnitude. Although not shown by means of a figure, 
the tensile strains at the pavement surface are the same as those at a depth of 135 mm from the 

surface. These values make it plausible that although cracking in this case will start at the bottom 
of the asphalt layer, the first cracks visible at the pavement surface will most probably be due to 
the tensile strains at the pavement surface because cracks coming from the bottom need a a 

considerable amount of time before being propagated to the top. 
 
 

 



 321 

 
 

Figure 311: Maximum and minimum strains calculated by Pramesti at the pavement surface 

immediately under the tire at 5 oC and 40 0C. 
 

 
 

Figure 312: Maximum and minimum strains calculated by Pramesti at the bottom of the 

pavement at 5 oC and 40 0C. 
 
15.4.3 Field studies on surface cracking 

At the time Molenaar [39] was doing his analyses, the Dutch Study Center for Road Construction 
SCW, later called CROW, had also started research into the reasons behind the occurrence of 
surface cracking. Surface cracking and raveling had become a problem in the early 1980’s on the 

dense asphalt concrete wearing courses used on highways in the Netherlands. The possible 
reason for this raveling and surface cracking was believed to be a change in the specifications 
which took place after the very hot summer of 1976. In those days the prescribed bitumen 

content for dense wearing courses was between 6 and 7% by mass and the void content had to 
be between 2 and 5%. Because of the hot weather rutting appeared on many highways and as a 
counter measure the road authorities had decided to decrease the bitumen content by mass to 
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5.6 – 6.4%; it was believed that this reduction might have been too large resulting in lean 
mixtures which are prone to raveling and cracking.  

In order to determine the reasons for this extended surface cracking, the SCW B12 study 
committee did extensive analyses on a e. number of pavements involving falling weight 
deflectometer measurements, coring, mixture composition tests, analyses on the recovered 

binders, fatigue tests as well as tests on the buildup and relaxation of temperature stresses. Next 
to that extensive multilayer analyses were carried out. The results of this extensive research 
program are reported in [44]. The wearing courses of the test sections in the study, all showed a 

significant amount of longitudinal surface cracking which was overwhelmingly concentrated in the 
wheel track area; only very limited transverse cracking was observed. Falling weight 

deflectometer measurements were taken in and between the wheel paths. These results showed 
that at 66% of all measurement locations the deflections in the wheel paths were higher than 
between the wheel paths indicating that structural deterioration had taken place. Although this 

was the case, only surface cracking was observed on all sections.  The penetration of the binders 
recovered from the wearing courses was ranging from 21 to 36 indicating that significant 
hardening had occurred since the penetration of the virgin binder was 80/100 in all cases. All 

wearing courses had a void content of 5.1% or less except for one section where it was 7.2%; 
this section was showing the highest amount of cracking. 
 

Although the researchers assumed a certain horizontal inward shear distribution under the tire at 
the pavement surface, the tensile strain at the pavement surface as a result of this could not 
completely explain the occurrence of surface cracks. However, when the work strain was used in 

the fatigue relation, it was possible to explain surface cracking. Workstrain w was defined as 

follows: 
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Where: 

w = workstrain 

Wb = energy of distortion which can be calculated with any linear elastic 

multilayer program  

Smix = stiffness of the wearing course 

 
The fatigue life was calculated using 
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Where: 
N  =  number of load repetitions to failure  

 =  phase angle between stress and strain as determined by means 

of stiffness tests  

 =  Poisson’s ratio  

A, z =  material parameters coming from the relation  

 Wf = A Nz 

Wf =  total amount of dissipated energy in a fatigue test till failure 

 =  Wf/(N·W1);  depends on whether the fatigue test is load or 
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displacement controlled 

W1 =  amount of energy dissipated in the first cycle of a fatigue test 

 
The authors came to the following conclusions. 

- Although the bitumen in the test sections had hardened to a substantial degree, most of 
the surveyed cracking had to be attributed to wheel-load induced factors. Nevertheless, 
thermal stresses seemed to have an effect as well. 

- Cracking seemed to be initiated by traffic loads while propagation was probably due to 
temperature variations. 

- Early ageing of the bitumen of the surface course should be prevented implying that 

attention should be paid to sufficiently thick bitumen films implying a sufficiently high 
bitumen content and a shift to coarser aggregate compositions. Furthermore, attention 
needs to be paid to the void content and degree of compaction. 

- The work strain parameter seemed to be a powerful parameter since it allows damage cq 
fatigue to be predicted at locations where this would not be possible using the classical 
approach which is prediction of cracks based on the maximum tensile strain.  

 
Another field study on cracking performed in the Netherlands should be mentioned as well. In 
the Netherlands the so called SHRP-NL program has been executed which was considered to be a 

program parallel to the famous Strategic Highway Research Program which has been executed in 
the USA. In the SHRP-NL program a number of pavement sections were monitored for a period 
of approximately 10 years. Data on the visual condition of the pavement as well as deflection 

data and mixture composition data were collected together with climatic and traffic data. Using 
Artificial Intelligence techniques, Miradi [98] developed models to predict raveling in porous 

asphalt concrete wearing courses and cracking and permanent deformation in pavements with a 
standard dense asphalt wearing course. Using various techniques she also determined the five 
most important variables that control the amount of cracking 11 years after construction. The 

results of these analyses are shown in table 71. 
 

 
Table 71: Five most influential variables on cracking as determined by means of different AI 

techniques. 
Note: “cold days” = number of days with a minimum temperature < 0 oC 
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It is remarkable to notice that 5 out of the 8 techniques selected the number of “cold days”, a 
climatic parameter, as the most influential parameter! The voids content was selected two times 

as the most important parameter and traffic only one time. These results are more or less in line 
with the findings of the B12 committee which were mentioned above. 
 

15.4.4 Other types of surface cracking 
As has been discussed in the chapter on bitumen and asphalt mixtures, surface cracks might also 
be related to excessive hardening of the binder (see explanation of figure 185) and because of 

permanent deformation of the unbound base, subbase and subgrade (see figure 125). Sufficient 
information about the origin of these cracks has been given in the text associated with those 

figures and this will not be repeated here. 
 
15.4.5 Conclusions on top down (surface) cracking  

The cracks we observe at the pavement surface are very often not the classical fatigue cracks 
which we predict by calculating the tensile strain at the bottom of the asphalt layer and using a 
fatigue relationship. Such cracks would have grown from bottom to top. As we have seen in this 

chapter however, most of the cracks we see at the pavement surface, especially in thick 
pavements, have originated at the pavement surface. From the discussions given in this chapter 
it is clear that it is difficult to pinpoint a single parameter being responsible for these surface 

cracks. Although no clear cut conclusions can be made, the contact pressure distribution certainly 
has a major influence on the development of this type of cracking. The contact pressure 
distribution depends, as we have seen before, on the wheel load, tire pressure and type of tire. 

On top of this climatic effects do also have a significant influence since they may have caused 
hardening of the wearing course mixture which changes the fatigue characteristics and reduces 
the relaxation capabilities of the mixture (which has an effect on the magnitude of thermal 

stresses). Although surface cracks are and will remain difficult to predict, they can be limited to a 
large extent by using well designed and constructed asphalt mixtures for the wearing coarses. 
They should have a fairly low void content, a high degree of compaction (avoid compaction 

cracks), a sufficient amount of a not too hard binder and a granular skeleton such that rather 
thick bitumen films will develop. So the solution has to be sought in the wearing course material 

and not in its thickness; a well-designed mixture laid down by a good quality contractor will solve 
much of the problem. 
 

15.5 Raveling and bleeding 
 
15.5.1 Introduction 

Raveling and bleeding (also called flushing) are surface defects that have nothing to do with the 
thickness of the pavement but everything with the quality of the top layer in combination with 

climatic effects and effects of traffic.  
 
Raveling is the loss of aggregates from the pavement surface and might ultimately result in 

potholes. It needs hardly to be emphasized that potholes affect the riding quality of the 
pavement very badly and also negatively affect traffic safety. Some examples are shown in 
figures 313, 314 and 315. Figure 313 shows raveling as observed on the TanZam highway in 

Africa and figure 314 shows raveling as observed in the Netherlands on a highway with a porous 
asphalt concrete top layer. In both cases we notice that pothole formation has started. Figure 
315 shows raveling as occurred on a freshly laid seal coat; clearly something went (very) wrong 

during construction.  
 
Bleeding or flushing is the formation of a bituminous skin on the pavement surface giving it a 

shiny appearance. Examples of bleeding surfaces are shown in figure 316 and figure 317. 
Because of bleeding, the wheel path will lose its texture and as a result the skid resistance will be 
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low in wet weather causing dangerous driving conditions. When there is a combination of 
bleeding and rutting, traffic conditions can really become unsafe in wet weather conditions. 

 
Both raveling and bleeding are well known phenomena in pavements with a seal coat (see figure 
315) but both defects also occur on asphalt concrete wearing courses. Here we will only discuss 

raveling and bleeding occurring in asphalt concrete layers. 
  

 
 

Figure 313: Raveling as observed on the TanZam highway. 
 

 

 
 

Figure 314: Raveling as observed on a porous asphalt concrete wearing course in the 
Netherlands. 
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Figure 315: Raveling of a seal coat.  
Note the pile of aggregates on the right hand side of the road which should be on the pavement surface. Some surveyors 
would call this “bleeding” but the black appearance of the road is because of loss of aggregates and therefore the defect 

should be rated as “raveling” 
 
 

 
 

Figure 316: Bleeding observed on a road in the USA. 

 
15.5.2 Bleeding 
We do not need to spend a lot of words on the reasons why bleeding occurs. It is simply due to 

improper construction implying improper mixture design and improper compaction. Hot weather 
adds to the problem because the bituminous binder will expand when the temperature increases. 
The Asphalt Institute mentions the following reasons for bleeding: 

1. too much bituminous binder is the mixture, 
2. too heavy a prime or bond/tack coat, 

3. too less voids in the mixture, 
4. post compaction due to traffic leading to over-compaction resulting in pushing the binder 

to the surface. 
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Figure 317: A “bleeding” wearing course. 
 

 
That traffic will cause post compaction is rather unthinkable in a country like the Netherlands 

where a lot of attention is paid to proper compaction. In a number of countries however, post 
compaction due to traffic occurs, and is even accepted, and in combination with factors 1 to 3 
and hot weather this can certainly lead to bleeding of the pavement surface. 

 
15.5.3 Raveling 
Raveling is a complex phenomenon since it not only involves the strength of the bituminous 

mastic/mortar but also the strength of the bond between the aggregate particles and the 
bituminous binder. The strength of the bond between the bituminous mastic/mortar and the 
aggregates is affected by the type of aggregates and bitumen used as well as the presence of 

moisture. Furthermore bitumen content, traffic and climatic loads play an important role. 
 
Using the SHRP-NL data base which contained performance data of 250 road sections, each 

consisting of 3 * 100 m long sub-sections, that were collected from 1990 till 2000, Miradi [98] 
determined by means of several AI techniques the five most important factors controlling the 
raveling of porous asphalt concrete (PAC) wearing courses as used on the Dutch highways (17% 

of the sections in the SHRP-NL data base had a PAC wearing course). This type of mixture is 
extensively used on the Dutch highways for noise reducing purposes. More than 90% of the 
Dutch highways have such a wearing course and raveling is the main reason for doing 

maintenance. Some of Miradi’s results are shown in tables 72 and 73. 
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Table 72: Most important parameters affecting the amount of raveling on PAC wearing courses 5 

years after construction. 
Note: “cold days” is the number of days with a minimum temperature < 0 oC 
“Warm days” is the number of days with a maximum temperature > 25 oC 

 

 
Table 73: Most important parameters affecting the amount of raveling on PAC wearing courses 8 

years after construction. 
 

When comparing table 72 with 73 one will notice that the most important parameter explaining 

raveling 5 years after construction is the “bitumen content” (8 times out of 8) while the 2nd 
important parameter is “traffic” (8 times out of 8). For the amount of raveling 8 years after 
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construction the picture has changed drastically. The bitumen content (2 times out of 8), the void 
content (5 times out of 8) and the number of cold days (1 time out of 8) have become the most 

influential parameters. The influence of traffic seems to have disappeared from the picture; it is 
only mentioned one time as a number 5 important parameter. Furthermore it is remarkable that 
precipitation did not show up at all as an influential parameter. It is remarkable since raveling 

can very well be caused by stripping which is a process highly driven by water. 
 
Considering the order of importance of the variables, it should be noted that not all methods 

make it possible to determine the exact importance ranking. Two of the methods which gave a 
rather clear ranking were the genetic polynomial regression technique and the artificial neural 

network technique. The rankings according to the later technique are given in figure 318 and 
figure 319. 
 

 

 
Figure 318: Five most important influence factors on raveling in PAC 5 years after construction 

based on neural network input selection. 

 

 
Figure 319: Five most important influence factors on raveling in PAC 8 years after construction 

based on neural network input selection. 
 

Figures 318 and 319 show that based on the neural network input selection method the number 
of “cold days” plays a pretty important role in explaining the amount of raveling 5 and 8 years 
after construction. 

 
As we have seen in chapter 8.8 on “Adhesive Cracking”, different types of aggregate have 
different bond strengths with different types of bitumen. One might therefore wonder why 
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aggregate and bitumen type were not part in Miradi’s analysis. The reasons are quite simple; 
Dutch crushed siliceous river gravel was used as aggregate in most of the wearing courses that 

were included in the study. There were some other aggregate types but the number of sections 
having such a different type of aggregate was so small that it was decided not to take them into 
account since it is pretty difficult, not to say impossible, to recognize trends from only one or two 

data points. The reason why the type of bitumen was not taken into account was also because 
only a few suppliers provided bitumen for the sections and it was not precisely clear where those 
bitumens were used. All bitumens however complied with the Dutch specifications which implied 

the use of a pen 70/100 bitumen without the use of any modifier. Other specifications in those 
days were related to the void content (> 20%) and the bitumen content (4.5% by weight of total 

aggregates  8% by volume). 

 
In a parameter study, Miradi determined the effect of some individual parameters on the amount 
of raveling (expressed in terms of Meq) 5 years after construction. The results are shown in 

figure 320. 
 

 
(a)                                                                 (b) 

 
(c) 
 

Figure 320: Effect of some parameters on the amount of raveling (Meq) 5 years after 
construction. 

Note: in figure 313c, “cold days” = the cumulative number of “cold days” during a five year period. 
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For the sake of completeness it is should be mentioned that Meq stands for the amount of 
equivalent moderate raveling. Meq is calculated following: 

 
Meq = 0.25 * (amount of light raveling + (amount of moderate raveling) + 5 * (amount of 
severe raveling). 

 
The “amount” is in percentage of the area considered. The definitions for “light”, “moderate” and 
“severe” are given in table 74. 

 

Severity of raveling Percentage of stone loss per m2 

Light 6 – 10 

Moderate 11 – 20 

Severe Larger than 20 

 
Table 74: Severity of raveling definitions as used in the SHRP-NL project. 

 
Figure 320a clearly shows that raveling developed rather quick when the bitumen content was 
below 4% by mass. At the time Miradi was doing her research (2004 – 2008), the Dutch 

specification required a bitumen content in the PAC of 4.5% by mass on top of 100% aggregates 
and a minimum void content of 20% because of noise reduction requirements. Unfortunately the 

amount of bitumen requirement was not always met (see e.g. table 75) and many PAC wearing 
courses suffered from gravitational drainage of the binder from the top part of the layer to the 
lower part (in those days PAC was placed in a single layer of 50 mm). Binder drainage is clearly 

visible in table 75 by comparing the bitumen content data of the upper with those of the lower 
zone. Bitumen drainage is making the top part of the layer prone to raveling since the bitumen 
content was below 4% in almost all cases. 

 
Since then a number of things have changed; the bitumen content was raised to 5.5% and 
crushed siliceous river gravel was not used any longer because of skid resistance issues and was 

replaced by aggregate types like Bestone, Porphyry, Greywacke etc. 

 
 
Table 75: Bitumen content in the upper and lower part of PAC cores as determined by means of 

CT scanning and bitumen content of entire core determined by means of traditional extraction 
method. 

Note: EL = core is taken from emergency lane; SL = core is taken from  slow lane. 

 
During the winter 2009/2010, severe raveling occurred on many PAC sections in the Netherlands. 
The picture shown in figure 314 was taken on one of the sites which showed winter related 

raveling. Mohan [101] made an analysis of the causes of this winter related raveling which 
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occurred on such a large scale. He based his work on the Lifetime Optimization Tool (LOT) which 
was developed by Huurman e.a. [99, 100] and for which a lot of work has been done by Mo [58] 

under the LOT project leadership of Huurman. 
Before we will discuss the findings of Mohan, first a short description of LOT will be given. 
 

LOT is a meso-mechanical 2D finite element model (3D version is available) in which the real 
structure of PAC is transformed into an equivalent structure of spheres (see figure 321). 
 

 
 

 
 

Figure 321: LOT meso-mechanical analysis model. 
 

Figure 321 also shows how the interface between aggregate and mortar was modelled. The 
spheres were defined as un-deformable rigid bodies. The stiffness, strength and fatigue 
characteristics of the mortar were determined using stone column – mortar – stone column tests 

which were described in the chapter on asphalt materials. The test set up which was already 
shown in figure 183 is shown again here-under as figure 322. 
 

The characteristics of the mortar were determined using the test setup shown in figure 323. 
 

One might comment that representing the aggregates as spheres is a very crude simplification of 
reality. Although this is a valid comment, one should realize that using a real skeleton instead of 
spheres (such a version is available) only complicates the picture because the shape of the 

aggregate particles will highly affect the stress conditions and can therefore make influences of 
void and bitumen content as well as binder type less visible and therefore making studies on the 
effects of these parameters more complicated. 

In spite of the simplifications made, the LOT model was (and of course still is) very capable of 
predicting failure in terms of adhesive or cohesive failure. The results obtained agreed very well 
with those obtained from full scale testing, more precisely: the predicted order of failure of 4 

sections which differed from each other in aggregate type and void content, agreed with the 
observed order of damage development. 
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Figure 322: Stone – bitumen – stone column adhesion testing by means of the DSR.  

 

 
 

Figure 316: Mortar columns tested by means of the DSR for obtaining stiffness and fatigue 

characteristics. 
 

With respect to the applicability of LOT it should be mentioned that the tool has been 

successfully used by Milne [102] and Gerber [103] in their studies on the lifetime of seals. 
 
Mohan in his research modelled PAC according to the LOT protocol. He took into account the 

effects of wheel loads as well as temperature stresses that develop during winter periods. Special 
attention was paid to the effect of relaxation of the bituminous mortar. He was able to show that 
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the winter damage that was observed on a number of sections was clearly due to low bitumen 
contents of the PAC in those sections and the fact that the bituminous mortar had almost 

completely lost its relaxation capacity. So according to his findings raveling in PAC due to winter 
conditions was caused by a too low bitumen content and a low relaxation capacity; the low 
relaxation capacity is reflected in high stiffness values at low frequencies (figure 324). 

 

 
Figure 324: G* master curves of the bitumen retrieved from the test sections investigated by 

Mohan. 

 
The A12-1992, N3-2004 and N9-2002 sections were the ones showing much winter related 

raveling. These sections had void and bitumen contents which as shown in table 76. 
 

Section A12-1992 N3-2004 N9-2002 

Void content [%] 19.1 20.8 21.8 

Bitumen content by mass [%] 3.6 3.29 3.03 

 

Table 76: Void and bitumen content of the sections showing severe winter related raveling. 
 

Mohan’s results are fully in line with those found by Miradi and in the LOT project, indicating that 

the bitumen content is a key parameter in controlling the amount of raveling. On top of that he 
showed that the relaxation capacity of the binder is another key factor. 
 

Although moisture damage is not specifically mentioned in LOT, it can be taken into account via 
the transfer functions that describe the fatigue resistance of the stone – mortar – stone interface 
and the fatigue resistance of the mortar with and without water conditioning. The moisture 

conditioning used by Mo [58] to determine the effect of moisture was to submerge the samples 
under vacuum in water of 5 oC. He found that the fatigue resistance of the mortar reduced with 
around 25% (so the resistance of the moisture treated specimens was around 75% of the 

specimens which did not receive a water treatment). The interface fatigue resistance was roughly 
halved. This shows that the influence of moisture can be significant; it should be mentioned 

however that the moisture conditioning treatment as used by Mo was a severe one. All this 
shows that we should have a more detailed look into the effects of moisture on the condition and 
mechanical characteristics of asphalt mixtures. 

 
Raveling is also to be caused by moisture effects but keep in mind: this implies moisture not only 
as fluid but also as vapor. Moisture has a significant effect on the bond between the aggregate – 
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bituminous mortar but will of course only be of a problem when it can get in the mixture and 
when it has enough time to cause loss of bond between the aggregate and the mortar. The 

reason for this loss of bond is the following. Most of the aggregates have a negative electrical 
charge and when water can reach the interface between the aggregate particle and the 
bituminous mortar, the extremely strong water dipole will immediately try to “push away” the 

bitumen from the stone particle. The other possibility of water to reach the aggregate – bitumen 
interface is through diffusion of the moisture through the bituminous coating. As mentioned 
before, the prerequisite for both processes is the possibility for the moisture to get into the 

mixture and to stay there long enough allowing diffusion to take place. Figure 325 [104] shows 
what is believed the most critical void content range with respect to moisture damage. 

 

 
 

Figure 325: Pessimum air void contents resulting in the highest moisture damage [104]. 
 

As mentioned before, moisture will only produce damage when it has a chance to enter the 

asphalt mixture. This implies that the voids need to be inter connected. Li [105] investigated the 
relation between the void content and the degree of connectivity of the voids. This relationship is 
shown in figure 326. 

 

 
Figure 326: Void content and degree of connectivity of the voids. 
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Similar information is given figure 327 for a PAC in and in figure 328 for a Stone Mastic Asphalt 
(SMA). Both mixtures were produced with aggregates having a maximum grain size of 11 mm. 

The void content in the PAC was 23.7% while the bitumen content was 5.3% by mass. The SMA 
had a void content of 4.4% and a bitumen content of 6.4% by mass. It is interesting to notice 
that although the SMA is a rather dense mixture, there is still some connectivity between the 

voids implying that moisture can also penetrate in a so called dense mixture.  
 

 
 

Figure 327: Void content and connectivity over the height of a PAC sample [107]. 
 

 
 

Figure 328: Void content and connectivity over the height of a SMA sample [107]. 

 
When moisture is IN the voids, it can diffuse through the bitumen layer surrounding the 
aggregates. 

 
Wikepedia tells us that “diffusion is the net movement of molecules or atoms from a region of 
high concentration with high chemical potential to a region of low concentration with low 

chemical potential”. 
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Fick’s second law predicts how diffusion causes the concentration to change with time. For a one 
dimensional process it is written as: 

 
 / t = D * 2

 / 2x 

 

Where: 
 = concentration e.g. [mol/m3] 

t = time [s] 

D = diffusion coefficient [m2/s] 
x = length [m] 
 

Varveri [107] prepared cylindrical mortar samples (total weight 65 gr) made of 25% m/m binder, 
25% m/m filler (material < 63 m) and 50% m/m sand (125 m < d < 1mm). The filler was 

either a limestone filler called Wigras 60 and a hydrated lime Wigro 60K filler which contained 25% 

hydrated lime. Three types of bitumen were used being a 70 – 100 pen reference bitumen with a 
softening point of 43 – 51 oC, a Cariphalte XS SBS modified bitumen with pen 45 – 80 and a 
softening point > 65 oC, and a Sealoflex 5-50 SBS modified bitumen with pen 60 – 90 and a 

softening point > 65 oC.  The samples were fully submerged in water (20 oC) for a particular time 
and the uptake of water was measured. The results of these measurements are shown in figure 
329. Although the absolute values of water uptake might not seem that high, there is a 

significant effect of bitumen type and filler type on the water uptake. Pen 70/100-Wigras 60 has 
a 3 times higher uptake than the Sealoflex 5-50-Wigro60K. It will be clear that the mortar with 
the lowest moisture uptake is to be preferred. 

 

 
 

Figure 329: Uptake of moisture of the different mortars. Top: Pen 70/100-Wigras60; Second: Pen 
70/100-Wigro60K; Third:Cariphalte XS-Wigro60K; Bottom: Sealoflex 5-50-Wigro60K. 
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Based on the information given above, we can conclude that in order to increase the raveling 
resistance of dense type of asphalt mixtures one should aim for the following: 

 relatively thick mortar/bitumen films around the aggregate particles (to be obtained by 
means of the mixture design cq aggregate size selection and bitumen content), 

 relatively low void content resulting in a low connectivity of the voids (to be obtained by 
mixture design and compaction), 

 mortar composition with a low moisture uptake capacity, 
 good relaxation properties of the bituminous mortar/binder, 

 aggregate – binder combination that results in the highest bond strength. 
 

One will notice that these requirements are exactly the same as those mentioned for getting a 
mixture which is resistant to top-down cracking. 
 

With respect to moisture related raveling damage on dense wearing courses in the Netherlands 
one should note that the amount of water that can enter the dense layer is only very limited. 
First of all this is because the amount of rainfall in the Netherlands is not spectacularly high (see 

figure 330). Secondly, not all the water that comes on the pavement surface will penetrate the 
pavement because of drainage (run-off because of the cross slope of the pavement surface) and 

drying of the surface. Thirdly, the maximum void content of dense wearing courses is restricted 
to 5%. All in all this means that moisture related raveling of dense wearing courses is not really a 
big issue in the Netherlands. It might however be a big issue in other countries where the 

conditions are different. 
 

 
Figure 330: Long-term average rainfall in the Netherlands period 1981 – 2010 [107]. 

 



 339 

For porous asphalt concrete (PAC) with its high void contents (> 20%) the situation is somewhat 
different because for these types of mixtures some additional damaging effects need to be 

considered as well. Kringos [106] defined in her work the following processes (figure 331) that 
result into the disintegration of PAC. 

 

 
 

Figure 331: Moisture related damage mechanisms in PAC as defined by Kringos [106]. 

 
The physical processes mentioned by Kringos are diffusion of moisture and a “washing away” 
process of the mastic, which she called advective transport, due to a fast water flow field. The 

mechanical damage processes includes pumping and refers to the high water pressure fields 
inside the mixture caused by traffic. The mechanical damage she mentions in figure 324 is in fact 
the damage which can be explained by design systems like LOT being adhesive and cohesive 

fatigue due to wheel and temperature loads. 
Kringos [106] and Varveri [107] have both been working on the development of models which 

can describe the above mentioned processes. The reader who is interested in the mathematical 
background of the how these processes have been modelled are referred to reference [106] and 
[107]. 

The question however is whether we can also do tests which mimic the processes described here. 
Such a test is available and is known as the MiSt test; the equipment is shown in figure 332. 
 

As is shown in figure 332c, a specimen is placed in a container which is then filled with water. 
After that the whole system is put under pressure. The repeated pressure which is applied is 
simulating the repeated excessive pore pressure which occur when a wheel load is travelling a 

saturated PAC layer. Figure 333 shows some results obtained by Varveri [107]. 
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Figure 332: MiST device. 
 

Figure 333 shows some interesting things being: 

- the water bath treatment has a negative effect on the tensile strength, 

- the MiST treatment increases the negative effect of water, 

- the bath treatment + MiST lines are more or less parallel to the bath treatment lines, 

- the mixtures with the Cariphalt SBS modified bitumen show a significant higher tensile 
strength than the mixtures with the 70/100 pen bitumen, 

- the slope of the strength vs conditioning time is about equal for each mixture and seems 
not to be affected by the MiST treatment,  

- the mixtures with the sandstone aggregates performed somewhat better than those with 

the granite aggregates. 
 
The question of course is whether the MiST device is simulating reality. This question is a very 

valid one because in reality a PAC layer will never be completely saturated with water of 60 oC. 
Further remember that PAC has a high permeability and the chances that it stays saturated for a 
considerable amount of time are not that high. There might be saturation in  some pores because 

of the presence of fine material in those pores because of clogging and this fine material might 
retain moisture. Finally it should be mentioned that it was shown by means of coring that 

raveling of PAC is mainly to almost exclusively observed at the top part of the PAC layer (which 
dries easily).  
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Figure 333: Loss in indirect tensile strength of PAC specimens subjected to submerging in water 

and a MiST treatment. The effects of the bath treatment is given by the draw lines, the effect of 
the bath + MiST treatment is given by the dashed lines. 

 

Figure 334 shows that erosion of fine particles did take place after a large number of MiST cycles. 
 

 
Figure 334: Erosion of fine particles from the PAC mixture as a result of a MiST treatment. 
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Kringos concluded in her work that pumping is mainly harmful for the cohesive connection 
between the aggregates. She also showed that erosion of the mortar could certainly take place 

depending on the moisture sensitivity of the mortar and the bond strength between aggregate 
and mortar (please note that it was mentioned earlier that Mo did show that moisture has a 
serious effect on the fatigue strength of the mortar and the fatigue strength of the adhesive 

zone). 
The question now is: “does erosion of the mortar occur in practice?. Do we have data to proof 
this?” Evidence that this is indeed the case was given by Mohan [101]. In his work he found that 

the pores were partly filled with dirt assumingly being the result of clogging of the pores (see 
figure 335). 

 
 

 
 

Figure 335: Clogged pores in PAC. 
 

The question however is whether all this dirt is dirt or whether some particles are in fact fines as 
a result of the erosion process described above. If this would be the case then also traces of 
bitumen should be in the dirt. Mohan analyzed the composition of the dirt particles < 1mm 

(which was 90% of the total amount and found the results shown in table 77. 
 

Material Mass [gr] Mass % 

Filler material < 63 m 4.2 11.4 

Material > 63 m 30.6 82.9 

Bitumen 2.1 5.7 

Total 36.9 100 

 
Table 77: Composition of the dirt found in pores of PAC 

 
The question then is how much dirt is present in the pores? This is a difficult question because 

suction produced by traffic has a self-cleaning effect on the pores of the PAC in the trafficked 
lane and the pores of the PAC on emergency lanes are cleaned using cleaning machines. Because 
of these cleaning processes it is difficult to get an idea of the magnitude of the erosion of the 

mastic. Mohan in his research investigated cores coming from 6 different pavements and he 
found the dirt content ranging between 1.6% and 8.1%. by mass of the cores. 
 

All in all this means that erosion of the mortar due to fast moving moisture in the pores does 
occur; unfortunately the amount of erosion that occurs in practice is very difficult to determine. 
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15.6 Skid resistance 

It will be obvious that sufficient skid resistance is necessary to provide the road user a safe 

driving surface. This becomes clear when we observe the relation between skid resistance and 
accident rate which is shown in figure 336. 

 

 
 

Figure 336: Relation between number of accidents and skid resistance. 
Note: black bars indicate person cars and grey bars indicate trucks 

 
From experience we know that the skid resistance of road surfaces is much lower when they are 

wet then when they are dry and we also know from experience that not all wet surfaces do have 
the same skid resistance. From experience we know that a pavement surface like the one shown 
in figure 337 is not only rather uncomfortable to drive on but also very slippery when wet. 

Nevertheless this type of cobblestone pavement, and preferably it should be in an even in a 
worse condition, is the big “attraction” in the famous cycle race Paris – Roubaix (see figure 338). 
Also the pavement of the little square shown in figure 339 will be slippery when wet and one 

wonders why architects don’t understand that also pedistrians need a pavement surface with 
sufficient skid resistance. We might ask ourselves “why are these pavements slippery when wet?”. 
The answer is quite simple, the surface lacks a “grinding paper” type of structure or, in other 

words, it lacks micro texture. There is another thing these pavement surfaces are lacking which is 
macro texture. The definition of micro and macro texture is given in figure 340. As figure 3340 
shows, micro texture is provided by the surface roughness of the individual aggregate particles 

while macro texture is controlled by the size of the aggregate particles. The function of the micro 
and macro texture is shown in table 78. Pictures of micro and macro texture are shown in figure 

341. 
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Figure 337: Wet cobblestone pavement. 
 

 

 
 

Figure 338: The main “attraction” in the famous Paris – Roubaix cycle race are the stretches with 
cobblestones. 

https://get.pxhere.com/photo/water-grass-rock-street-lawn-texture-rain-sidewalk-wet-cobblestone-city-wall-stone-asphalt-pavement-walkway-model-soil-stone-wall-brick-way-cube-masonry-moisture-the-stones-invoice-flooring-pavers-construction-elements-road-surface-outdoor-structure-1204163.jpg
https://www.google.nl/url?sa=i&rct=j&q=&esrc=s&source=images&cd=&ved=2ahUKEwjHgduPwoDZAhXDLVAKHWyKA2QQjRx6BAgAEAY&url=https://pages.rapha.cc/racing-2/monumental-cobbles-paris-roubaix-in-the-words-of-others&psig=AOvVaw2JsDc_YNlBUDGi6PhZSSnv&ust=1517430019966964
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Figure 339: The pavement of this little square will be slippery when wet. 
 

 
 

Figure 340: Micro and macro texture. 

 
 

Component Main-Function Main Benefit 

Macro texture Rapid drainage 
Deformation of tire 

Avoid hydroplaning 
Hysteresis 

Micro texture Penetrates the thin layer of 
water to provide 

tire/pavement contact 

Adhesion 

 
Table 78: Function and benefits of micro and macro texture. 

 

 
 
 

 
 

http://www.google.nl/url?sa=i&rct=j&q=&esrc=s&source=images&cd=&cad=rja&uact=8&ved=2ahUKEwj3l8bXzIDZAhWIchQKHUVtBysQjRx6BAgAEAY&url=http://file.scirp.org/Html/4-1880608_70357.htm&psig=AOvVaw34xzHgflUFaFVFAIz_nVUE&ust=1517433003232457
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Figure 341: Pictures of micro and macro texture [108]. 

 

Figure 342 shows the friction coefficient in wet weather conditions for the four pavement 
surfaces shown in figure 341. 

 

 
 

Figure 342: Wet weather coefficient of friction measured with a smooth tire on the four surfaces 
shown in figure 341 [108]. 

 

Macro rough and 
Micro rough surface 

Macro smooth and 
Micro rough surface 

Macro rough and 
Micro smooth surface 

Macro smooth and 
Micro smooth surface 
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Figure 342 shows that that macro texture, micro texture, and speed have a great influence on 
the measured friction coefficient which is defined as  = Fx / Fz (horizontal force on the tire 

divided by the vertical tire force). Of course the tire (type, depth of the grooves) etc and the 
thickness of the water film on the road also play an important role but this will be discussed later 
on. In the early 1970’s, Dijks of the Delft University of Technology developed a relationship 

between the friction coefficient on one hand and the macro and micro texture as well as the 
vehicle speed on the other. This relationship is: 
 

 = 0.52 + 0.58 SRT / 100 – 0.001 * SRT * V / (100 * TD) 

 
Where: 

 = friction coefficient, 

SRT = friction value measured with the SRT (a measure for the micro texture), 
V = speed [km/h] 

TD = texture depth (a measure for the macro texture) [mm] 
 
The relationship was developed for a tire (specifications unknown) with an inflation pressure of 

180 kPa and a tire load of 3.3 kN, and a water film thickness of 0.6 mm.  
The equation shows that the friction coefficient decreases when the SRT decreases, the product 
SRT * V increases and TD decreases. Later on we will come back to these influence factors in 

greater detail. 
 
Let us first discuss how the friction coefficient, SRT value and texture depth can be measured. 

 
A large number of devices are available for skid resistance measurements on roads. An excellent 
overview of these devices can be found in [109]. One device which has gained large popularity is 

the SCRIM which is pictured in figure 343. 
 

 
 

Figure 343: SCRIM device for measuring skid resistance. 

 
The measurement wheel has a slip angle of 20o with the driving direction and a 0.5 mm thick 
water film is sprayed in front of the tire. The tire pressure is 350 kPa, the tire load is 1960 N and 

measurements are usually done at 50 km/h. The tire is an “Avon SCRIM smooth profile tire 
76/508”. 

Figure 344 shows the Dutch skid resistance trailer. The measuring wheel operates at 86% slip 
and in front of the tire a 0.5 mm water film is sprayed. The measurements are done at 50 – 70 
km/h. The measurement tire is a “PIARC smooth profile tire” which has an inflation pressure of 

200 kPa and operates at a tire load of 1962 N. From the description of these two devices it will 
be clear that the friction number that is obtained depends on the device that is used. Since there 
is such of variety in equipment, it is a hell of a job to translate the numbers obtained by one 

machine into numbers that would be obtained when other devices would have been used. 
 

https://www.google.com/url?sa=i&rct=j&q=&esrc=s&source=images&cd=&cad=rja&uact=8&ved=2ahUKEwjt5v3h_ILZAhXNYVAKHaasDSkQjRx6BAgAEAY&url=https://pavemaintenance.wikispaces.com/CVEEN%2B7570-%2BSpring%2B2011&psig=AOvVaw3kgHndqMzQ4eAYkDgP7qv7&ust=1517514645052021
https://www.google.com/url?sa=i&rct=j&q=&esrc=s&source=images&cd=&cad=rja&uact=8&ved=2ahUKEwjfxan9_ILZAhXNalAKHY5yAl0QjRx6BAgAEAY&url=https://www.linkedin.com/pulse/wdm-scrim-reaches-gold-standard-highways-industry-com&psig=AOvVaw3kgHndqMzQ4eAYkDgP7qv7&ust=1517514645052021
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Figure 344: Dutch skid resistance trailer. 

 
Figure 345 shows the SRT device which produces the SRT number which was mentioned in Dijk’s 
equation (see previous page). This device basically consists of a pendulum with a foot under 

which a rubber pad is attached. Next to that there is an indicator and a scale. The pendulum and 
the indicator are lifted to the position shown in figure 345 left. Then both are released and swing 
over the pavement surface while the rubber pad of the foot is touching the pavement. The higher 

the skid resistance the less high the pendulum will swing. The indicator is measuring this height 
(see figure 345 right). The equipment is also used to measure the PSV (polish stone value) of 

aggregates; these measurements will be discussed later on. 
 

 
 

Figure 345: SRT device. 
 

The texture depth TD which is mentioned in Dijk’s equation is measured with the so called sand 
patch method. In this method, a certain amount of sand is spread on the pavement surface such 
that a circle is obtained. Then the diameter of the sand patch is measured and the texture depth 

is calculated using: 

http://www.google.nl/url?sa=i&rct=j&q=&esrc=s&source=images&cd=&ved=2ahUKEwiPjqu-3ITZAhUDyaQKHY23A9MQjRx6BAgAEAY&url=http://www.zehntner.com/products/categories/skid-resistance/srt-5800&psig=AOvVaw3YwyQrwNh3CPTjBurO2oK3&ust=1517574507570421
http://www.google.nl/url?sa=i&rct=j&q=&esrc=s&source=images&cd=&cad=rja&uact=8&ved=2ahUKEwis4cys3YTZAhWLyqQKHUVJAdEQjRx6BAgAEAY&url=http://www.zehntner.com/products/categories/skid-resistance/srt-5800&psig=AOvVaw1UUsE5gtqoqGk-Maj5T6mm&ust=1517574872734941
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TD = 4 * W / ( *  * D2) 

 

Where: 
TD = texture depth [mm], 
W = weight of the amount of sand used [kg],  

D = diameter of the sand patch [mm], 
 = specific weight of the sand [kg/mm3].   

 

The test itself is shown in figure 346. 
 

 
 

Figure 339: Sand patch test to determine texture depth. 

 
As with all these empirical tests, the tools are carefully specified. The sand spreading tool has a 
diameter of 63.5 mm (2.5 inch) which has at its bottom a 16 mm hard rubber disc of the same 

size. With the kit comes a measuring cylinder of 24.6 ml. The sand is a silica Ottawa sand (Illinois) 
which complies to the specifications shown in table 79. 
 

Sieve size [m] % retained 

420 (No. 40 sieve) 0 

300 (No. 50 sieve) 0 – 4 

150 (No. 100 sieve) 96 - 100 

 

Table 79: Sand for the sand patch test. 
 

Nowadays texture measurements can be done at high speed user laser technology. This will be 

discussed in the section on traffic noise. 
 

Because of erosion and wear due to the abrasive action of traffic in combination with moisture, 
oil spillage and dirt, the aggregate surface might get polished and because of that the skid 
resistance may decrease. The resistance to polishing is determined by means of the polishing 

stone machine which is shown in figure 347. The machine itself is shown on the left hand side of 
figure 347 while an important detail is shown on the right hand side of the figure. Fourteen 
aggregate samples (88.9 mm long and 44.45 mm wide) are glued in special molds which are 

https://www.google.com/url?sa=i&rct=j&q=&esrc=s&source=images&cd=&cad=rja&uact=8&ved=2ahUKEwjkuo2ipYLZAhWIKOwKHaBZAWIQjRx6BAgAEAY&url=https://www.fhwa.dot.gov/publications/transporter/97jan/index.cfm&psig=AOvVaw0eSI3KxQgCQ18ywS9XmgsX&ust=1517491053176964
http://www.google.com/url?sa=i&rct=j&q=&esrc=s&source=images&cd=&cad=rja&uact=8&ved=2ahUKEwjNzNnKpYLZAhWF16QKHX_JBocQjRx6BAgAEAY&url=http://www.pavestech.com/our-equipment.php&psig=AOvVaw0eSI3KxQgCQ18ywS9XmgsX&ust=1517491053176964
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attached to a wheel (see figure 347 right). The aggregate particles should pass the 9.5 mm (3/8”) 
sieve but be retained on the 6.3 mm (1/4”) sieve. The particles are loaded by a solid rubber 

wheel (hardness of the rubber is 69  3 IRHD) with a load of 715 – 735 kN at 315 – 325 rpm. 

The test is performed in 2 stages; in the first stage 20 – 34 gr/min of corn emery is spread on 
the samples while rotating and water is applied at 20 – 34 ml/min. After being carefully dried the 

specimens are subjected to the second stage. In this stage emery flour is used at a rate of 2 – 4 
gr/min and water is sprayed at a rate of 5 – 8 ml/min. After the test has been completed the SRT 
value is determined using the equipment shown in figure 345. 

 

 
 

Figure 347: Polishing stone machine. 

 
Also the SRT value of aggregate particles which have not been subjected to polishing is 
measured. Then the Polished Stone Value PSV is calculated using: 

 
PSV = S + X – C 

 
Where: 
S = SRT value of the aggregate specimens subjected to polishing, 

C = SRT value of specimens of the same material which were not subjected to polishing, 
X = PSV value of a reference material. 
 

The somewhat complicating factor in all this is the fact that 3 different reference materials are 
defined being: 

- Swd: UK PSV control stone PSV = 52.5 

- SbG: 2011 UK PSV control stone PSV = 49.0 

- HhG: German PSV control stone PSV = 54.5 
 

Aggregates are natural materials and the beauty of Mother Nature is that the “same thing” 
cannot be pinpointed with one single number. Table 80 e.g. gives the PSV numbers and Los 
Angeles abrasion values for a number of aggregates as reported in [110]. The table shows that, 

in spite of the range in values, Greywacke seems to have the highest PSV values. The table also 
shows that there is no relation between the Los Angeles abrasion value and the PSV of the 

aggregates. 
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Stone type PSV 
L Av H (nr of tests 

LA 
L Av H (nr of tests) 

Greywacke 59 61 66 (4) 10 18 20 (6) 

Sandstone 45 56 63 (29) 10 11 24 (25) 

Diorite 50 53 56 (2) 14 18 22 (4) 

Limestone 35 50 58 (4) 19 31 49 (9) 

Gabro 45 51 57 (42) 10 19 36 (47) 

Hornfels 45 49 54 (9) 9 10 12 (6) 

Basalt 44 48 55 (22) 8 10 20 (16) 

Porphyry 43 46 58 (11) 10 11 12 (6) 

Gneiss 45 52 61 (68) 10 22 60 (97) 

Granite 46 51 57 (27) 13 29 49 (49) 

Quartzite 46 50 55 (6) 13 20 30 (9) 

 
Table 80: PSV and LA values as reported in [110]. 

Note: L = lowest value measured, H = highest number measured, Av = average value determined from the indicated 
number of tested specimens. 

 

Until now we have discussed the influence of the aggregates on skid resistance but one might 
rightfully argue that when asphalt layers are just laid, all the aggregate particles will be covered 
with a bitumen film making the pavement look black. This bitumen film at the pavement surface 

will gradually wear off because of the action of traffic. This process is schematically shown in 
figure 348. 
 

 
Figure 348: Increase of friction coefficient in the early phase of pavement life due to wear of the 

bitumen film from the top of the wearing course [108]. 
 

The presence of this bitumen film implies that the initial skid resistance of wearing courses can 

be too low. This is overcome by gritting the surface with fine aggregate particles. Figure 349 
shows such a gritted pavement surface. 
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Figure 349: Gritted pavement surface for early skid resistance [111]. 

 
In [111] also some guidelines have been given with respect to the size and amount of gritting 
material.These guidelines are given in table 81. 

 

Size gritting material [mm] Maximum aggregate size 
wearing course  8 mm 

Maximum aggregate size 
wearing course > 8 mm 

1/3 ca 1 kg/m2 ca 1 kg/m2 

2/5 unsuitable ca 2 kg/m2 

 

Table 81: Guidelines for gritting material to provide initial skid resistance[111] . 
 

In time the grits and the bitumen film will be eroded and the aggregate particles at the top of the 

pavement will be exposed to traffic. 
All in all the development (decay) of skid resistance in time shows a pattern like indicated in 

figure 350. 

 
Figure 350: Schematic representation of the decay of skid resistance in time [108]. 
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We have discussed the initial roughening and polishing phase but what about the equilibrium 
phase? It has been shown that at a given moment, the polishing effect due to traffic becomes in 

equilibrium with the roughening effect due to climatic influences. Especially after winter periods, 
the pavement surface will show a rougher texture and a higher skid resistance. In the UK 
extensive research has been done to establish this equilibrium level. In [112] the following 

equation has been developed. 
 
MSSC = 0.98 * 10-2 PSV – 0.664 * 10-4 CVD + 0.033 

 
Where: 

MSSC = mean summer SCRIM coefficient, 
CVD = number of commercial vehicles per day. 
CVD = 0.97 – 0.385 * 10-4 F 

F = 24 hr average annual daily traffic flow 
 
Later on TRL showed in [113] that reality is a bit more complex and showed that the relation 

should be written as: 
 
MSSC = [A * PSV] – [B*ln(CVD)] + K.  

 
The constants A, B and K are related to the investigatory level which in its turn is related to the 
type of road and safety requirements for that type of road. In [113] it is stated that “the 

investigatory level is the MSSC below which investigation of the site and assessment of any need 
for remedial work is initiated” (is this the typical English way of saying in a complex way that 
these levels are the minimum acceptance levels?). The investigatory levels are shown in table 82. 

 

Site category 0.30 0.35 0.40 0.45 0.50 0.55 0.60 

A: Motorway  X      

B: Dual carriageway non event  X X     

C: Single carriage way non event   X X    

Q: Approaches to and across minor and 
major junctions; approaches to roundabouts 

   X X X  

K: Approaches to pedestrian crossings and 

Other high risk situations 

    X X  

R: Roundabout    X X   

G1: gradient 5-10% longer than 50 m    X X   

G2: gradient >10% longer than 50 m     X X  

S1: bend radius < 500 m dual carriageway    X X   

S2: bend radius < 500 m single carriageway     X X  

 
Table 82: Investigatory level at 50 km/h [114]. 

 

Table 83 shows the relation between the investigatory levels and the constants A, B, and K 
 

Investigatory level A * 10-3 B * 10-2 K 

0.35 6.18 2.25 0.252 

0.40 3.90 1.95 0.377 

0.45 2.94 1.70 0.407 

0.50 5.81 1.46 0.193 

0.55 4.73 0.98 0.231 

 
Table 83: Constants A, B and K in relation to the investigatory level [113]. 
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It is needless to say that these relationships are only valid for UK conditions, weather, traffic and 
types of aggregates used being the most important ones. Nevertheless the relationships provide 

a tool to estimate the equilibrium skid resistance in cases one is dealing with conditions which are 
more or less similar to the UK conditions. 
 

As we have seen so far, skid resistance is highly affected by the properties of the pavement 
surface and the speed of the vehicle. It will be obvious that also the water film thickness and the 
tire itself play are also important factors. From experience we know that driving on a very wet 

road with tires that don’t have any profile is a very dangerous thing to do. We also know that in 
formula 1 (F1) racing, the type of tire that is mounted on the race car depends on the weather 

type and road surface conditions. Typical F1 tires are shown in figure 351. 
 

 
Figure 351: F1 tires for different road surface conditions. 

 

We also know from experience that it is better to brake with a certain slip percentage than 
braking with blocked wheels. The car industry has anticipated on this by the introduction of ABS 
systems. Figure 352 shows an example of how all this affects the friction coefficient. 

 

 
Friction 352: Friction coefficient in relation to speed (vitesse) and slip percentage (taux de 

glissement) for a tire with a profile depth of 2mm, 1 mm water film thickness and TD = 0.5 mm. 
 

Figure 353 shows how profile depth, water film thickness and speed affect the skid resistance. 
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Figure 353: Influence of speed (vitesse), profile depth (sculpture) and water film thickness (eau) 

on the skid resistance at TD = 0.58 mm. 

 
Figures 352 and 353 clearly indicate that even when a road authority does the outmost to 
provide skid resistant roads, the road user still carries a high responsibility for her/his own safety. 

Too fast driving on a wet road with a car having tires with a (very) limited profile depth is putting 
your safety at risk. 
 

Until now we have discussed a large number of parameters influencing skid resistance but we 
haven’t discussed the fundamentals of skid resistance. So let us spend some words now on some 

fundamental issues. 
Skid resistance requires transfer of frictional forces and is provided through a complex interplay 
between adhesion and hysteresis forces. Here “hysteresis” is defined as the energy loss due to 

the deformation of the tire and “adhesion” is defined as the short term bond between atoms of 
the tire and the road surface. These principles are shown in figure 354. From this description it is 
clear that the tire indeed plays a very important role in skid resistance and, as mentioned before, 

this is very well understood by the Formula 1 and other high speed car races.  
Next to that we have the effect of water. As we have seen, a water film on the road surface will 
reduce the skid resistance. Therefore we need to provide drainage which can be achieved by 

means of the macro texture and by making the wearing course porous; also the grooves in the 
tire provide drainage. 
Figure 355 schematically shows what happens when a tire is rolling over a wet surface. It will be 

obvious that the actual contact zone decreases when the thickness of the water film increases, 
when the speed increases (water has no time to be pushed out of the contact area) and if the 
drainage by the pavement (macro texture) and tire (depthe of the grooves) decrease. If 

conditiosn are such that a water film develops underneath the entire tire, then we have a 
situation called hydroplaning in which it is impossible to control the car. Figure 356 is an excellent 
example of uncontrolled conditions in wet weather. 

 
At the end of this section on skid resistance the question is what kind of wearing course mixture 

will provide the highest skid resistance. We have seen that macro texture is important and that 
macro texture is controlled by the aggregate size. Wearing courses which are usually 50 mm 
thick (or even less) do not give much room to “play” with the maximum grain size in the mixture; 

usually the gradation is between a 0/8 and a 0/16 mm. In [111] it is recommended to use 
crushed sand instead of natural, rounded, sand and to “go” for a void content which is in the 
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middle to upper range of the allowable void content levels. Also a harder binder is advised and 
the bitumen content cq the VFB (voids filled with bitumen) should not be too high.  

It doesn’t need to be emphasized that in the design of wearing course mixtures also durability, 
crack resistance etc should be taken into account which might lead to e.g. lower void contents 
and higher bitumen contents. All in all this means that the wearing course mixture should be 

optimized in such a way that all requirements with respect to skid resistance, durability, crack 
and permanent deformation resistance etc are fulfilled as good as possible. Such an optimization 
dilemma is schematically shown in figure 357. 

 

 
 

Figure 354: Principles of skid resistance [108]. 
 
 

 
 

 
 

Figure 355: Effect of water, speed and tire profile on actual contact zone [108]. 



 357 

 
 

Figure 356: Wet weather skidding in F1 racing involving Alonso (foreground), Verstappen and 

Raikonen (red car on the right hand side). 
 

 
Figure 357: Impact of the void content V and the voids filled with bitumen VFB on the 

performance of SMA [108]. 
 

15.7 Noise and noise reducing pavement surfaces 

Traffic produces noise; at speeds below 50 km/h engine noise and noise due to e.g. loose cargo 

and the exhaust system is dominant but at speeds higher than 50 km/h tire noise becomes the 
dominating factor. The noise that is generated in the tire – road contact area is because the tire 
profile blocks “hit” the road and the aggregates at the pavement surface “hit” the tire. There 

exists a vast amount of literature on the topic of tire – pavement noise and this author did not 
even try to summarize all this. The interested reader is therefore referred to an excellent book on 
this topic by Sandberg e.a. [115] and to the very interesting PhD thesis by Li [105] which 

contains, among a lot of other things, an excellent literature survey on the topic. In spite of 
having such a vast amount of literature available on the topic, the author decided to repeat some  
basic principles as an introduction to the topic. 
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Sound consists of sound waves with a wide variety of wave lengths and pressure levels (see 
figure 358). 

 

 
 

Figure 358: Sound. 

 
The frequency of the sound wave determines the height of the tone. This implies that both 
pressure and frequency are important factors. We cannot hear the very high and very low tones 

(frequencies) but we can feel them as pain in the ears (very high tones) or vibrations in the belly 
(very low ones). The frequencies which we can hear we don’t hear them as equally loud; some 

frequencies we hear better than others. This is shown in figure 359 which gives the lines of equal 
loudness. 
 

 
 

Figure 359: Lines of equal loudness. 
 

Because there is a difference in terms of energy of 25 * 1012 between what we can just hear and 
what causes pain, we are using log scales to indicate the noise level. We calculate the ratio of the 
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log of the energy of the occurring changes in air pressure to the log of the energy at what we 
can just hear (see equation below). This ratio is expressed in decibels (dB). 

 
Leq = 10log{(1/T) (p2

eff / p
2
o) dt} 

 

As mentioned above, our ear is not equally sensitive to each frequency and therefore we apply a 
weighing factor; this results in the noise level in dB(A). Several weighing factors have been 
developed but the most commonly used one is the A filter resulting in dB(A). Some filter 

characteristics are shown in figure 360. 
 

 
 

Figure 360: Some filter characteristics used on measured sound levels. 

 
As a further introduction to the topic, a series of pictures (figure 362 a – i) is given hereafter 
which give an excellent summary on the production of noise and how to control and limit it. 

These pictures are copies from power point slides that were produced by dr. ir. Wim van Keulen, 
a Dutch renown expert in traffic noise. Dr. van Keulen also provided a lot of assistance and 
inspiration to Li’s work [105]. 

 



 360 

 
Figure 361a 

 
 

 
Figure 361b 
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Figure 361c 

 

 
Figure 353d 
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Figure 353e 

 

 
Figure 353f 

 

 
Figure 353g 
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Figure 353h 

 

 
Figure 353i 

 
All these different sources do produce sound at different frequencies. An overview of the sources 

and frequencies produced is given in table 84. 
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Table 84: Sound sources and frequencies produced. 
 

As pavement engineers we are of course mainly interested in which road surface characteristics 
are important for noise production and reduction. These characteristics are listed hereunder: 

- texture, 

- acoustic impedance, 

- friction,. 

- mechanical impedance. 

 
Texture causes the tire to vibrate; the aggregate surface in the wave length range of 1 – 20 mm 
has an influence on the individual profile blocks of the tire and wave lengths between 20 – 500 

mm cause the tire to vibrate. In general we can state that texture wavelengths greater than 10 
mm tend to increase noise excited by tire vibrations while wavelengths less than 10 mm tend to 
reduce noise from air pumping. Furthermore it should be mentioned that a negative texture is 

more favorable than a positive texture which produces more noise. The meaning of positive and 
negative texture is explained by means of figure 362. Furthermore we know from experience that 
the rougher the surface, the more noise is produced. So both texture depth and texture 

wavelength are important parameters. 
In the section on skid resistance we have shown that texture depth is measured by means of the 

sand patch method. This test doesn’t provide enough information to be of use for noise related 
purposes. Information on texture depth and texture wavelength can easily be obtained by means 
of laser measurements. Figure 363 shows the device as used by Li [105]. When a detailed picture 

of the pavement surface (figure 364) is obtained, various texture parameters can be calculated 
such as the MPD (see figure 365). 
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Figure 362: Positive texture (top, red profile) and negative texture (bottom, green profile). 

 
 

 
 

Figure 363: Laser profilometer and laser sensor as used by Li [105]. 

 

 
 

Figure 364: Example of a profile measurement showing negative texture. 
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Figure 365: Texture profile. 

 

The mean profile depth MPD is calculated via: 
 
MPD = [Peak level (1st) + Peak level (2nd)] / 2 – Average level 

 
The MPD and the TD measured with the sand patch method basically provide the same 
information and Xiao [116] showed that these two parameters could be related following:  

 
TDsand patch method = 0.647 + 2.146 * MPD 

 
[TD] = [MPD] = [mm] 
 

Based on signal processing theories, also spectral analyses can be performed for characterizing 
the profile. The amplitudes within a certain frequency band can be transformed into a unique 
indicator defined as texture profile level TL. TL is calculated following: 

 
TL = 20 * log (t,I / t,ref) 

 

Where: 
TL  = texture profile level at octave band with wavelength I (ref 10-6 m) [dB], 

I     = center wavelength of the octave band [mm], 

t,I  = root mean square value of the vertical displacement of the surface profile [m], 

t,ref  = reference value [ = 10-6 m].   

 
The root mean square value (RMS) value is calculated following: 

 
RMS = ( o

1m y2(x) dx) 

 

y = profile height  - MPD 
 
An example of such an analysis is given in figure 366. 
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Figure 366: TL values for a porous asphalt concrete (7.1) and nine thin noise reducing layers. 
 

The peak value in the curves appeared at a wavelength which more or less coincided with the 
maximum grain size of the aggregates in the mixtures. For the porous asphalt concrete (7.1) this 

was 16 mm, for mixture 2.1 it was 4 mm, for mixture P05 it was 8 mm and for all the other 
mixtures 6 mm. 
 

Acoustic impedance implies the following. The voids in an open road surface, the shape of the 
voids, the resistance the airflow experiences in the voids and the thickness of the layer determine 
the degree of absorption (acoustical impedance) and the position of the absorption peak in the 

frequency domain. This only holds if we are dealing with interconnected pores and we have seen 
earlier that such interconnected pores starts to develop in earnest at void contents larger than 
12%! Porous surface layers however are sensitive to clogging, a phenomenon which also has 

been discussed earlier, and because of that the effective thickness of the layer reduces which 
causes a change in the absorption capacity of the layer. 
Li [105] used a new type of device for measuring the acoustic impedance/noise absorption of in 

situ pavement surfaces, test slabs and cores. The device is developed by the Dutch company 
Microflown Technologies [117] and is based on measuring the sound pressure (P) and particle 
velocity (U) at the surface. The device is shown in figure 367. 

During the test the loudspeaker emits a continuous sound signal. The sound pressure (P) and the 
acoustical particle velocity (U) at the same point are measured simultaneously. From these 
results the acoustical impedance of the free field as well as the acoustical impedance close to the 

test specimen are measured. From these two measurement results the sound absorption is 
calculated. 

Figure 368 shows two examples of absorption characteristics of two different types of pavement 
surfaces. 
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Figure 367: Sound absorption measuring device as developed by Microflown Technologies. 
 

 
Figure 368: Absorption characteristics of a thin layer (25 mm) noise reducing surface (top) and a 

50 mm thick porous asphalt concrete layer. 

 
Li [105] showed that for thin layer noise reducing surfaces (h = 25 – 35 mm), the absorption 
level is strongly related to the void content and the degree of connectivity of the voids (see figure 

369). 
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Figure 369: Absorption coefficient of the first peak of the noise absorption characteristics of thin 

layer noise reducing surfaces in relation to the void content and degree of connectivity of the 

voids. 
 
Mechanical impedance is defined as being a measure of the ability of a structure to resist motion 

when subjected to a given force. It is calculated from the ratio of the driving force (F) acting on 
the system to the resulting displacement velocity of the system (v).  
 

Z = F / v 
 

Where Z is the mechanical impedance. 
 
One of the systems that is used to measure the mechanical impedance is shown in figure 370. In 

this system the load is generated by a hit of the hammer on the device standing on the 
pavement surface. This device contains a load cell and an accelerometer which measure the 
vertical acceleration due to the impact load. These values are used to determine the 

displacement velocity. 
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Figure 370: Method to determine the mechanical impedance. 

 
It will be no surprise that the mechanical impedance and the stiffness of a material are related to 
each other. This will be described in some detail later on. 

The effect of a low mechanical impedance can be explained as walking on the carpet which is 
placed on the wooden floor compared to walking on the wooden floor. Walking on the much 
softer carpet produces far less noise.  

The significant noise reducing effect a low mechanical impedance material can have, has led to 
the introduction of Porous Elastic Rubber Surfaces (PERS). PERS is made of rubber granulates 

from recycled tires and polyurethane is used as a binder; using rubber particles as aggregates 
makes the pavement surface much softer and make it behave like the carpet mentioned above. 
Experimental pavement surfaces have been produced with PERS tiles having a size of 1 * 1 * 

0.03 or 0.04 m. The void content is > 20 % and the initial noise reduction is around 6.9 dB(A). 
Figure 371 shows some pictures of the construction of a PERS wearing course in the Netherlands. 
It will be obvious that the joints between the tiles will open and close because of temperature 

changes and that these joints are also the reason for noise production when tires are passing 
them. A much better option therefore is to lay PER surfaces by means of the Roll Pave system 
that was developed by the Dutch contractor Dura-Vermeer. This system is shown in figure 372. 

 

 
 

Figure 371: Construction of a PERS wearing course in the Netherlands. 
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Figure 372: Roll Pave system as developed by Dura-Vermeer. 
 

Using the Roll Pave system layers were placed consisting of rubber and quartz granulates and a 

polyurethane binder. The thickness was 30 mm and the void content 30%. Noise reduction 
values of 6 – 8 dB(A) were achieved. The rolls are coming in lengths of 50 – 60 m and were 3.5 
m wide. Unfortunately this very promising development stayed in the development phase and 

large scale applications, except for a few trial sections, did not occur. 
 

Li [105] did resilient modulus tests on different types of pavement materials amongst which PERS. 
These results are shown in figure 373. 
 

 
Figure 373: Resilient modulus master curves at 20 oC for cement concrete, different thin noise 

reducing asphalt layers and PERS. 
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Figure 373 shows that at a frequency of 10 Hz, the thin noise reducing surface layers have a 
stiffness which is 10 – 30 times higher than that of PERS. From these data Li also developed a 

relation between stiffness and mechanical impedance;  this is shown in figure 374. 
 

 
Figure 374: Relation between resilient modulus at 500 Hz and the mechanical impedance. 

 

From figures 373 and 374 it is clear that it is almost impossible to construct a pavement layer 
with a low mechanical impedance using “normal” road building materials (stone aggregates, sand 
filler and bitumen). However, there is a saying “never say never” and another saying is “make 

the impossible possible” and these sayings also apply to developments in binder technology. Dr. 
Zhao Su e.g. has made some excellent developments in producing highly elastic, low modulus, 
very adhesive binders by making use of the components shown in figure 375. 

 

 
Figure 375: Binder developments made by Dr Zhao Su. 
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Some of the special features of these bitumen-epoxy-silane-filler mixtures are shown in figure 
376. 

 

 
Figure 376: Some features of bitumen-epoxy-silane-filler mixtures. 

 
The left hand upper picture e.g. shows a crack being initiated in the material by means of cutting 
it. The picture under it shows that the crack doesn’t propagate even when subjected to extreme 

bending. The bottom left picture shows how the beam with the cut came back into its original 
shape after a few seconds.  The center bottom picture consists of two parts. The left hand part 
shows a sample in a tension testing machine before loading and the right hand picture shows the 

large deformation that can be taken by the material without cracking. Figure 377 shows how this 
extremely flexible binder can be used for low noise open graded top layer mixtures.  
 

 

 
 

Figure 377: Bitumen-epoxy-silane-filler binder used in two layer noise reducing system. 

 
Figure 378 shows a picture of a porous asphalt concrete mixture made with this special binder. 
The very low modulus implies that the material has a low mechanical impedance and it will 

therefore have a very high noise reducing capacity. 
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Figure 378: Porous asphalt concrete made with a bitumen-epoxy-silane- filler binder. 
 

For the sake of completeness it should be mentioned that this special product has not yet been 
used in large scale road paving jobs. It has however been used in smaller projects like e.g. the 
construction of “silent” joints (e.g. joints between the pavement and a bridge). According to the 

author, this product should seriously be considered for being used in the construction of very 
silent and durable road pavements. 
 

Until now we have discussed what noise is, how human beings perceive it and which pavement 
characteristics affect the production of noise. But how do we measure traffic noise? Two methods 
will be briefly discussed which are the statistical pass by (SPB) method (figure 379) and the close 

proximity method (CPM) (figure 380). The SPB method is used to measure the noise generated 
by actual traffic. The CPM method is excellently suited to measure the noise produced by certain 
tires on specific surfaces and for measuring the reduction of the noise reducing capacity of 

pavement surfaces in time. 
By means of these measurements it has e.g. been determined that truck tires produce more 
noise than person car tires and that the tires on the drive axle of a truck are more noisy than 

those on the steer and trailer axles. It has also been shown that temperature and speed have a 
significant influence. 
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Figure 379: SPB method (statistische verwerking = statistical treatment, rijsnelheid = traffic 
speed, geluidniveau = noise level) 

 

 
 

Figure 380: CPM method.and CPM trailers. The top picture shows the inside of the trailer, note 
the microphones on the left hand side of the tire. 

 

 
Having all this information available, the question is what can we do with it as pavement 
engineers. How can we use all this information to design and produce low noise pavement 



 376 

surfaces? In order to be able to do this we need models that relate noise levels to pavement 
surface characteristics. Models which are capable to do this are developed by Sandberg [115] 

and are given hereafter.   
 
CRNLc = 0.5 L80 – 0.25 L5 – a (2 – T) – b ln ( h) + 67 

 
Where:  
CRNLc = combined pass by road noise level for cars [dB], 

L80 = texture level in the octave band with center at 80 mm texture wavelength [dB] in 
relation to the reference level of 10-6 m, 
L5 = as above but for a wavelength of 5 mm, 

T = age of the surface [years], 
a = constant = 0.8 when 0<T<2; = 0 when T2; = 0 for all surfaces with MPD > 1.0 mm, 

 = void content [%], 

h = layer thickness [mm], 
b = constant = 0 when h4.5; = 4.7 for 4.5<h<20; = 7 for h20.  

 

CRNLt = 0.35 L80 – 0.175 L5 – 0.7 a (2 – T) – 0.7 b ln ( h) + 81 – 0.2 [70 – 20 log (MPD / 10-6)] 

 
Where: 

CNRLt = combined pass by road noise level for trucks [dB] 
All other variables and constant as mentioned above 
 
Note: although Sandberg explicitly mentions that  is in volume percentage [%], this author expects however that  

should not be introduced as  20% but 0.2. This author assumes this because otherwise *h would almost always be  20. 

This would make using various “b” values for different *h values useless. 
 
Sandberg explicitly mentions that the levels obtained by means of these equations only can be 
used for comparative purposes and they allow to demonstrate the effect of texture and void 

content on the noise levels. He mentions that the models will aid in predicting the difference 
between road surfaces. He nevertheless also mentions that the obtained results will be in the 
range of typical SPB measurements. 

The equations nicely show that a relatively thick porous layer with a high void content and a fine 
texture will produce the lowest noise levels. Layers which are combining these features are 
double layer porous asphalt layers which will be discussed briefly hereafter. 

 
Two layer porous asphalt concrete consists mostly of a 30 mm top layer made of 2/6 or 4/8 mm 
aggregates and 6% polymer modified bitumen on top of a 45 mm layer made of 11/16 mm 

aggregates and 4.5% bitumen. The void content in both layers is > 20%. Figure 381 shows 
some results of CT scanning of a double layer porous asphalt core. 
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Figure 381: CT scan pictures of a double layer porous asphalt core. Right top is the top layer, 

right bottom is the bottom layer, left bottom is interface between top and bottom layer. 
 

The interface between the top and bottom layer can be a bit of a problem since in that region the 
pores of the coarse grained bottom layer might be filled with the grains from the fine grained top 
layer. Because of this the void content in this region can drop to around 15%. 

 
When different pavement surfaces are compared based on their noise production relative to a 
standard dense asphalt concrete layer with 0/11 mm aggregates and a void content of 3 – 5%, 

then we obtain the following ranking. 
 
SMA     - 2 dB(A) 

Porous asphalt concrete   - 3 a -5 dB(A) 
Double layer porous asphalt concrete - 6 dB(A) 
 

Figure 382 gives an overview of the noise production of various surface layers. It clearly shows 
the importance of a fine surface texture (twinlay) and a high porosity (twinlay and drain asphalt) 
for noise reduction. It also shows the effect of a positive texture (seal coat) on noise production. 

Seal coats do have a positive texture because the chips are spread on top of a hard surface. 
 

We have already presented the model developed by Sandberg which allowed the noise 
production of cars and trucks to be predicted from pavement surface characteristics. Also Li [105] 
has developed such a model for which he used data obtained from test sections in the 

Netherlands. In her research on noise reducing pavements, the Dutch Ministry of Transport 
constructed test sections of 9 different noise reducing wearing courses. Four of those sections 
were semi dense thin layer surfaces, 3 sections were laid with (double layer) porous asphalt, and 

2 sections were SMA sections Details of the sections are shown in table 85. 
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Figure 382: Noise production of wearing courses travelled by trucks. 
Note: Drain asphalt = porous asphalt concrete; Twinlay = double layer porous asphalt concrete. 

 

 

Section number 2 
TL 

3 
TL 

4 
TL 

5 
TL 

9 
PA 

15 
PA 

24 
PA 

19 
SMA 

20 
SMA 

Max. aggr. size [mm] 4 6 6 8 8 6 8 6 8 

Gradation 2/4 2/6 2/6 4/8 4/8 2/6 4/8 0/6 0/8 

Binder content by weight [%] 7.2 7.8 7.5 6.6 6.0 6.6 6.0 7.8 7.2 

Air voids [mm] 12 8 12 12 >20 >20 >20 4 5 

Thickness [mm] 25 25 25 25 25 25 25 20 25 

 

Table 85: Details of the noise reducing wearing course test sections as constructed by the Dutch 
Ministry of Transport. 

Note: TL = thin layer, PA = top layer of the double layer porous asphalt. 
Numbers given are the values as designed and NOT the values which were obtained from cores taken after construction. 

 
Each section was laid twice so there were 18 sections in total.  
 

The noise level produced by each section was determined by means of CPX measurements and a 
total of 10 different car tires was used. The measurements were done at a speed of 

approximately 80 km/h. Texture measurements and sound absorption measurements were 
performed as well. Figure 383 gives information about  the texture levels and figure 384 shows 
the measured absorption values. Figure 385 shows the average sound levels produced by 10 tires. 
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Figure 383: Texture levels of the test sections. 

 
 

Figure 384: Absorption levels of the test sections. 
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Figure 385: Sound levels measured on the test sections. The sound levels reported are the 

average values as measured using 10 different car tires. 
 

Based on the data obtained on ALL sections Li [105] developed the following model for the 

prediction of noise due to car tires from surface layer characteristics. 
 
LA,eq = 92.25 + 0.33 MS – 0.06  - 0.07 h + 2.27 MPD 

 
Where: 
MS = maximum grain size [mm], 

 = void content, 

h = layer thickness [mm], 
MPD = maximum profile depth. 

 
For the THIN noise reducing surfaces ONLY, the equation was: 
 

LA,eq = 79.9 + 0.35 TL63 – 1.79 A 
 
Where: 

TL63 = texture level at 63 mm wavelength 
A = maximum absorption level 

 
Li furthermore showed that TL63 could be estimated using: 
 

TL63 = 19.39 + 2.85 MS + 0.19  

 
Li’s equations show the same trends as those produced by Sandberg being that a small texture 

depth, a high void content and an as large as possible void content produce the lowest noise 
producing pavement surface. 
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Sandberg showed that complying with these requirements will not negatively affect the skid 
resistance. We have seen however that mixtures with high void contents might suffer from 

durability issues because of increased moisture sensitivity, increased sensitivity to hardening of 
the binder and simply because of reduced strength. This later aspect makes porous layers less 
applicable for situations where high shear stresses may occur (junctions, corners etc).  

 
Finally a few comments need to be made with respect to the construction of porous layers. The 
mixture should not be too cold when laid because this might result in over-compaction because 

the required density need to be achieved. Too heavy compaction might result in crushing the 
aggregates which enhances the moisture sensitivity of the mixture. Furthermore static rollers 

should be used instead of vibratory rollers because “hammering” the pavement surface by means 
of vibratory rollers might again result in crushing the aggregates. 
Thin layers are always sensitive to a rapid cooling down which makes the time window for 

compaction rather narrow and can negatively affect the quality of the thin layer mixture. This 
once again implies that these mixtures should be laid and compacted at the right temperature. It 
should never be forgotten that laying down porous mixtures, and especially thin layer mixtures, is 

a kind of a specialty and will only be accomplished correctly when skilled and dedicated paving 
crews are doing the job. It are not “fool proof” products. 
 

Later on some construction issues and especially the variability due to construction will be 
discussed in greater detail. 
 

15.8 Road roughness 
In the previous sections we have discussed how short wave unevenness influences skid 

resistance and noise production. In this section we will discuss how longer wavelengths and 
larger amplitudes affect pavement roughness and riding comfort. Figure 386 gives a nice 
overview of the wavelength ranges which affect skid resistance, noise and riding comfort. 

 

Figure 386: Relation between wave lengths of surface unevenness and functional properties. 
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As we know, riding comfort is affected by short and long wave roughness. A typical example of 
short wave roughness are the corrugations which we sometimes observe at traffic light controlled 

junctions and crossings (see figure 387). Such corrugations are caused by the shear stresses due 
to accelerating and decelerating vehicles in combination with insufficient stability of one or more 
of the asphalt layers (predominantly wearing and binder course).  

 

 
 

Figure 387: Corrugations, also called washboards, at a traffic light controlled junction. 
 

Corrugations are also a well-known defect type on gravel roads (see figure 388). In this case 
they are formed due to the high frequency vibration of the tire walls (approximately 30 Hz) and 
instability of the gravel probably due to a lack of fine materials. 

 

 
 

Figure 388: Corrugations in a gravel road. 
 

Long wave unevenness can be caused by a swelling clay subgrade (see figure 389) or uneven 
settlements in the weak subsoil (see figure 390). It is interesting to notice that these soil related 
effects (swell and settlement) result in the same type of unevenness.  
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Figure 389: Unevenness due to an uneven swelling clay subgrade. 

 

 

 

 

 

 

 

 

 

 

Figure 390: Unevenness due to uneven settlement of the weak subgrade. 
 
There is a rough rule of the thumb that says that the depth of the layers which are causing the 

unevenness is about half of the wavelength of the unevenness. This implies that corrugations at 
traffic light controlled junctions is often not due to instability of the top layer but to instability of 
the binder layer underneath the wearing course. 

 
When driving over rough roads, the driver and her passengers are experiencing vertical and 
horizontal accelerations of certain magnitudes and frequencies. Human beings are not equally 

sensitive to each frequency; this is shown in figure 391 where the ISO lines are given for the 
vertical accelerations and frequency which cause driver fatigue after a certain period of time. The 

graph shows that we are most sensitive for frequencies between 4 and 8 Hz. This implies that 
when driving at 72 km/h (20 m/s) and we ignore the effect of the car, we are most sensitive for 
wavelengths between 18 and 9 m (we recall: v (speed) = f (frequency) *  (wavelength)). The 

accelerations we experience depend of course not only on the wavelenghs and amplitudes of the 

pavement roughness and the speed by which we are driving but also on the characteristics of the 
car.  

As we also know, pavement roughness is seldom caused by one single wavelength (in asphalt 
pavements corrugation in front of traffic lights are an exception), but is composed of a large 
number wavelengths with various amplitudes. Long waves will have large amplitudes while short   
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Figure 383: ISO lines for driver fatigue. 
 

waves will have small amplitudes. Roughness is therefore characterized by so called Power 
Spectral Density (PSD) curves and we will explain their meaning hereafter. 
 

From signal analyses we know that an important parameter in characterizing the signal is the 
energy contained in the signal. This principle can also be applied on road roughness following. 
 

E = o
L y2(x) dx 

 
Where: E = energy, 

 y(x) = height of the profile as a function of the distance x, 
 L = length of the section considered. 
 

Because E is dependent on the length of the road considered, it is not very useful to compare the 
roughness of different roads based on E. Therefore we define the power P which is determined 

from: 
 
P = E / L 

 
By means of Fourier analysis when can decompose the road profile into a set a sines with 
different wavelengths and amplitudes and we can determine for each wavelength the value of P. 

This results into a PSD curve an example of which is given in figure 392. 
 

http://wholebodyvibrator.com/wp-content/uploads/2014/06/ISO-2631.png
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Figure 392: Example of a Power Spectral Density (PSD) curve as determined for a specific 

pavement (in this case a concrete block pavement). 
 

It is common practice to describe the PSD curve with a straight line following: 

 
P() = P (o) * ( / o)

n 

 

Where: P() = power density at wavelength , 

 P(o) = power density at reference wavelength o. 

 o = reference wavelength often taken as 5 m. 

 

In many references the power density is indicated by A so the equation becomes: 
 
A() = A (o) * ( /o)

n  

 
The question now is how do we measure the road profile? Nowadays high speed profilometers 
using laser techniques are available for doing this. Figure 393 shows such a high speed 

measuring device which measures the longitudinal road profile but also the transversal profile by 
means of the lasers attached to the beam mounted in front of the car. The vehicle shown in 
figure 393 is also equipped with a laser crack measuring system and high definition cameras 

allowing the measure in one run and at high speed the entire pavement condition. 
 

These sophisticated pieces of equipment were not available in the “old” days (let say 50 years 
ago). Remember that when we were discussing the AASHTO empirical design method in the 
beginning of these notes, we were introducing the present serviceability index (PSI) concept 

which was a number between 0 and 5 representing the quality of the road as experienced by the 
road user, with 5 being the highest quality. The psi was determined following: 
 

PSI = 5 – 1.91 * log (1 + SV) – 0.01 * (C + P) – 1.38 RD2 

 
Where: SV = the variance in the measured slope values of the road profile in 10-6 rad2, 

 C + P = amount of cracking and patching, 
 RD = rut depth.  
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Since the PSI is representing the quality of the road as experienced by the road user, it will not 
be a surprise that the road roughness component in the equation was by far the strongest 

explaining variable Therefore also an equation has been developed which predicts the PSI using 
only the slope variance. This equation is: 
 

PSI = 3.27 – 1.37 * (log SV – 0.78) with [SV] = [10-6 rad2] 
 

 
 

Figure 393: High speed measuring device for road profile measurements and crack detection. 
 

The slope variance SV was measured during the AASHTO road test with the CHLOE profilometer 
which is shown in figure 394. 
 

 
 

Figure 394: CHLOE profilometer as used during the AASHTO road test. 
 

The principle of the CHLOE profilometer is shown in figure 395, while figure 396 shows an 

example of the recorded test results and figure 397 shows the chart reader. 
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Figure 395: Principle of the CHLOE profilometer. 

 

 
 

Figure 396: An example of the recorded tests data. 
 

 
 

Figure 397: Chart reader.  
 
There should be a relationship between A(o) and n on one hand and the SV on the other. This 

relationship is: 
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SV = 25.046* n-0.574 * A(o) – 4.149 E-7 * n2 + 5.5734 E-7 * n -2.481 E-7 

 

With: [SV] = [rad2] and [A(o)] = [m] and o = 5 m 

The equation was derived based on data given in [118] and is valid for 0.25  n  1.25. 

 
From Stenschke’s data [118] also a relationship between the PSI on one hand and A(o) and n on 

the other was derived which is: 
 
PSI = -7.22 + 1.124 * ln (n) + (0.079 * n – 0.771) * ln A(o) 

 
It should be noted that Stenschke calculated the PSI using: 
 

PSI = 5.0 – 1.91 * log (1 + SV)  
 
Stenschke claimed that the PSI is mainly controlled by A(o) and simplified the equation to: 

 
PSI = -7.752 – 0.71 * ln A(o) 

 

Since ln(X) = 2.303 logX we can also write PSI = -7.752 – 1.635 log A(o) 

 
At the high PSI values (around 4.4) the accuracy is  0.2. In the middle range 3.03 < PSI < 3.78 

the accuracy is  0.3 and for lower PSI values (< 2) the accuracy is  0.4. 

 
It should be noted that Genschke the PSI using: PSI = 5.0 – 1.91 * log (1 + SV) when setting up 
his data base. 

 
Since both the PSD and PSI don’t give information on the response of a vehicle when driving over 

a rough road and because PSI is not a feasible number to represent roughness of very poor 
roads as one will encounter in developing countries, the World Bank developed the so called 
International Roughness Index parameter (IRI). This parameter represents the movements of a 

quarter car vehicle model driving at 80 km/h over the pavement. The quarter car model is shown 
in figure 398 and figure 399 shows the IRI scale. 
 

 
Figure 398: Quarter car model to calculate IRI. 

 
Several relationships have been developed between IRI and PSI and Paterson [3] recommends 

the following to be used. 
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IRI  5.5 ln (5 / PSI) 

 

 
Figure 399: IRI scale 

 
The IRI is a very important parameter in the Highway Design Model that was developed for the 

World Bank. This model allows to select the most economical structure based on road geometry, 
pavement thickness, climate construction and maintenance costs as well as vehicle operating 
costs. It will be no surprise that the IRI level highly affects traffic speed and vehicle operating 

costs (fuel, tires, maintenance etc). These influences are shown in figures 400 and 401. 
 

 
 

Figure 400: Relationship between IRI and traffic speed. 
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Figure 401: Relationship between IRI and vehicle operating costs. 

 
Pavement roughness of course also influences the dynamic axle loads. Speed and the car 

characteristics are of course other important parameters affecting dynamic wheel loads. 
Stenschke [118] e.g. used the half car model shown in figure 402 for analyzing dynamic wheel 
loads. The model parameters are given in table 86. The values shown in table 86 are valid for a 

“norm” passenger car and derived from 6 actual passenger cars that were in use in Germany in 
the 1970’s.  

 

 

 
 

Figure 402: 2D car model used by Stenschke in his simulations.  
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Table 86 also shows the vehicle parameters as used by Sweere [136] in his analysis on the 
effects of road roughness on dynamic truck axle loads. Basically Sweere used the same model 

but changed the vehicle parameters. 
 

Parameter Stenschke 
person car 

Sweere 
empty truck 

Sweere 
laden truck 

mA [kg] 903 5500 12447 

J [kg * m2] 1066 9640 28300 

mR,V [kg] 63 800 800 

mR,H [kg] 77 1300 1300 

cA,V [N/mm] 19.6 430 430 

cA,H [N/mm] 30.6 700 700 

dA,V [Ns/m] 1969 30000 30000 

dA,H [Ns/m] 3339 30000 30000 

cR,V [N/mm] 280 1500 1500 

cR,H [n/mm] 324 4000 4000 

lV [mm] 1283 1020 2240 

lH [mm] 1228 2180 960 

Front axle load [kg]  3053 4547 

Rear axle load [kg]  4550 10000 

 
Table 86:Values of the parameters by Stenschke in his model and those used by Sweere.  

 
Based on these values Stenschke derived the following equation to estimate the ratio of dynamic 
axle load (Pdyn,eff) over static axle load (Pstat): 

 
Pdyn,eff / Pstat = 0.476 + 0.068 * log {A(o)} – 0.23 * n + 0.003 * V 

 

Where: Pdyn,eff = (1/L * 0
L Pdyn

2 dl)  

[A(o)] = [m] 

 V = vehicle speed [m/s] 

 
When we substitute PSI in the equation instead of A(o) (see relation between PSI and A(o) 

given earlier) we obtain: 
 

Pdyn,eff / Pstat = 0.265 – 0.0416 * PSI – 0.23 * n + 0.003 * V 

 
These equations hold for passenger cars and as mentioned earlier Sweere did similar studies for 

trucks. As input he used the PSD spectra as were measured on several provincial roads in the 
Netherlands. He arrived to the conclusion that at a speed of 31.5 km/h there was hardly a 
difference between the dynamic respons of the empty and laden truck. At 63 km/h there was a 

big difference between the respons of the empty and laden truck. For the “63 km/h laden truck” 
case and the “31.5 km/h empty and laden truck” cases the respons was mainly determined by 

the rear axle movements while for the “63 km/h empty” case the respons was mainly determined 
by the movements of the rear axle and the body of the car. 
Based on his analyses Sweere could develop the following equations for the standard deviation 

() of the axle load at 63 km/h. 

 
laden  = 0.302 + 0.057 * SV – 0.0008 * SV2 

empty  = 0.611 + 0.164 * SV – 0.0036 * SV2 
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Similar results were obtained by Huurman [66] in his research on the performance of concrete 
block pavements, a pavement type where “roughness” is the most important type of defect 

together with permanent deformation. For a slightly different truck configuration Huurman 
arrived to: 
 

log  = -0.5184 + 0.4075 * log SV 

 
Where: 

 = standard deviation of the dynamic axle load (100 kN static) of a two axle truck 
driving at 63 km/h, 

 SV  = slope variance [rad2] of the road profile multiplied with 106 
 
It will be easy to understand that the characteristics of the car (tire pressure, spring – suspension 

system, resonance frequency etc) have a very large effect on the dynamic response of a vehicle. 
A typical frequency response curve is shown in figure 403. 
 

 
Figure 403: Response of a vehicle to various frequencies. 

 
Figure 403 shows a response peak at around 2 Hz which is due to the vibrations of the body of 
the vehicle while the peak at around 10 Hz is due to vibrations of the axle. The stiffness of the 

shock absorber will highly affect the magnitude of the peak values of the dimensionless gain 
parameter shown in figure 401; a better damping will reduce these peak values. Effects of spring 
stiffness and shock absorber on the performance of a concrete block pavement have been 

investigated by Huurman [66]. A block pavement consists of a top layer of concrete blocks (with 
dimensions length * width * height = 200 * 100 * 80 mm) which are laid on a thin bedding sand 
layer which rests on a base course. Roughness and permanent deformation are the main defect 

types observed on those pavements. In interesting aspects of these pavements is that the 
stiffness of a well designed and constructed block pavement increases with time and number of 
load repetitions. Huurman investigated what the performance of a well designed and constructed 

block pavement would be when it would be loaded by trucks with a too high spring stiffness or a 
too low shock absorber stiffness. The results are shown in figure 404. 
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Figure 404: Roughness development of a well designed and constructed block pavement when 
loaded with well-maintained trucks (100 kN standard) and by trucks with a too stiff spring system 

(100 kN, 2 * k) or a too low shock absorber stiffness (100 kN, c / 3). 

 
From the material presented in this section on road roughness it has become clear that well 
maintained roads as well as well-maintained cars and trucks have a very large effect on driving 

comfort, dynamic axle loads and pavement performance. 
 
We have seen that in the PSI equation pavement damage like cracking and permanent 

deformation only play a minor role. It is the slope variance that has by far the biggest effect on 
the PSI. So the question then is to what extent the PSI is affected by surface damage types. An 
excellent study on this was done by Jain [119] who reanalyzed the AASHTO data and concluded 

that the change in slope variance is very much controlled by the change in the amount of 
cracking, patching and permanent deformation following: 

 
Arctan log(1 + SVi - SVo) = constant + [log (1 + Ci * Pi)]

2 

 

Where: SVo = initial roughness, 
 SVi = roughness at time i, 
 Ci = amount of cracking at time i, 

 Pi = amount of patching at time i. 
 
The World Bank [3] produced the following model which shows how ride quality is affected by 

pavement damage: 
 
RIt = 134 * emt * SNCK-5.0 * NE4 + 0.114 * RDS + 0.0066 * CRX + 0.003 * Hp * PAT + 

0.16 * VPOT + m * RIt * t  

 
Where:  

RIt = increase in roughness over time period t [m/km IRI], 

RIt = roughness at time t [m/km IRI], 
RDS = increase in standard deviation of rut depth of both wheel paths [mm], 

CRX = increase in cracked area [%], 

PAT = increase in patched area [%], 
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t = incremental time period [years], 

NE4 = incremental number of ESAL’s (80 kN) in period t [million ESA’s/lane], 

SNCK = 1 + SNC – 0.0000758 * H * CRX, 
SNC = modified structural number [mm], 
H = thickness of cracked layer [mm], 

CRX = area of cracking [%], 
Mm = environmental coefficient = 0.012 * RG, 
RG = regional factor = 0.1 * (elevation [1000 ft] + rainfall [inch/year] + temperature/freeze 

cycle zone (1 to 9)) 
VPOT = increment in the volume of open potholes [m2 / lane / km] 

Hp = average rectified potrusion of patch repairs above or below surrounding surface [mm].  

 
The equation shows that many factors influence the development of roughness and that cracking 
only has a limited influence; environmental factors, age and deformations on the other hand 

have a significant influence; all this is shown in figure 405. 
 
 

 
 
 

 
 
 

 
 
 

 
 

 
 
 

 
 
 

 
 
 

 
 
 

 
 
 

 
 

 
 
 

 
 
 

Figure 405: Effect of potholing, cracking and patching, deformations, enivronmental factors and 
age on roughness developement. 
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16. Thickness design systems 
 

16.1 Introduction 
In the last decades many computerized thickness design systems have been developed which 

calculate e.g. the required asphalt thickness needed to carry the design traffic. Nice examples of 
such systems are the SPDM system as developed by Shell, KENLAYER as developed by dr Huang 
and available via his book Pavement Design and Analysis [70], and FPS-21 developed by 

researchers of the Texas Transportation Institute for the Texas Highway Department. Also the 
Australian APDS (specially developed for airport pavement design) and the 3DMove package, 

developed at the University of Nevada at Reno, should be mentioned as well as the suit of 
programs developed by F(ederal) A(viation) A(uthority). Last but certainly not least the 
M(echanistic) E(mpirical) P(avement) D(esign) system as developed for AASHTO deserves special 

attention. Some of these systems are based on multi-layer linear elastic analyses, others do 
include visco-elastic analyses and some allow finite element analyses to be made.  
 

It is far beyond the scope of these lecture notes to discuss these and all other available design 
systems in detail and the reader is therefore strongly suggested to surf on the web for pavement 
design freeware and to try some of these programs to find out which program is the most 

preferable one for his specific situation.  
It will be clear that research institutes and specialized consulting firms will require more 
advanced software than those users who just want to have an idea about the thickness required 

for their pavement network.   
In general all these programs require input on the expected traffic loads, the expected 
temperature variations during the year, and the characteristics of the materials used. The 

required information can be very detailed e.g. in terms of nr. of axles per axle load group, wheel 
configurations and contact pressures, or can be rather general in terms of expected number of 
equivalent single wheel loads. Transfer functions for e.g. the fatigue of the asphalt layer can be 

defined by the user her/(him)self or can be selected from a material library. The required asphalt 
thickness is either automatically generated or should be selected by the user himself. 

Hereafter short introductions to the SPDM system, FPS-21, KENLAYER, 3DMOVE and AASHTO’s 
MEPD will be given. Attention will also be paid to the French and Dutch design system since they 
include an interesting approach to including probabilistics and risks of failure. Furthermore the 

South African pavement design catalogue TRH4 [127] (similar systems are still in use in many 
other countries) will be presented as well as some aspects of the Highway Design Model (HDM) 
developed for the World Bank .  

First of all however we will discuss to what extent we are able to predict pavement performance 
and if so how detailed such predictions should be. 
 

16.2 How accurate are our pavement performance 
predictions? 
Can we accurately predict pavement performance? No we cannot! This answer will certainly be 
criticized by researchers who did excellent work in developing design systems like AASHTO’s 
MEPD which claim reliable performance predictions can be made. The reason why this author 

believes that such accurate predictions cannot be made is because we are dealing with too many 
unknown variables. Future traffic and climate e.g. are parameters that are hard to predict even if 
an excellent data is available on how traffic and climate has developed in time. Furthermore even 

if one does extensive laboratory investigations to determine mixture properties one should realize 
that the mixtures that are laid in practice do have different properties because lab production and 

compaction are not simulating what happens in practice. Another important aspect that hinders 
predicting pavement performance is the high variability in material characteristics that occur in 
practice. This variation is caused to some extent by the (lack of) workmanship of the contractor 
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but also because the specifications themselves allow a large amount of variation to occur. The 
last aspect that needs to be mentioned is the fact that our models are simply not good enough. 

In most design systems stresses and strains are calculated assuming linear elastic behavior but 
the question is whether this assumption is still valid when damage starts to initiate. We also 
calculate the fatigue life of an asphalt layer by using the maximum tensile strain as input in a 

laboratory determined fatigue relation. So we are simplifying the effects of complex 3D 
stress/strain conditions into 1D conditions (by only taking into account the maximum tensile 
strain we ignore the effect of the two other principal stresses and strains) and we are using a lab 

determined fatigue relationship which is not really simulating what happens in the pavement. A 
discussion on the effect of simplifying the real 3D stress/strain conditions into 1D conditions on 

fatigue, as well as the influence of simplifying the wheel load is given in appendix A. 
Furthermore we have seen that trying to correlate cracking which is visible at the pavement 
surface to the amount of fatigue cracking expressed by means of Miner’s ratio n/N calculated 

from the maximum tensile strain at the bottom of the asphalt layer (bottom up fatigue) is a tricky 
thing to do because cracking visible at the pavement surface may, as we have seen, also be due 
to many other factors than bottom up fatigue. We have even seen that in many cases cracking 

visible at the pavement surface has very little to do with bottom up fatigue. 
All this implies that we need calibration factors of significant magnitude to match predictions with 
observations but even then we are not very successful in making accurate performance 

predictions. Figure 406 and 407 are examples of how (un)successful we are with our predictions 
on fatigue cracking. 
 

 

 
 

Figure 406: Relation between Miner’s number n/N and percentage of wheel path cracking as 

determined in the SHRP-NL project in the Netherlands. 
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Figure 407: Relation between amount of cracking visible at the pavement surface and the log of 

Miner’s number according to AASHTO’s MEPD. 
 

Figure 406 e.g. shows that many pavements showed already extensive cracking before the n/N 
ratio (ratio of applied number of load repetitions over allowable number of allowable number of 
repetitions) reached the value of 1. Figure 407 shows that one might between 0 and 20% 

damage in case n/N =1 and between 0 and 50% damage when n/N = 10 (log n/N = 1). 
 
Hereafter just one other example will be given to show that it is very difficult to match predicted 

performance with observed performance. Groenendijk [23] and Pramesti [38] analyzed the 
performance of three APT sections that were built at the outside facilities of the Lab for Road and 
Railroad Research of the Delft University of Technology. Details of the three sections are given in 

table 87. 
 

Section name Asphalt thickness [mm] 
Asphalt 
mixture 

Load characteristics 

    I 150 (80+70) GAC 
super single F = 75 kN,  

p = 950 kPa 

 
VA          

80 GAC 
super single F = 75 kN,  

p = 950 kPa 

 
VB 

 
80 GAC 

super single F = 50 kN, 
 p = 700 kPa 

 
Table 87: Details of the Delft University APT sections. 

 

Figure 408 shows the probability of failure curves based on Miner’s ratio n/N and reduction of the 
asphalt stiffness to 50% of its original value and the percentage of cracking visible at the 
pavement surface. The number of load repetitions to failure as well as Miner’s number was 
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calculated as follows. First of all, temperature classes were determined and for each temperature 
class the stiffness of the mixture was determined. Then the tensile strain at the bottom of the 

asphalt layer was calculated and the allowable number of load repetitions was determined using 
the fatigue relation that was determined for that temperature using the Beam On Elastic 
Foundation (BOEF) test (for details of this test see section on fatigue). Miner’s number for that 

temperature class was determined by dividing the actual number of load repetitions that were 
applied at that temperature by the estimated fatigue life. It should be noted that for each 
temperature class the tensile strain was calculated using the stiffness modulus valid for the 

occurring temperature and loading time but ignoring any possible reduction in modulus because 
of damage development that might have taken place during the load applications. In the analysis 

lateral wander of the wheel was taken into account as well as variation in fatigue characteristics. 
The amount of cracking was determined by placing a grid with a size of 100 * 100 mm on top of 
the pavement surface and counting the number of grid cells which contained a crack. The 

percentage cracked area was then calculated using: 
 
Percentage cracked area = number of grid cells containing a crack / total number of grid cells. 

 
The reduction of the stiffness modulus was determined using the stiffness values that were back 
calculated from deflection measurements. The probability curve for the lifetime based on stiffness 

reduction is based on the variation in the back calculated stiffness’s in the particular section. 
 
When observing the results shown in figure 408, we again notice that there is a poor agreement 

between the predicted lifetime and the amount of cracking that was observed at the pavement 
surface. Furthermore most of the cracking was surface cracking and the question then is “was 
there any bottom up fatigue?”. Let us start with having a view of how the pavement sections 

looked like at the end of the test. 
 
Figure 409 shows the extent of cracking on each of the sections after completion of the test. The 

blue dots in the pictures indicate the location of the strain gauges that were placed at the bottom 
of the asphalt layer; DT indicates the strain gauges in the transverse directions while DL indicates 

the gauges in the longitudinal direction. 
 
Figure 410 shows how the longitudinal and transverse tensile strains measured in section I 

developed with the number of load repetitions. This figure shows that only 4 gauges out of 8 
(DL1, DL3, I-DT-1 and I-DT-4) measured an increase in tensile strain as a function of the number 
of load repetitions. These strains took such high values that fatigue certainly must have occurred 

at those locations. The other strain gauges measured a more or less constant value. 
It is interesting to note that although I-DT-4 measured very high strains, hardly any damage at 
the pavement surface was visible at that location. This again emphasizes the complexity of 

matching theoretical results with practical observations. 
 
 

 
 
 

 
 

 
 



 399 

 
(a) 

 

 
(b) 

 

 
(c) 

 

Figure 408: Performance of the three Delft University APT sections [38]. 
(a) = section I, (b) = section VA, (c) = section VB 
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Figure 409a: Crack pattern of section I after 4 Million cycles. 

 

 
 

Figure 409b: Crack pattern of section VA after 650 kilocycles. 

 

 
Figure 409c: Crack pattern of section VB after 1722 kilocycles. 

 

In spite of all these complexities, AASHTO’s MEPD software allows to make performance 
predictions like the ones shown in figure 403. As is described in the manuals which come with 
the design system (e.g. [31]), the designers have to collect values for a lot of input parameters. 

The input not only implies material characteristics and traffic but also moisture conditions, aging, 
temperature, temperature distributions over the height of the asphalt pavement, etc. Graphs like 

those shown in figure 411 give the impression that the amount of rutting (permanent 
deformation) will be 12 mm after 10 years (120 months) for pavement “AC flex S-1 T-4 Pen” and 
about 10.5 mm for pavement “AC flex S-1 T-4 PG”. This seems a very accurate and precise 

prediction but this author claims that, because of the reasons mentioned above, the actual rut 
depths after 12 months will be different than the ones predicted. 
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(a) 

 

 
(b) 

 
Figure 410: Increase in longitudinal and transverse strain in section I in relation to the number of 

load repetitions. 
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Figure 411: Examples of performance predictions as produced by AASHTO’s MEPD software. 

 
To some extent this author rates pictures like these as misleading because from his experience 
he knows that users of such design systems and especially clients tend to believe that “the 

computer is telling the truth and nothing but the truth” and don’t realize that these predictions 
are just an estimate which have a certain degree of uncertainty. He therefore strongly prefers a 
design system that tells the user/client what the chance is that a certain amount of permanent 

deformation would be after a certain a number of years, which would be the most important 
factors influencing permanent deformation. Then it could be decided which would be the factors 

that really can be controlled by the contractor and which factors are “uncontrollable by both the 
designer and the contractor”. Traffic, climate, model errors are amongst those “uncontrollable” 
factors. This information is of vital importance especially when pavements do not perform as 

expected since then it needs to be determined to what extent this is due to the contractor, the 
designer or whether it is simply due to factors which are beyond the control of the designer and 
contractor. 

This author is therefore of the opinion that a probabilistic approach to pavement design is 
essential. 

 

According to this author, the strength of the available design systems is not so much in making 
performance predictions like those shown in figure 411, but the possibility to make relative 
comparisons of the lifetime of different structures, to make relative comparisons of the effect of 

using different materials with e.g. different fatigue characteristics  and the possibility of 
answering “what - if questions”. Such questions could involve questions like “what would  be the 
relative improvement in fatigue life if the mixture composition is changed?” and “what would be 
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the relative decrease in pavement life when specifications are not met?”. The question is whether 
advanced systems like AASHTO’s MEPD are really needed to answer these questions or whether 

“simpler” design systems can do such a job. This will be discussed in some detail later on but first 
we will present some pavement design systems. 
 

16.3 Pavement design systems 
The basic principles of how pavement design systems arrive to a prediction of pavement life are 

shown in figure 412. Depending on the system, the traffic loads are introduced as a number of 
equivalent axle loads with a standard, fixed wheel configuration and a fixed contact pressure. 
Other systems allow to input a full axle load spectrum with different axle load configurations and 

contact pressures. Most systems model the wheel load contact area with a circular area assuming 
the contact pressure is equal to the tire pressure. Only a few systems allow careful modelling of 
the contact area and contact pressure depending on the type of tire, tire load and tire pressure. 

 

 
 

Figure 412: Principle of a mechanistic analysis on fatigue cracking. 
 
In the “simple” design systems, material characteristics are input as single representative values 

while other systems allow to define “periods” during which the material characteristics (modulus 
and fatigue characteristics) take particular values. Such periods could be seasonal periods 
including freeze and thaw periods. 

Some systems model the stiffness of granular materials and soils with an “elastic modulus” while 
other systems take into account the stress dependent nature of such materials. 
Most systems are based on elastic layer theory while a few systems allow the asphalt layers to be 

modelled as visco-elastic materials. 
Furthermore some systems do calculate the lifetime of a pavement given the input values for 

traffic, material characteristics, layer thicknesses etc, while other systems include an iteration 
procedure which results in the required thickness of e.g. the asphalt layer given the projected 
amount of traffic. Some systems allow performance predictions to be made like those shown in 
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figure 411 and a few systems take into account probabilistics implying that the input values show 
a certain amount of variation.  

One must keep in mind that in a number of countries the AASHTO empirical design method, 
which was discussed in the beginning of these lecture notes, is still used. In other countries the 
Highway Design Model as developed by the World Bank for use in developing countries needs to 

be used for projects sponsored by the Bank. 
Finally it should be mentioned that a number of countries are using catalogue type of design 
systems. 

 
All in all it is clear that there is a wide variety of models available and the user should inform 

her/himself well before picking the one which suits her/his requirements. 
 
In the remainder of this section the following design systems will be discussed briefly. 

- SHELL SPDM, 

- FPS21, 

- KENLAYER, 

- AASHTO MEPD, 

- 3DMOVE, 

- French desig system, 

- Dutch design system, 

- Catalogue system used in South Africa, 

- Highway Design Model developed for the World Bank. 

 
16.3.1 SHELL pavement design software 
The Shell pavement design software, the principles of which are discussed in [28] and [29, allows 

the user to determine the required asphalt thickness given the traffic load, the mean monthly air 
temperature, the stiffness of the subgrade and the stiffness and thickness of the base layer. 

Furthermore the volumetric composition of the asphalt mixture can be used as input as well as 
the pen and Tr&b of the bitumen used. The user can select his own fatigue criterion for the 
asphalt layer and his own subgrade strain criterion or he can use the relationships developed by 

Shell. The load configuration is fixed. It is an 80 kN axle load and the analysis takes into account 
a dual wheel configuration having a 20 kN load on each wheel. The contact pressure is assumed 
to be 600 kPa. The center to center spacing of the two wheels is 320 mm. The total traffic load is 

expressed in terms of 80 kN equivalent axle loads which is calculated following: 
 
Neq = i=1

i=k (ni * Li / 80)4 

 
Where:  
Neq  = number of equivalent 80 kN axle loads, 

k  = number of axle load classes, 
Li  = magnitude of the axle load in class i,  
ni = number of axle loads in class i. 

 
Table 88 is an example of the output produced by the design system. The result is printed in the 
lower left box “Asphalt Stiffness and Layer Thickness”. The input that is provided by the user is 

printed in the boxes “Traffic & Design Life” and “Climate”. As one will observe, the required 
asphalt thickness for this particular example is 0,084 m and is dictated by the subgrade strain 
criterion. 

The program also gives a so called iteration report (table 89), which shows how many 
calculations were done to arrive to the end result and which intermediate results were obtained. 

The program, which runs on 36 bits pc’s, is extremely user friendly and allows, in spite of its 
limitations, to make quick analyses on e.g. the effect of asphalt mixture composition, type of 
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bitumen used and variations therein on pavement life. To the opinion of the author, the biggest 
limitation of the program is that it uses a fixed load configuration. Although the program was 

developed in the second half of the 1980’s he still considers it as a nice, quick, and handy tool for 
rapid analyses of the lifetime of pavement structures. 
 

 

 
Table 88: Output of the SPDM software. 
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Table 89: Iteration report. 
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16.3.2 FPS21 
FPS21 [123] is the required method for designing flexible pavements in Texas especially for the 

higher volume highways (> 10000 ADT, 5 million equivalent 80 kN axles). The program can be 
downloaded from the website of the Texas Department of Transportation. Also downloadable is a 
pdf of the user’s manual [123]. 

FPS21 provides a methodology for selecting a complete pavement design strategy such as the 
selection of an initial structure as well as future overlays. It calculates the initial costs as well as 
future costs for routine maintenance and overlays. It also calculates the user costs due to traffic 

delay when not all lanes are available for traffic due to maintenance. 
The system calculates the stresses, strains and deflections of the specified structure and lifetime 

is calculated in terms of fatigue of the asphalt layer and permanent deformation of the subgrade. 
In order to do so, the user can input his own transfer functions for asphalt fatigue and subgrade 
deformation. The program also takes into account the loss in present serviceability as a function 

of the structure selected and the amount of traffic. The serviceability loss is based on the 
AASHTO serviceability concepts but instead of being based on SN (structural number) it is based 
on deflection; details on this will not be given here. 

The program also uses a confidence level approach to take into account variations in layer 
thickness and properties as well as uncertainties in the expected amount of traffic. A certain 
confidence level is obtained by using a certain multiplier on the expected amount of traffic. It will 

be clear that the higher the desired confidence level, the higher the value of this multiplier. 
The system allows structures consisting of 6 layers to be analyzed. The user can define his own 
structures or can make use of fixed design options. 

Tables 90 and 91 and figures 413 and 414 provide information on input and output of the FPS21 
system. 
The author likes this design system because it selects structures not only based on asphalt 

fatigue and subgrade deformation but also on serviceability and because it takes into account 
construction and maintenance costs and user delay costs. 
Another good thing of the program is that it allows to input a single tire load or a dual tire load or 

a falling weight deflectometer load. 
The system allows the design of so called perpetual or long life pavements (> 30 years) 

assuming that asphalt fatigue will not occur if the tensile strain at the bottom of the asphalt layer 
is  70 m/m and the vertical compressive strain at the top of the subgrade is  200 m/m. 

 

16.3.3 KENLAYER 
The KENLAYER program is developed by Huang and comes as a cd with his book “Pavement 
Analysis and Design” [70]. It is a rather powerful program allowing linear elastic multi-layer 

analyses to be done but granular layers and subgrades can also be modelled as stress dependent 
materials. Furthermore asphaltic materials can be modelled as linear visco-elastic materials. 
When using the visco-elastic option, the creep compliance curve of the asphalt mixture at a 

particular reference temperature should be defined as well as the shift factor. From this 
information the master curves for the mixture stiffness at other temperatures are determined. 
The design period can be divided in a user selected number of “sub”-periods (maximum 12) 

which differ from each other in terms of layer moduli etc. The user can set his own fatigue 
criteria for asphalt and own vertical strain criteria for the subgrade. User selected load groups 
can be identified (single axles, dual and triple axles, single and dual wheel loads or multiple 

wheel loads). For further details the reader is referred to reference [70], which is the 2nd edition 
of the book, and also to the first edition which was published in 1993. In the first edition a 
description of the input parameters as well as illustrative examples of the program were given. In 

the 2nd edition this info can be found on the cd. 
Table 92 shows the input and output of a visco-elastic analysis of a three layer system. A short 
explanation of the input and output will be given hereafter. 

The third line of page 1 shows that there are four periods; this implies that a year is divided in 
four periods. On page 2 of the input one can see the temperature for each period being 49.7, 
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59.5, 81.6, and 70.1 oF. On page one the layer thicknesses are given being 6 inch for the top 
layer and 8 inch for the base course. The moduli for the base layer and subgrade for each period 

are also given taking values of 3E4 psi and 1.5E4 psi respectively. Of course different modulus 
values can be used for each of the periods but in this example the modulus values were kept 
constant. 

The top layer is taken as a visco-elastic layer and creep compliance values for a set of 11 creep 
times is also part of the input. Also the temperature at which these compliance values are 
determined is input (70 oF in this case) as well as the shift factor (0.133). 

On page 2 the creep compliance values are given which are calculated by the program for each 
of the four temperatures that were specified. Also on page 2 we see the number of load 

repetitions per period. It should be noted that the program allows to specify several types of load 
groups together with their number of applications. 
Then we see the damage coefficients for bottom tension of layer 1 and compression of layer 3. 

These are the coefficients by means of which the fatigue relation for the top layer and the 
compressive vertical strain relation for layer 3 are described. These relations are written as: 
 

Nasphalt fatigue = f1 tensile asphalt
-f2 Easphalt

-f3 

 
Nsubgrade = f4 vertical subgrade

-f5 

 

At the bottom of page 2 and on page 3 we can find per period a.o. the horizontal tensile strain at 
the bottom of the top layer and the vertical compressive strain at the top of layer 3 as well as the 

allowable number of load repetitions N which is calculated based on these tensile and 
compressive strains. Also the damage ratio is given which is the ratio of the applied number of 
load repetitions divided by the allowable number of load repetitions. 

At the bottom of page 3 we see the sums of the damage ratios (= damage ratio period 1 + 
damage ratio period 2 + etc) and the pavement life in years is calculated by taking the inverse of 
the maximum damage ratio.  

 
It should be reminded that this is just an example. The program can take into account several 
load groups and the modulus of unbound granular layers can be modelled as being stress 

dependent following: 
 
MR = k1 

k2 

 
Where: 
MR = resilient modulus of the unbound layer, 

k1, k2 = material cowfficients. 
 
For soils a different type of model is used; for more information about this model the reader is 

referred to Huang’s book. 
 
The following comment should be made with respect to the mathematical stability of the 

program. KENLAYER program (like some other programs) has difficulties in analyzing stresses 
and strains at the interfaces. It is therefore recommended to select the analysis point 1 mm 

above or below the interface. It is recalled that BISAR doesn’t suffer from this instability. 
 
Is the program easy to use? Well, one get used to everything but it is not as user friendly as the 

SHELL program and FPS21. The reader will agree that the input and output as shown in table 92 
is difficult to read and understand for e.g. uninformed clients who are only interested in what the 
pavement life is going to be and which criterion is the decisive one. 

However, the strong points of the program are that it allows granular materials and subgrade 
soils to be modelled as stress dependent materials and asphalt mixtures as visco-elastic ones. 
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Table 90: Input for FPS21. 
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Table 90: Input for FPS21 continued. 
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Table 91: Output of FPS21. 
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Figure 413: Output of FPS21. 
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Figure 414: Output of FPS21. 
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Table 92: Input and output of KENLAYER in case of a visco-elastic analysis. 
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Table 92 (continued): Input and output of KENLAYER in case of a visco-elastic analysis. 
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Table 92 (continued): Input and output of KENLAYER in case of a visco-elastic analysis. 
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16.3.4 AASHTO MEPD 
Sadek [124] in his thesis has given an excellent summary of the main features of AASHTO’s 

MEPD system. The text hereafter is to a very large extent taken from his thesis.  
 
The mechanistic empirical pavement design (MEPD) software has been developed under the 

National Cooperative Highway Research Program (NCHRP) Project 1-37A by Applied Research 
Associates, Inc. Arizona State University (2009). Details about the flexible pavement design part 
can be found in [125]. 

The user starts with preparing a large amount of input which includes details of the structure, 
material characteristics, traffic loading and climatic conditions. Then the software calculates the 

damage and main distresses over the design period and finally the design is verified against the 
performance criteria which are set. This criteria include: 

- amount of longitudinal cracking in [ft/mile] which is believed to be top-down cracking, 

- amount of bottom up alligator cracking in [%], 

- total amount of rutting [inch], 

- roughness in terms of International Roughness Index (IRI) in [inch/mile]. 

 
The system recognizes three levels for obtaining the input. 
At Level 1 the input is obtained through laboratory tests to obtain the material parameters and 

axle load surveys to determine the axle load spectrum, axle configurations etc. 
At Level 2 the input is obtained via correlations between e.g. asphalt mixture composition and 
mixture stiffness and CBR of the subgrade and resilient modulus. In previous sections of these 

lecture notes we have already discussed quite a few the models for asphalt concrete, granular 
materials and soils which allow such predictions to be made. We also have presented some of the 
moisture models which allow moisture conditions to be predicted. 

At Level 3 national or regional default values are used as input. 
Most of the time the input is obtained via a mixture of the level 1, 2 and 3 approach. 

In order to take into account the effect of climatic conditions on pavement performance, 
temperatures and moisture profiles in the pavement structure and subgrade and temperature 
gradient over the asphalt concrete thickness are all modelled using the Enhanced Integrated 

Climatic Model (EICM) software which is incorporated in the MEPD software. EICM is a one-
dimensional coupled heat and moisture flow program that simulates changes in the behavior of 
asphalt concrete, granular materials and soils in conjunction with climatic conditions. The climatic 

conditions can be selected by the user by simply selecting a climatic file for a particular weather 
station in the existing database.  
 

Detailed traffic data can be introduced; these data comprise: 

- design life in years, 

- number of lanes per design direction, 

- percentage of trucks in the design direction, 

- percentage of trucks in the design lane, 

- operational speed, 

- traffic growth, 

- axle load groups (single, dual, tridem and quads), 

- wheel configuration and tire pressure used in the axle load groups. 

 
The amount of longitudinal cracking, which is assumed to be top down cracking, is calculated 

using: 
 
Longitudinal top down cracking [ft/mile] = 10560 / (1 + e(7.0 – 3.5 log (FD * 100)) 
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This equation implies that if n/N = 1 (so log (FD *100) = 2), the amount of longitudinal cracking 
= 5280 ft/mile = 1000 m/km  

 
The amount of alligator cracking, which is assumed to be bottom up cracking, is calculated using: 
 

Bottom up alligator cracking [% of the total lane area] = 100 / (1 + eA)  
 
A  = (-2.40874 - 39.748 * (1 + ha)-2.856) * (-2 + log FD) 

ha  = asphalt thickness 
 

If we assume n/N = 1 which implies log (FD *100) = 2 and ha = 4 inch then the percentage of 
cracking equals 50%. When n/N = 0.3 (log (FD * 100) = 1.477) the percentage of cracking 
equals 18.7%.  

 
N in Miner’s ratio is calculated form the tensile strain at the pavement surface and at 0.5 inch 
below the surface (top down cracking), and the tensile strain at the bottom of the asphalt layer 

(bottom up alligator cracking). The horizontal analysis locations are shown in figure 415. The 
figure shows that the program calculates the stresses, strains and displacements in a large 
number of locations. 

 
For both the bottom up and top down cracking, the same fatigue relationship is used which is: 
 

N = 0.00432 * k1
’ * c * (1 / t)

3.9492 * (1/E*)1.281 

 
Where: 

E* = complex modulus [psi] (see section on asphalt mix stiffness for equations) 
k1

’ = for top down cracking = 1 / (0.01 + 12 / (1 + )) 

 = e15.676 – 2.8186 * ha 

ha = thickness asphalt layer [inch] 
k1

1 = for bottom up cracking = 1 / (0.000398 + 0.003602 / (1 + )) 

 = e11.02 – 3.49 * ha 

c = 104.84 *    

 = [Vb / (Vb + Va)] – 0.69 

Vb = volume percentage of bitumen 
Va = void percentage 
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Figure 415: Horizontal analysis locations in AASHTO’s MEPD system. 
 
Please note that the slope of the fatigue relation (3.942) is taken as a constant value while we 

have seen in the section on fatigue that this cannot be the case. Other systems allow the user to 
input his own fatigue relationship. Furthermore this author is of the opinion that the MEPD 
surface cracking model is a very poor one. As has been shown in the section on top down 

cracking, modelling of this defect type can only be done if the contact pressure distribution is 
carefully modelled and if hardening effects etc are taken into account. This author does therefore 
not recommend to use this surface cracking model. 

 
Permanent deformation in the total asphalt thickness AC is calculated using: 

 

AC = i=1
m hi i 

 
Where: 

m = number of asphalt sublayers, 
hi = thickness of sublayer i [inch], 
i = permanent deformation in sublayer i. 
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i = vi * (1 * k1 * 10-2 * 3.35412 * T3 * 1.5606 * N4 * 0.4491) 

 

Where: 
1, 2, 3, 4 = calibration factors which Sadek took as 0.7, 

T  = temperature in the sublayer [oF], 

T  = Tair * (1 + 1 / X) + 34 / X +6 
X  = depth + 4 [inch] 
depth  = distance to the pavement surface 

N  = number of 18 kip equivalent single axles, 
vi  = vertical compressive strain at mid depth of the sublayer, 

k1  = (c1 + c2 * ha) * 0.328196ha 

c1  = -0.1039 * ha2 + 2.4868 * ha – 17.342 
c2  = 0.0172 * ha2 – 0.17331 * ha + 27.428 
 

The permanent strain in the base and subbase sublayers as well as in the subgrade is calculated 
using: 
 

i = vi * 1.35 * [0.5 * (0.15 * ey + 20 * ez)] * e-/N 

 
Where: 

y =  

z = ( / 109) 

 = 109 * [-4.89285 / (1 – (109))] 

 = 1.673 for base and subbase layers and 1.35 for the subgrade. 

 
The reader will agree with this author that the equations presented are “impressive” and that the 
physical meaning of some equations is difficult to understand. With respect to fatigue cracking 

large multiplication factors should obviously be applied on the calculated n/N ratio in order to get 
a match with the observed amount of cracking, a match which, according to figure 407, is still 
not too good in spite of the enormous effort researchers have done to develop the MEPD system.  

 
16.3.5 3D-MOVE 
The 3D-MOVE system [126], developed at the Western Regional Superpave Center, University of 

Nevada at Reno, uses a continuum-based finite-layer approach for making the pavement 
response computations. The 3D-MOVE analysis model can account for important pavement 

response factors such as the moving traffic-induced complex 3D contact stress distributions 
(normal and shear) of any shape, vehicle speed, and viscoelastic material characterization for the 
pavement layers. This approach treats each pavement layer as a continuum and uses the Fourier 

transform technique; therefore, it can handle complex surface loadings such as multiple loads 
and non-uniform tire pavement contact stress distribution. Since the tire imprint can be of any 
shape, this approach is suitable to analyze tire imprints, including those generated by wide-base 

tires. The finite-layer method is much more computationally efficient than the moving load 
models based on the finite element method. This is because pavements are horizontally layered 
and pavement responses are customarily required only at a few selected locations and for such 

problems the finite layer approach of 3D-MOVE analysis is ideally suited. Since rate-dependent 
material properties (viscoelastic) can be accommodated by the approach, it is an ideal tool to 
model the behavior of asphalt concrete (AC) layer and also to study pavement response as a 

function of vehicle speed.  Frequency-domain solutions are adopted in 3D-MOVE analysis, which 
enables the direct use of the frequency sweep test data of HMA mixture in the analysis. 
  

Many attempts that included field calibrations (e.g., Penn State University test track, Mn/Road 
and UNR Off-road Vehicle study) that compared a variety of independently-measured pavement 

responses (stresses, strains, and displacements) with those computed have been reported in the 
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literature.  These verification studies have validated the applicability and versatility of the 
approach. The 3D-MOVE analysis (ver. 2.1) includes pavement performance models, which allow 

many important pavement distress modes to be investigated. One set of models that is 
incorporated are the models described in the previous paragraph on AASHTO MEPD.   
 

The opening screen of the 3D-MOVE program is shown in figure 416. Figure 417 shows that 
complex contact pressure distributions can be introduced, while figure 418 shows that a full 
dynamic analysis of the pavement response due to a moving truck can be analyzed.  

 
Unfortunately the author has limited experience with the 3D-MOVE package but that limited 

experience showed him that the package is a very versatile one allowing many types of analyses 
to be made ranging from linear elastic ones to visco-elastic ones and from simple stress/strain 
calculations to performance predictions. It is also. the only package, as far as he knows, that 

allows non uniform contact pressure distributions to be taken into account which is considered to 
be a great benefit when analyzing surface damage. It is a pity however that the stress dependent 
nature of unbound materials and soils cannot be taken into account. 

Being such a versatile program also implies that it is not that easy to use especially if one wants 
more advanced analyses to be done. With increasing complexity also the computation time 
increases and when doing advanced analyses, the computation time can be hours. The 

computation time needed to run the SHELL SPDM software is less than a second.  
 
 

 
 

Figure 416: Opening screen of the 3D-MOVE package. 
Note: picture is made available by dr  X. Liu of the Delft University of Technology. 
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Figure 417: 3D-MOVE allows the effect of complex contact pressures to be analyzed. 
Note: picture is made available by dr  X. Liu of the Delft University of Technology. 

 
 

Figure 418: 3D-MOVE allows stress/strain analyses to be made using a moving semi-trailer truck 
as input. 

Note: picture is made available by dr  X. Liu of the Delft University of Technology. 
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16.3.6 French design system 
In this section an introduction to the French design system [138] will be given. This introduction 

is more detailed than the introductions given to the other systems because the system includes, 
in an effective way, probabilistic concepts.  
 

The pavement types shown in figure 419 are included in the system. 
 
It is interesting to see that also inverted pavement structures are involved. This is a pavement 

type which, as we will see later on, is very often used in South Africa. 
 

In the design systems we have discussed so far, pavement life is based on calculating stresses 
and strains and using these values as input in transfer/fatigue functions. In the French design 
system however the design number of load repetitions is used as input in a fatigue relation and 

the allowable strain or stress is calculated. So instead of taking the stress or strain as 
independent variable and the number of load repetitions as the dependent variable, the French 
system takes the number of load repetitions as the independent variable and the stress or strain 

as the dependent one. 
 
 

 
 

Figure 419: Pavement types included in the French design system. 
 

Reliability concepts and traffic 
A probabilistic approach is adopted in determining the allowable stress or strain. This principle is 
shown in figure 420.  
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The standard deviation  is calculated from the scatter (standard deviation) in the fatigue results 

and the variation in the tensile strain due to a variation in the pavement thickness following: 

 
 = [SN2 + (c2 / b2) Sh2]0.5. 

 

Where: 
 = standard deviation, 

SN = standard deviation in fatigue test results, 

c = coefficient that links the variation in strain (or stress) in the pavement to the random 
variation   in thickness, h, following log  = log o – c * h, 

b = slope of the fatigue relation following  / 6 = (N / 106)b, 

6 = strain level which can be taken 106 times until fatigue occurs. 

 

 
 

Figure 420: Principle of the probabilistic approach. Determination of the working strain for a 

cumulative amount of traffic equal to NE and given risk r. 
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We have seen in the chapter on fatigue of asphalt concrete that the constant (k1) in the fatigue 
relation log N = log k1 – n log  is controlled to a large extent by the stiffness modulus of the 

mixture. In the French design system it is claimed that over a fairly broad range of temperatures  
 
6() * E()0.5 takes a constant value. 

 
The parameter 6() is the tensile strain that can be taken 1 million times at temperature  and 

E() is the stiffness modulus at temperature . 

 

Fatigue tests on asphalt mixtures are done on 2 point bending beam specimens at 10 oC and 25 
Hz. 
Modulus testing is done at 10 Hz and various temperatures. 

 
The equivalent temperature in the pavement is selected as 15 oC and the loading frequency due 

to traffic loads is selected as 10 Hz. It is stated in the method that “It is usually considered for 
base layers that the stress frequency characteristic is approximately 10 Hz and that frequency 
adjustment between 10 Hz and 25 Hz for 6 can be ignored for average temperatures”. 
 
For a 50% probability of survival which equals a risk of 50%, u = 0 and kr = 1. 
 

The standard deviation of asphalt concrete layers that has to be taken into account is shown 
table 93. 
 

hasphalt [cm]  10 10 < ha < 15  15 

Sh [cm] 1 1 + 0.3 2.5 

 
Table 93: Standard deviation of the asphalt layer thickness. 

 
For layers made with a hydraulic binder (e.g. cement stabilized layer) Sh = 3 cm. 
 

In the French design system, traffic is categorized by means of the number of heavy trucks. A 
heavy truck (PL) is defined as a vehicle with a payload of 5 metric tons or more. Then the 
amount of heavy traffic is further categorized in traffic classes being the annual daily mean 

(ADM) of heavy trucks in the design lane during the first year after opening of the road to traffic. 
 
The pavement design is based on the number of equivalent 130 kN axles (NE) which have a dual 

wheel configuration on either side of the axle. The dual wheels have a center to center distance 
of 0.375 m. The contact radius of each wheel print equals 0.125 m and the contact pressure is 
0.662 MPa. 

 
NE is calculated using: 
 

NE = N * CAM 
 

Where: 
N = number of heavy trucks (PL’s) during the design period 
CAM = mean coefficient of “aggressiveness” of the PL compared to the reference axle of 130  

kN 
 
CAM is calculated in the following way. First the damage (A) of a given axle (P) relative to the 

standard axle of 130 kN is calculated following: 
 
A = K * (P / 130) 
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Values for K and  are given in table 94. 

 

  Single axle (K) Tandem axle (K) Triple axle (K) 

Flexible and bituminous 
pavements 

5 1 0.75 1.1 

Semi-rigid pavements 12 1 12 113 

 
Table 94: Values for K and  

 
CAM is then calculated following: 
 

CAM = (1 / NPL) * [ i
n  j=1

3 Kj nij (Pi/130)] 

 
Where: 

NPL = number of heavy vehicles, 
Kj = coefficient corresponding to axle type (single, tandem, triple),  
nij = number of axles of type j in axle load class Pi 

 
An example of how CAM is calculated is given in table 95. 
 

 
Table 95: Example of CAM calculation. 

 
In the example CAM equals: 

 
CAM = (A * N1 + A * N2 + A * N3) / (N1 + N2 + N3) = (535 + 102 + 11) / (1854 + 436 + 168) 
= 0.8  
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As mentioned before, pavements are designed taking probabilistic concepts into account. The 
allowed probability of failure is related to the traffic class and is shown in table 96. 

 

Traffic class T0 T1 T2 T3 

Annual daily mean heavy 
traffic loads (ADM) on 
the heaviest loaded lane 

750 - 2000 300 - 750 150 - 300 50 - 150 

Flexible pavements 2% 2.5% 12% 25% 

Semi rigid pavements 2.5% 5% 7.5% 12% 

 

Table 96: Acceptable probability of failure in relation to pavement type and traffic class. 
Note : heavy traffic load is a vehicle with a payload  5 tons 

 

When designing the thickness of the total asphalt thickness the tensile strain at the bottom of the 
bituminous base layer should stay below a certain working value. This working strain t,ad is 

calculated in the following way. 

 
t,ad = (NE, eq, f) * kr * kc * ks 

 
Where: 

(NE, eq, f) = the tensile strain at which fatigue failure would occur in a fatigue test after NE 

cycles with a probability of 50%, at an equivalent temperature eq and a 

frequency equal to “f”, 

kr  = coefficient which adjust the working strain value to the risk level chosen, 
kr  = 10-ub 

 

Where:  
u = constant determined from the normal distribution table related to risk r, 
b = slope of the fatigue relationship on log – log basis, 

 = standard deviation of log N. 

 
 = [SN2 + (c2 / b2) * S2

h]
0.5 

 
c = coefficient linking the variation in tensile strain to the variation in pavement thickness; 

for commonly used structures c = 0.02 cm-1. 

 
The parameter kc is a parameter which brings the results of the calculations in line with practical 
experience. One could say that this parameter is a calibration parameter matching predictions 

with observations. Values for kc are given in table 97. 
 

Material kc 

Road base asphalt concrete GB 1.3 

Bituminous concrete BB 1.1 

High modulus asphalt concrete EME 1 

Cement bound graded aggregates 1.4 

Other materials treated with a hydraulic binder 1.5 

 
Table 97: Values for kc for different types of material. 

 
The parameter ks is taking care for lack of uniformity in the bearing capacity of the subgrade; 
values for ks are given in table 98. 
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Modulus E < 50 MPa 50  E < 120 MPa E  120 MPa 

ks 1 / 1.2 1 / 1.1 1 

 
Table 98: Values for ks 

 
Asphalt mixtures 
Some information of bituminous road base mixtures as used in the French design system will be 
given hereafter. 
 

Three classes of bituminous road base mixtures are defined. They are shown in table 99. 
 

Class Richness 
modulus 

Binder 
content by 
mass 

Gradation Maximum 
void 
content 

Minimum 
stiffness modulus 
[MPa] 

(15 oC, 10 Hz) 

Minimum 6 

(10 oC, 25 
Hz) 

1 2 3.4% 0 / 20 mm  13% 7000 70 * 10-6 

2 2.5 4.2% 0 / 14 mm  11% 9000 80 * 10-6 

3 2.8 4.5% 0 / 14 mm  10% 9000 90 * 10-6 

 
Table 99: Classes for bituminous road bases. 

Note: binder content for a specific mass of the aggregates of 2.65 g/cm3 

 
In general the bitumen grade is 35/50 or even 50/70; pure and modified bitumens are allowed. 

The thickness in which the layers have to be built is 8 – 12 cm for the 0/14 mixtures and 10 – 15 
cm for the 0/20 mixtures. It is stated that the larger thicknesses make it more difficult to obtain 
satisfactory evenness. This author likes to comment that to his opinion the thicknesses in which 

the asphaltic base course layers have to be constructed is rather thick and that the allowed void 
contents are rather high. 
 

The richness modulus is a measure for the bitumen film thickness around the aggregate particles. 
It is calculated as follows. 
 

% of bitumen by mass =  *  *1/5 

 
Where: 

 = 2.65 / G 

G = apparent density of the aggregates, 

 = richness modulus, 

 = 0.25 * G + 2.3 * S + 12 * sa + 135 * f 

G = mass % retrieved on sieve 6.3 mm, 
S = mass % through sieve 6.3 mm but on sieve 300 m, 

sa = mass % through sieve 300 m but on sieve 75 m, 

f = mass % through sieve 75 m. 

 
The richness modulus is introduced to avoid that mixtures are produced with a too thin film 

thickness. 
 
Table 100 gives some indicative values for the stiffness and fatigue properties of the bituminous 

road base mixtures. 
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Temperature [oC] -10 0 10 20 30 40  1/b SN 

Modulus class 1 

[MPa] 

18000 14000 9000 5000 2000 800 Class 1 - 5 0.4 

Modulus class 2 and 3 
[MPa] 

23000 18800 12300 6300 2700 1000 Class 2  
and 3 

- 5 0.3 

 
Table 100: Indicative values for the stiffness modulus and fatigue characteristics of bituminous 

road bases. 

 
In the design manual it is stated that “the thickness of the asphalt wearing course is not decided 
on the results of computations but essentially according to technological requirements and 
empirical considerations regarding reflective cracks”. The following thicknesses are 
recommended: 

- 6 cm for traffic categories T2 and under, 

- 8 cm for T1, 

- 10 – 14 cm for T0, depending on the materials used in the base layer and the conditions 
of construction. 

The wearing course is defined as the surface course + the binder course. The binder course can 
have a thickness of 50 mm in case 0/8 mm aggregate size is used to 80 mm in case 0/14 mm 
aggregate is used.  An overview of the characteristics of some wearing course mixtures is given 

in table 101. 

 
Mixture Grading 

[mm] 
Minimum  
richness  

modulus 

Average 
layer  

thickness 
[cm]  

E [MPa] 
15 oC and 10 

Hz  

6 [m/m] 

10 oC and 25 
Hz 

b  SN 

Semi-course 
Asphalt 
concrete 

BBSG 

0/10 
0/14 

3.5 
3.3 

6 – 7 
7 – 9 

5400 100 -
0.2 

0.25 

Thin asphalt 
Concrete BBM 

0/10 
0/14 

3.6 
3.3 

3 – 4 
3.5 – 5 

5400 100 -
0.2 

0.25 

Porous asphalt 
Concrete BBDr 

0/10 and  
0/14 

also 
0/6.3 

 4 
 

3 

3000 100   

Chipped 
asphalt 
Concrete BBC 

0/6.3 
0/10 

3.8 
3.6 

3 
6 

5000 100 -
0.2 

0.25 

High modulus 

Asphalt 
concrete 
BBME class 1 

0/10 

0/14 

 6 – 7 

7 – 9 

9000 110 -

0.2 

0.25 

BBME class 2 0/10 

0/14 

 6 – 7 

7 - 9 

12000 100 -

0.2 

0.25 

 

Table 101: Some characteristics of some wearing coarse mixtures. 
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Subgrade, capping layer and granular layers 
The quality of the subgrade and top of the layer on which the pavement is built (the pavement 

formation class) is divided in classes as shown in table 102. 
 

Modulus [MPa] 20 50 120 200 

Class of planed surface AR1 AR2 AR3 AR4 

Pavement formation class PF1 PF2 PF3 PF4 

 
Table 102: Long term bearing classes for the planed surface of the earthworks and pavement 

formation classes (PF). 

By using a capping layer on top of the subgrade one can “increase” the planed surface class from 
e.g AR1 to pavement formation class PF2, PF3 or PF4. Two options are possible being the 
application of a stabilized layer or a granular layer on top of the subgrade. The classification of 

capping layer materials treated with hydraulic binders like cement, lime etc is also done in classes 
using figure 421. 

 

Figure 421: Classification of stabilized capping layers. 

In this figure Rt is the direct tensile strength and E is the secant modulus at 30% of the failure 

load determined after 90 days. Instead of doing a direct tension test to determine the tensile 
strength also an indirect tension test can be done which results in ft. Rt  can then be estimated 

using: 
 
Rt = 0.8 * ft 

 
Materials complying to zone 1 – 5 can be obtained by mix in plant methods while mix in place 
technology can only achieve materials in zone 2 – 5. 

Table 103 shows which pavement formation classes are obtained by using a stabilized capping 
layer. 



 431 

Class of planed 
surface 

Zone 3 Zone 4 Zone 5 Pavement 
formation class 
obtained 

AR1  30 35 PF2 

AR1 30 35 50*** PF3 

AR1 40 45*** 55*** PF4 

AR2 25 30 35 PF3 

AR2 30 35 45*** PF4 
*** to obtain the require degree of compaction at the bottom of the layer, the layer normally needs to be constructed in 

2 layers 
 

Table 103: Upgrading of subgrade class to pavement formation class. 

 
Poisson’s ratio is set at 0.25 for stabilized layers.layer  
 

The granular layer on top of the stabilized capping has a fixed modulus of 480 MPa.   
 
The upgrade to a certain pavement formation class by means of a granular capping layer can be 

determined using figure 422. As one notices, there are three dashed vertical lines. The area left 
of the 50 MPa line indicates the PF1 formation, between 50 and 120 MPa the PF2 formation, and 
between 120 and 180 MPa the PF3 formation level is indicated.  

 

 
Figure 422: Modulus on top of the capping layer (EV2 pavement foundation) as a function of the 

modulus of the subgrade (EV2 planned surface) and the thickness of the capping layer (hcdf). 

The manual specifies two subgrade strain criteria. The first one applies to pavements subjected 

to medium and heavy traffic (T  T3) being: 

z,ad = 0.012 NE-0.222 
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For low traffic pavements (T < T3) the subgrade strain relationship is: 

z,ad = 0.016 NE-0.222 

The granular base layer (thickness 25 cm) has a modulus of 3 times the modulus of the 
pavement foundation with a maximum of 380 MPa.  

Cement treated layers and layers stabilized with a hydraulic binder 
The fatigue behavior of cement treated layers is often described by means of the following 
equation. 
 

 / ff = 1 +  log N 

 
Although this is a semi logarithmic equation, it can be replaced by a log – log relationship which 

is valid for a particular range in log N. If e.g. one is only interested in the fatigue behavior in the 
range of 105 to 107 load repetitions, then the relation can be written as: 
 

 = 6 * (N / 106)b 

 
Where 6 is the stress level which can be allowed 106 times. 

The relation between b and  is given below. 

 
b = -0.5 * log[(1 + 5) / (1 + 7)] 

 

The allowable tensile stress (ad) in the stabilized layer at a certain confidence level is calculated 

in the same way as the allowable tensile strain in the asphalt layer so: 
 

ad = 6 * (NE / 106)b * kr * kc * ks 

 
Where NE is the number of equivalent 130 kN axles. 

 
Table 104 show for two types of stabilized materials, the characteristics which can be used for 
design. 

 

Material E [MPa] 6 [MPa] -1/b SN Minimum tensile strength  
after 360 days [MPa] 

Aggregate and cement mix 23000 0.75 15 1 1.15 

Aggregate and granulated slag 15000 0.6 12.5 1 0.9 

 
Table 104: Characteristics of two types of stabilized materials. 

The procedure to calculate ad is illustrated with an example. 

 

Assume that the number of equivalent axle loads for which the design has to be made equals NE 
= 6.47 * 106 

Assume: Eformation level = 50 MPa so ks = 1/1.5 (see table 98) 
Assume: the layer is a slag stabilized layer so kc = 1.5 (see table 97) 
We calculate kr assuming a risk level of 10% then u = -1.285 

Table 104 shows that b = -1/12.5 
As mentioned earlier c = 0.02 
Table 104 shows SN = 1 

Just below table 93 it is given that Sh = 3 cm for these types of layers 
Then:  = [SN2 + (c2 / b2) * Sh

2]0.5 = 1.25  

 



 433 

Since kr = 10-ub we obtain kr = 0.744 

 
Table 104 shows that 6 = 0.6 MPa so we obtain for ad: 

 
ad = 0.6 * (6.47 * 106 / 106)-1/12.5 * 0.744 * 1.5 * (1/1.1) = 0.52 MPa 

 

As has been mentioned earlier, reflection cracking will occur if a cemented layer is placed directly 
under the asphalt top layers. In order to keep this reflective cracking under control the manual 
specifies that the total thickness of the asphalt layers should be 50% of the total pavement 

thickness (asphalt + base layer treated with a hydraulic binder). 
 
Furthermore it should be mentioned that the design of a composite pavement (asphalt on top of 

base treated with a hydraulic binder) is done in two phases. In the first phase all layers are 
assumed to be perfectly bonded to each other. This implies that tension will only occur at the 
bottom of the (hydraulically bound) base layer. After fatigue has occurred in that layer (after N1 

load applications) the base layer is assumed to have a modulus of 20% of its initial value (the 
value used in the first phase analysis) and full slip is assumed between the asphalt and the base. 
In this case fatigue of the asphalt layer will occur (after N2 load applications). The total 

pavement life is then N1 + N2 
 

16.3.7 Dutch design method 
In this section the Dutch design method [139] will be discussed as it used for the main highways 
in the Netherlands. The Dutch design method needs to be given attention since it has an 

interesting approach to risk of failure of the pavement. A computer program called OIA is 
developed for this purpose. OIA stands for “Ontwerpinstrument Asfaltverhardingen” which can be 
translated as “Design Tool for Asphalt Pavements”. 

Like in the French method, the total asphalt thickness can be divided in a number of sub-layers 
each having their own characteristics. OIA uses characteristic values for the design parameters in 
combination with partial safety factors. All this will be explained in more detail later on. 

 
Traffic 
The total number of axle loads to be expected is calculated using: 

 
ntotal = V * a * W * Ft * G * t * Fv 
 

Where: 
Nntotal  = total nr of truck axles with a load heavier than 20 kN, 

V = number of trucks per working day per direction, 
a = average number of axles per truck (= 3.5), 
W = number of working days per year (= 270), 

Ft = correction factor for the number of lanes per direction, 
G = grow factor, 
t = design period (= 20 years or as specified), 

Fv = correction factor related to speed of truck traffic.  
 
Ft = 1 for one lane per direction, = 0.95 lanes per direction, = 0.9 for 3 or more lanes per 

direction. 
 
Fv = 1.76 when the speed is 20 km/h, = 1.33 when the speed is 40 km/h, = 1.12 when the 

speed is 60 km/h, and = 1.0 when the speed is 80 km/h and higher. 
 
The characteristic number of truck axles is calculated following: 
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nchar = Fh * ntotal  
 

The factor Fh represents the uncertainty in the traffic predictions. Fh varies between 1.2 and 2 
depending on how the axle loads are estimated. When they are based on axle load 
measurements on a nearby road section then Fh = 1.4 and when it is based on estimations than 

Fh = 2.0. When it is based on the standard provided by the Ministry of Transport for main roads 
then Fh = 1.75. 
 

The ministry of transport has three standard axle load distributions which are given in table 105. 
 

Axle load class [kN] Lightly loaded roads  Medium loaded roads Heavily loaded roads 

20 – 40 27% 23.3% 15.6% 

40 – 60 32.5% 30.7% 27.1% 

60 – 80 19.5% 21.1% 28.1% 

80 – 100 11.9% 12.6% 14.6% 

100 – 120 6.6% 8.16% 8.75% 

120 – 140 1.95% 3.19% 4.6% 

140 – 160 0.45% 0.79% 1.04% 

160 – 180 0.08% 0.11% 0.13% 

180 – 200 0.02% 0.05% 0.08% 

200 – 220 0% 0% 0% 

 

Table 105: Axle load distributions as defined by the Dutch Ministry of Transport. 
For the design of pavements for main roads the “heavily loaded roads” distribution needs to be 
used. 

 
In OIA the following distribution of the wheel/tire spectrum is assumed: 
39% single wheels, 38% dual wheels, 23% single wheels with wide base tires 

 
Truck traffic intensity is classified in 4 classes. 

A: < 50 trucks per day per direction, 
B: 51 – 2500 trucks per day per direction, 
C: > 2500 trucks per day per direction, 

IB: heavily loaded areas like crossings with slow moving (< 15 km/h) and standing heavy truck 
traffic with an intensity of more than 250 trucks per day per direction. 
 

The contact area of the tire loads are assumed to be circular. The radius of the contact area and 
the contact pressure are calculated in the following way. 
 

A =  * 1000 * Fn / n 

 
Where: 

A = contact area [mm2], 
Fn = wheel load = axle load / number of wheels on axle [kN], 
n = tire pressure [MPa] 

 = 1 + 0.59454 Beq – 0.10182 Beq
2 

Beq = (Fa / Fn) – 1 
Fa = actual wheel load [kN]. 

 
As we have seen in the chapter on axle and wheel loads, the actual wheel load Fa is quite often 
not equal to Fn! 

 
The actual contact pressure a is calculated using: 
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a = Fa / A 

 

The actual radius of the contact area ra is calculated using: 
 
ra = (A / ) 

 
In the analyses, lateral wander is taken into account. How this is done is described in chapter 
14.2. 

 
Base materials 
The Ministry of Transport only allows the base materials shown in table 106 to be used. 

 

Type Material Minimum total 
asphalt thickness  
[mm] 

Thickness  
[mm] 

Characteristic 
modulus value 
[MPa], 

Poisson’s ratio 

Truck  
traffic  
intensity 

Unbound Crushed masonry 120  200 150 / 0.35 All 

Slightly bound Mixture of crushed 

masonry and crushed 
concrete aggregates 

120  200 400 / 0.35 All 

Slightly bound Self-binding mixture of 
crushed masonry and 
concrete aggregates  

120  200 600 / 0.35 All 

Slightly bound Crushed concrete 

aggregate 

120  200 600 / 0.35 All 

Slightly bound Phosphorous slag 

mixture 

120  200 1000 / 0.35 All 

Cement bound RAP mixed with 
cement 

120  200 1200 / 0.20 A 

Cement bound RAP mixed with 
cement 

140  200 1200 / 0.20 B, C, IB 

Cement bound RAP mixed with 
emulsion and cement 

120  200 1200 / 0.20 A 

Cement bound RAP mixed with 

emulsion and cement 

140  200 1200 / 0.20 B, C, IB 

 
Table 106: Type of materials allowed by the Dutch Ministry of Transport to be used in base 

courses and some characteristic values. 

 
The Dutch Ministry of Transport doesn’t allow base courses made of blast furnace slags, sand-
cement stabilized base courses, and other cemented layers resulting in a high stiffness and 

strength. This is because slag bases have shown stability problems (which were discussed earlier) 
and strong cement treated base courses resulted in significant reflection cracking (large crack 
spacing but wide cracks). 

 
When designing the pavements, it is not allowed to use modulus values which are higher than 
those given in table 106. The values are conservative values and can be taken as characteristic 

values which have a reliability of 85%. The modulus values given in table 106 can only be applied 
for the top 300 mm of the base layer. If the base layer has a larger thickness then a modulus 
value of 150 MPa has to be used for the part beyond 300 mm. 
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Subgrade 
Table 107 gives some values for the characteristic stiffness of some subgrade materials. 

 

Material E [MPa] 

Weak clay 30 

Stiff clay 50 

Sand 100 

Well graded sand 120 

Loamy fine sand 150 

 
Table 107: Characteristic stiffness values of some subgrade materials as proposed by the Dutch 

Ministry of Transport. 

 
The values given in table 107 are conservative values and can be taken as characteristic values 
which have a reliability of 85%. Poisson’s ratio is taken as 0.35 for all materials. 

 
The subgrade strain criterion used is: 
 

log Nsubgrade = 17.289 – 4 log v, subgrade 

 
Where v, subgrade is the vertical compressive strain at the top of the subgrade in [m/m]. Nsubgrade 

is the allowable number of load repetitions with a reliability level of 85%. 
 
Asphalt mixtures 
The characteristic stiffness modulus of the asphalt concrete mixtures is calculated following: 
 
ln (Ea) = C1 – 0.0184 * Tf – 0.001098 * Tf

2 

 
Where: 

Ea  = characteristic asphalt mixture stiffness [MPa], 
Tf  = fictitious temperature [oC], 
C1  = ln(E20C,8Hz - E20C,8Hz) + 0.80734 

E20C, 8Hz  = average mixture stiffness at 20 oC and 8 Hz [MPa], 

E20C, 8Hz = reduction to “translate” average stiffness to characteristic stiffness [MPa]. 

 
The characteristic asphalt stiffness is the 85% reliable stiffness value. 

 
The magnitude of the reduction factor depends on the number of specimens used for 
determining the stiffness, the number of times the stiffness determination has been performed 

and the standard deviation of the stiffness values measured. An example of the reduction factors 
is given in table 108. In [139] it is described on which basis and assumptions this table has been 

developed. It takes into account the variation that occurs when different laboratories are testing 
the same mixture using the same equipment and following the same procedure. Also variations 
are taken into account due to possible differences in e.g. preparation of the same mixture and 

finally variations due to the variability of the material itself is taken into account. 
 
The fictitious temperature Tf is calculated from the real asphalt temperature T and the real 

loading frequency f following: 
 
1 / (Tf + 273) = 1 / (T + 273) – (1 / 11242) * log (8 Hz / f) 

 
In the design program a fixed asphalt temperature of 20 oC is used. The loading frequency is 
calculated following: 
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log (f) = -0.6 – 0.5 ha + 0.94 * log (V) 

 
Where: 
f = loading frequency [Hz], 

ha = thickness of the asphalt layer [m], 
V = speed truck traffic [km/h]. 
 

Nr of times the stiffness 

investigation has been performed 

 

< 300  

 

300 - 500 

 

500 - 700 

 

700 - 900 

 

> 900 

1 1282 1286 1291 1301 1314 

2 1259 1262 1267 1273 1281 

3 1251 1254 1258 1264 1271 

4 1247 1250 1254 1260 1267 

5 1244 1247 1251 1257 1264 

 
Table 108: Reduction factor [MPa] to be applied on the average stiffness in relation to the 

standard deviation of the measured stiffness (, [MPa]) and the number of times the 

investigation has been performed. The table is valid for the case when the stiffness is determined 
as part of a fatigue investigation in which 18 beams are tested. 

 

Poisson’s ratio is taken as 0.35 
 
The characteristic fatigue relationship is determined in the following way. Fatigue tests have to 

be performed on 18 beams and a fatigue relation has to be developed following: 
 
ln (N) = A + p ln () and r2 has to be determined. 

 
The tests have to be performed at 20 oC and 30 Hz. Then the value of ln (N(xav – 1) at a strain 
level of xavg – 1 where xavg is the average value for ln () as determined from all tests. 

Then the value of ln (N(xav-1)) is reduced with the correction value which is to be taken from 
table 109 in order to determine the characteristics fatigue life ln (Ncharac(xavg – 1)). 
 

 
 

Table 109: Reduction of ln (N(xav -1)) and ln (N(xax +1)) in relation to the number of times the 
fatigue analysis was repeated (k), the standard deviation sx of the applied values for ln () and 

the correlation coefficient r2. 
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The same procedure is used to determine ln (N(xav + 1) and ln (Ncharac(Xav + 1)). 
Also ln (N(xav) is determined based on the average value of ln () as used in the test. The 

characteristic value ln (Ncharac(xav)) is determined by subtracting the values shown in table 110 
from ln (N(xav)). 
 

 
 

Table 110: Reduction of ln (N(xav)) in relation to the number of times the fatigue analysis was 

repeated (k), the standard deviation sx of the applied values for ln () and the correlation 

coefficient r2. 
 

Then the characteristic fatigue line is determined from ln (N(xav – 1)), ln (N(xav)) and ln (N(xav + 
1) following: 
 

ln (Ncharac) = a ln2 () + b ln () + c 

 
For design purposes a mixture stiffness dependent characteristic fatigue relation has to be 

determined following: 
 
ln( Ncharac) = C1 + C5 {ln () + C2 * ln2 (S) + C3 * ln (S) + C4}

2 

 
Where: 
C1 = -(b2 – 4ac)/4a, 

C2 = -0.064449, 
C3 = 1.404363, 
C4 = b/2a – C2 * ln2 (S20C, 30 Hz) – C3 * ln (S20C, 30Hz) 

C5 = a 
a,b,c = coefficients of the fatigue relation mentioned above. 
 

If only stiffness values at 20 oC and 8 Hz are available then S20C, 30Hz can be obtained by: 
 
S20C, 30 Hz = 1.2393 * S20C, 8 Hz 

 
In this way characteristic fatigue lines like those shown in figure 423 are obtained. 
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Figure 423: Example of characteristic fatigue lines. 

Note: “rek” = tensile strain 

 
In order to match the lab fatigue behavior to the fatigue behavior in practice a shift factor (SF) 
needs to be applied which is calculated following: 

 
SF = 1 + 0.0000419 * Vb

1.06 * Pen2.45  
 

Where: 
Vb = mass percentage bitumen (e.g. 5), 
Pen = penetration of the bitumen (e.g. 40). 

 
The maximum value for SF is 4. 

 
Values for the design parameters 
Using the characteristic values in the design analyses would imply that one stacks “safety on 

safety” and this would result in an unrealistic high safety factor for the entire structure. In order 
to overcome this the characteristic values for the parameters mentioned below are divided by a 
so called partial factor. 

- layer thicknesses, 
- layer stiffnesses, 
- fatigue resistance, 

- resistance to permanent deformation,  
- tensile strength, 
- strain at break 

 
The characteristic value for the truck traffic intensity is multiplied by a partial factor. The value 
for each of these partial factors is given in table 111. 
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Parameter 85% 75% 70% 50% 

Thickness layer 1j 0.971 0.966 0.964 0.953 

Stiffness layer 1 0.868 0.849 0.843 0.82 

Fatigue res layer 1 0.925 0.790 0.744 0.592 

Thickness layer 2 0.924 0.922 0.922 0.919 

Stiffness layer 2 0.906 0.863 0.846 0.775 

Tensile strength self  
binding base course* 

1 1 1 1 

Crushing strength 
bound base course* 

1 1 1 1 

Strain at break at  bottom 
bound base course* 

1 1 1 1 

Thickness layer 3 0.918 0.918 0.918 0.917 

Stiffness layer 3 0.743 0.734 0.730 0.717 

Stiffness layer 4 0.829 0.821 0.818 0.808 

Truck traffic intensity 0.852 0.768 0.737 0.633 
Note: * not applicable/not to be used for/in designs for the Dutch Ministry of Transport 

 

Table 111: Partial factors. 

 
Damage analysis 
As is done in all other design programs, Miner’s ratio is calculated. Based on Miner’s number 

(n/N) the “structural damage” is calculated using the information given in table 112. 
 

Structural damage [%] Miner’s number n/N 

5 0.32 

10 0.43 

15 0.54 

20 0.64 

25 0.74 

  
Table 112: Relation between structural damage and Miner’s number (n/N). 

 
It should be noted that the maximum amount of structural damage in projects of the Dutch 
Ministry of Transport is 15%. 

 
From the above it is clear that much attention is placed on the quality of the asphalt structure. 
This is because in the Netherlands pavements with rather thick asphalt layers are built. This is 

done because the authorities want to overcome as much as possible the need for regular 
maintenance which normally takes quite a bit of time to be performed. By doing so the 
authorities want to reduce hinder to traffic due to maintenance works as much as possible. Keep 

in mind that the Netherlands is a small country, but it is densely populated, has the highest road 
density (km roads/km2) in Europe and the roads are heavily loaded both in terms of numbers and 
axle loads.  

 
16.3.8 South African design catalogue TRH4 

At the time the author was preparing these notes a large effort was undertaken in South Africa to 
develop a design system like AASHTO’s MEPD. This effort was undertaken to replace the design 
catalogue TRH4 [125] which has been in use for many years and is still being used.  

The catalogue is an empirical design system which is based on performance observations of 
existing roads, results of accelerated full scale testing of in situ pavements and specially 
constructed test sections, extensive material testing (especially on soils and granular materials) 

and analysis using multi-layer linear elastic programs like the South African program MePADS. 
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Although being based on practical experience is an advantage of such catalogue systems, the 
disadvantage is that do not allow to analyze the beneficial effects application of new materials 

can have, changes in axle load patterns, wheel loads and contact pressure distributions etc. 
Nevertheless a catalogue system is a very handy tool to get a quick first estimate of the required 
thickness of the pavement.  

 
The catalogue is shown in figure 424. It should be kept in mind that it is developed for South 
African conditions which not only means that it is valid for South African climatic and traffic 

conditions but also for South African types of materials. South Africa is blessed by having an 
abundancy of high quality aggregates from which high quality base and subbase courses can be 

built. Furthermore the use of a cement treated subbase is typical for South African pavements. 
This cement treated layer act as a capping layer bridging weaker spots in the subgrade but also 
acts as a working platform on which the granular base course is placed. Because of the capping 

layer, the granular base course can be compacted to very density levels and because of the 
deeper lying stiff cemented subbase, horizontal compressive stresses occur in the granular base 
due to the traffic loads. These horizontal stresses provide such a confinement that the modulus 

of the granular layer can take fairly high values. 
The basic assumption is that the subgrade CBR is 15%. If this is not the case then an improved 
subgrade should be applied; table 113 shows how this has to be achieved. 

 

 
Table 113: Measures needed to upgrade existing subgrade to platform with CBR = 15%. 

 
There are four road categories, category A being the most important one and category D the 

least important. This is also reflected in the design reliability. For the different road categories the 
design reliability is 95% for A, 90% for B, 80% for C and 50% for D. Very important are the 

specifications to which the different materials should comply; these are given in table 114. The 
required structure depends on the design reliability and the traffic class. As one will notice these 
traffic classes are rather wide implicitly indicating that pavement life predictions cannot be very 

accurate and precise. 
 
As mentioned before similar catalogues are used in other countries. An example is the catalogue 

which is used in Tanzania which is highly comparable to TRH4. 
 
16.3.9 Highway Design Model (HDM) 

The Highway Design Model [3] is developed for the World Bank to be used for pavement design 
and rehabilitation purposes in developing countries. It has to be used in cases where road 
authorities want their projects to be sponsored by the Bank. The model is extremely useful in 

finding solutions with the overall highest benefit (lowest costs). The costs do not only imply 
construction and maintenance costs but also vehicle operating costs. In this section we will 
certainly not present and discuss the entire model. We will only focus on the models which are 

developed for thickness design and performance predictions. The models presented are part of 
the HDM III model; it should be noted that later versions are already available.  
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Figure 424: TRH4 catalogue. 
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Figure 424: TRH4 catalogue (continued). 
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Figure 424: TRH4 catalogue (continued). 
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Figure 424: TRH4 catalogue (continued). 
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Figure 424: TRH4 catalogue (continued). 
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Table 114: Abbreviated specifications for the materials used in the TRH4 design catalogue. 
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Table 114: Abbreviated specifications for the materials used in the THR4 design catalogue 

(continued).  
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The pavement models are empirical and based on pavement performance studies done in a.o. 
Brasil and Kenia.  

 
The bearing capacity of the pavement is expressed by means of the modified structural number 
(SNC) which is calculated as: 

SNC = 0.04  ai * hi + SNSG 

 
Where: SNC = modified structural number, 

 ai = strength coefficient of the material used in layer I, 
 hi = thickness of layer i [mm], where  hi  700 mm 

 SNSG = 3.51 * log CBR – 0.85 * log2 CBR – 1.43 

 CBR = in situ CBR of the subgrade [%]. 
 
Values for the strength coefficient are given in table 115. Please note that the strength 

coefficients for asphalt concrete are related to the resilient modulus determined with the indirect 
tension test at 30 oC. The loading time at which the measurement are done is unfortunately not 
specified. 

 
The strength coefficients can also be determined following: 
 

ai = 0.14 * 3(Ei * (1 - i
2) / 175.5) 

 
Where: Ei and I are the modulus and Poisson’s ratio of layer i. The strength coefficient is 

calculated relative to a material with a = 0.14,  = 0.35 and E = 200 MPa. 

 
For existing pavements, SNC can be determined by means of falling weight deflection 

measurements (F = 50 kN, plate diameter = 300 mm) [127] using: 
 
log SNC = 1.82472 + 0.03344 log h1 + 0.11832 log BCI – 0.16207 log BDI + 0.12659 log do – 

0.57878 log d900 + 0.19996 log d1800 – 0.19829 log SCI300 
 
Where: di = deflection at i mm from loading center [m], 

 SCI300 = do – d300 [m], 

 BDI = d300 – d600 [m], 

 BCI = d600 – d900 [m], 

 h1 = thickness top layer [mm]. 

 
In [127] it is also reported that the tensile strain at the bottom of the asphalt layer due to a 50 
kN falling weight load can be calculated using: 

 
log a = 4.241 – 3.24 log SNC + 0.211 log h1 

 

Where: a is the tensile strain at the bottom of the asphalt layer in [m/m] and h1 is the 

thickness of the asphalt layer [mm]. 
 

The same report also shows that the vertical compressive strain at the top of the subgrade vo in 

[m/m] can be estimated following: 

 

log vo = 6.42702 – 2.33291 * log SNC – 0.71998 log H 

 
Where: H is the total thickness of asphalt layer + base + subbase [mm].  
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It should be noted that this equation is valid for pavements where the stiffness of the layers 
increases from bottom to top. This is not always the case because sometimes one might 

experience a weaker layer in between two stiffer layers. 
 

 
Table 115: Strength coefficients for different types of materials. 
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In [3] the equations shown in table 116 are given which allow the pavement life to initiation of 
cracking to be calculated. Also equations for the prediction of initiation of wide cracking are given; 

these are shown in table 117. 
 

 TIME to initiation 

Asphalt pavements TYN = 4.21 * exp(0.139 * SNC – 17.1 * YE4 / SNC2 

Surface treatment pavements TYN = 13.2 * exp[-20.7 * (1 + CQ) * YE4 / SNC2] 

 CUMMULATIVE TRAFFIC to initiation 

Asphalt pavements TEN = 0.0362 * SNC2.65 * e-0.14355 * SY 

or TEN = 0.0342 * EHM-2.86 * e-0.198 * EY 

Surface treatment pavements TEN = 0.0072 * SNC3.97 * e0.39 * CQ 

 
TYN = number of years to initiation of narrow cracking; TEN = cumulative amount of 80 kN equivalent single axles to 
crack initiation; SNC = modified structural number [mm]; YE4 = annual traffic loading [million ESA’s / lane / year], 
SY = SNC4 / (1000 * YE4) provided SY  8; EHM = maximum tensile strain at the bottom of the asphalt layer [in 10-3 

m/m]; EY = 1 / (EHM4 * 1000 * YE4) provided that EY  6; CQ = construction quality seal coat = 1 if construction was 

faulty (poor binder distribution, early stripping, contaminated aggregates etc), otherwise = 0. 

 

Table 116: Pavement life to crack initiation equations. 
 

Pavement type TYW [years] 

Asphalt concrete 2.46 + 0.93 TYN 

Surface treatment  2.66 + 0.88 TYN 
1.16 TYN 

The best prediction is given by the maximum of these two 

equations 

Asphalt overlays 2.04 + 0.98 TYN 

Reseals 1.85 + 1.0 TYN 

Open graded cold mix asphalt 0.26 + 1.44 TYN 

 

Table 117: Models to predict time to initiation of wide cracking (TYW). 
 

The permanent deformation model given in [3] is described below. 

 
Mean rut depth: RDM = AGER0.166 * SNC-0.502 * COMP-2.30 * NE4

ERM 
 

Standard deviation rut depth: RDS = 2.063 RDM0.532 * SNC-0.422 * COMP-1.664 * NE4
ERS 

 
ERM = 0.0902 + 0.0384 * DEF – 0.009 * RH + 0.00158 * MMP * CRX 

ERS = -0.009 * RH + 0.00116 * MMP * CRX 
 
Where: RDM = mean rut depth [mm], 

 RDS = standard deviation rut depth [mm], 
 AGER = age of pavement since latest overlay or construction [years], 
 COMP = compaction index of the pavement = ratio of achieved compaction of the 

granular layers over the specified compaction level; COMP cannot be greater than 1, 
NE4 = cumulative 80 kN equivalent axles computed with damage power 4, 

SNC = modified structural number [mm], 
DEF  = mean of Benkelman beam peak deflection under an 80 kN single axle load of 

both wheel paths [mm], 

RH = rehabilitation state (= 0 for new pavements and 1 otherwise), 
MMp = mean monthly precipitation [m/month], 
CRX = cracked area [%]. 
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Finally the roughness progression model should be mentioned which is: 
 

RI(t) = [RIo + 725 * (1 + SNC)-4.99 * NE4 (t)] * e0.0153 * t 
 
Where: RIo and RI(t) = roughness at time t = 0 and t = t in m/km IRI 

 NE4(t)  = cumulative equivalent 18 kip axles until time t in million ESA/lane 
 t  = age of pavement since overlay or construction. 
 

Also models for the prediction of raveling and potholes are given but these will not be reported 
here. 

 
The careful reader certainly will have observed the similarities between the models presented 
here and those of the empirical AASHTO model which were presented in the beginning of these  

notes. The advantage of the HDM model however is that pavement performance is not only 
described in terms of riding quality but also in terms of cracking and permanent deformation. 
 

The interesting thing about the (complex) HDM models is that interactions are taken into account. 
This is clearly visible in the rutting model which shows that rutting is affected by cracking and 
precipitation. The effect of precipitation however is only “activated” when there is cracking 

implying when moisture can enter the pavement. 
 
 

17. Do we build what we have designed? 
 
In the previous chapters and sections we have spent a lot of attention on how we can determine 
values for the input parameters. We have also discussed the numerous methods which are 

available to estimate values for the input parameters from e.g. mixture composition data etc. We 
have also seen that some design methods allow detailed predictions to be made of the 
performance of the pavement as designed but the question is of course “do we actually build 

what we have designed?”. If this is not the case then our predictions certainly may not come true. 
In this section we will pay attention to some construction related factors which cause that we 
don’t get what we designed. 

 
Let us start with a simple real life example. The author has been involved in the asphalt mixture 
design for runways and taxiways at a large international airport. When the optimal mixture 

composition finally was decided upon and construction was about the start, the contractor came 
with the message that because of all kind of delivery problems he could not get in time enough 
of the specified aggregate type therefore requested to be allowed to use a different type of 

aggregate which complied to specifications on hardness, texture etc but which had a lower 
density than the aggregate which was used for the design analysis. Since at the mixing plant, the 
constituents of asphalt mixtures are added and mixed by weight, using an aggregate with a 

different specific weight implies that the composition by volume will be different from the 
volumetric composition of the mixture that was analyzed during the design process. Although the 

client was aware of this he didn’t think that an analysis on the effects of using a different 
aggregate type was necessary although such an analysis could have been easily made by means 
of e.g. the BANDS program which would allow a relative comparison of the characteristics of both 

mixtures to be made. In any way, the client did not get the pavement that was designed. 
 
Furthermore we have to realize that e.g. gradations are always specified with a certain gradation 

band while in mixture studies we normally don’t take this variation in gradation into account. The 
effect of these “accepted” variations in composition on the fatigue characteristics of a particular 
mixture are shown in tables 118 and 119 and in figure 425. 
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Table 118: Example of variability in mixture composition as allowed in specifications. 
 

 
 

Table 119: Example of effect of allowed composition variations by mass on variations in 

composition by volume. 
 

Table 118 e.g. shows a part of the specifications which were valid for base course mixtures in the 

Netherlands. Please note that these specifications are specs by mass. We know that the 
mechanical characteristics are not controlled by the mass composition but by the composition by 

volume. Therefore 5 mixtures were composed by volume (see table 119) which all comply with 
the specs by mass shown in table 118. Using nomographs the fatigue characteristics of mixtures 
A to E were estimated and they are pictured in figure 425. It is interesting to note that the 

specifications allow a difference in fatigue life with a factor of about 4.6 to occur!  
 
One might say “this is an interesting theoretical analysis but do such variations occur in 

practice?”. Let us therefore have a look in various sources of variation that do occur when 
producing and laying an asphalt mixture.  
Mohajeri [129] in his thesis measured the temperature of the asphalt mixture during production 

and laying. Figure 426 shows the double drum mixer on which the measurements were made. In 
the double drum mixer, the virgin aggregates are preheated in the inner drum and when they 
reach the end of the drum they are discharged into the outer drum where also Reclaimed Asphalt 

Pavement (RAP) material, virgin bitumen and filler (fines) are added. The mixture that was 
analyzed was a mixture in which 50% RAP was used;. the RAP was at ambient temperature. In 
order to arrive to the preferred mixing temperature of around 180 oC, the virgin aggregates 

should be pre-heated to rather high temperatures in the inner drum. Depending on the moisture 
content of the RAP which is added in the outer drum where the actual mixing takes place, this 
temperature can be as high as 500 oC. 

Figure 427 shows the temperature distribution of the mixture when being discharged. One will 
agree that the temperature is not very homogeneous and hot spots due to the super-heated 

aggregates can easily be recognized.  
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Figure 425: Effect of allowed variations in composition by volume on fatigue characteristics. 

 

 
Figure 426: Double drum mixer. 

 

Figure 428 shows the variation in temperature during a 30 minutes (1800 seconds) production 
period. The picture nicely shows the variation in production temperature. This variation in 
temperature might of course decrease somewhat when the mixture is stored in a silo before 

being transported to the site. 
 

Based on these findings it was concluded that preheating the RAP to 130 oC in a parallel drum 
would most probably increase the temperature homogeneity. Preheating of RAP would certainly 
lead to much lower preheating temperatures of the virgin aggregates.  

 
Mohajeri also did temperature measurements on a construction site and arrived to pictures like 
those shown in figure 429 and 430. 
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Figure 427: Temperature distribution of the asphalt mixture when being discharged from the 
outer drum of the double drum mixer. 

 

 
 

Figure 428: Variation in temperature during a 30 minute production cycle. 
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Figure 429: Temperature measurements on site. 
 

 
 

Figure 430: Temperature of the asphalt mat.  

 
Figure 430 clearly shows that the temperature distribution of the asphalt mat as laid is far from 
homogeneous and it is not unreasonable to assume that this variation in temperature will also 

have an effect on the mechanical characteristics. Please note that the “wavy” temperature profile 
(blue line in the middle of figure 430) coincided with the individual truck loads. Figure 429, upper 
left hand corner, shows that insulated trucks were used to reduce loss of temperature of the 

mixture when being transported from plant to site but in spite of that a temperature band 
(variation) of approximately 20 oC occured. 
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Compaction of the asphalt mixture is essential to give the mixture its required quality. Sufficient 
compaction can be achieved when the temperature of the mixture is high enough. Compaction at 

too low temperatures (< 90 oC) doesn‘t make sense and might even damage the mixture. 
Figure 431 gives an example of how compaction developed on a specific site. The picture shows 
that the maximum density was reached after 5 roller passes. The last 3 passes done at an 

asphalt temperature of around 100 oC were not effective anymore. The additional passes seemed 
even to have resulted in a slight decrease in density. 
 

 
Figure 431: Compaction progress on a specific site [130]. 

 

The laying down and compaction of the asphalt mixture should be a well-balanced process. The 
paving machine should preferably proceed at a not too high speed without stopping and enough 
rollers should be there to complete compaction within the compaction temperature window. 

Figure 432 gives some details about the output rate of rollers. 
 

Figure 433 shows the output rate of a paver in a specific project. The picture nicely shows that a 
constant paver speed is sometimes hard achieve in practice because of a multitude of reasons. It 
will be clear however that stopping times of 30 and 45 minutes are not good for the quality of 

the mixture because the roller cannot compact the asphalt which is placed close to the standing 
paver. 
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Figure 432: Output rate of rollers. 

 
 

 
 

Figure 433: Example of the output rate of a paver on a specific project [130]. 
 

Some important remarks with respect to paver speeds are made in figure 434! The most 

important one being that the vibrating beam at the end of the paver should NOT be switched off! 
It provides most of the compaction! Not using the vibration beam will allow higher paver speeds 

and higher production rates (this is being done in a number of countries). A higher paver speed 
demands however a higher rolling capacity which unfortunately is not always fulfilled. 
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Figure 434: Importance of using the vibrating beam (red arrow) at the back of the paver. 

From the information given above we can conclude that we can optimize the production and 
laying process by taking into account the following factors. 
 

- plant production rate, 

- production rate of the paver, 

- roller production rate, 

- number and size of trucks, 

- travel distance. 

 
The goal should be an as homogeneously as possible laying and compaction process 
(homogeneous temperature, homogeneous paver speeds, no stopping times, homogeneous 

compaction). This implies that one has to optimize logistics! 
 
The last example which shows that one might not always get the pavement that was designed is 

the following. Figure 435 shows the temperature profile and the number of roller passes as was 
measured in one of the ASPARI projects [130]. As one will observe, the roller passes were rather 
unevenly distributed over the pavement and at one location low temperatures were measured 

because the paver was standing idle there for some time. 
 
When using the compaction model that was developed by Meerkerk [131] (see figure 436) for 

PAC and using the relationships he developed to determine the stiffness and the strength of the 
mixture in relation to the void content, figure 437 could be developed which shows how variable 
the quality of the pavement will be as a result of the applied roller passes and the mixture 

temperature. Figure 437 nicely shows that within a distance of 100 m, large variations in stiffness 
modulus and tensile strength would occur which will certainly affect pavement performance. 

Unfortunately no condition data are available to substantiate this. 
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Figure 435: Temperature profile and roller passes as measured on a particular project. 

 
 

 
 

Figure 436: Compaction model for PAC. 
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Figure 437: Variation in tensile strength and stiffness modulus as a result of the applied roller 
passes and temperature distribution. 

 

All in all these examples show that there is a good chance that the asphalt mixture as laid is not 
the same as the one which was assumed when designing the pavement. Similar “stories” can e.g. 
be given about the variability of granular bases simply because of the fact that the gradation is 

certainly not a fixed parameter but will show a fairly large amount of variation from one site to 
the other simply because the specifications allow such variations to occur and because 
segregation might occur when dumping and spreading the material on site.  

Unfortunately the variability which occurs during production, transportation, laying and 
compaction cannot be taken into account in the design process because it is “unpredictable”. The 
magnitude of these variations can only be measured afterwards during e.g. the quality control 

process. 
 

Next to the fact that due to production, transportation, laying and compaction differences may 
occur between the mixture that was assumed in the design and the mixture that is actually laid 
one furthermore has to understand that differences between lab produced mixtures and mixtures 

placed in the field differ from each other simply due to the differences in lab production and 
compaction techniques and the ones that are used in the field. This author therefore strongly 
recommends to do the testing on samples taken from short test sections placed next to the 

asphalt plant which are made using plant produced material and constructed with real pavers and 
rollers when mixture characteristics are needed for design purposes and performance predictions. 
When relative comparisons need to be made between mixtures one can, according to his opinion, 

rely on laboratory produced and compacted material. 
One should however keep in mind that when a particular mixture is tested a second time by the 
same laboratory or when it is tested at two or more laboratories one will not get the same 

answers as those one obtained after doing the first series of tests.  
 
We started this section with the question “Do we build what we have designed?”. From the 

discussions we must come to the conclusion that because of a large number of reasons, the 
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pavement structure as built might not have the thicknesses and material characteristics which we 
assumed in our design analyses; we have to live with the fact that fairly large variations in 

characteristics may occur. This implies that pavement life and performance predictions can never 
be accurate and precise. Therefore we should make probabilistic analyses in order to determine 
what the chance will be that the pavement will stay in an acceptable condition. The principles of 

making such analyses will be discussed in the next chapter. 
 
 

18 Measuring material properties; how many tests do 
we need? 
 
There is a Dutch saying which goes “meten is weten”. This could be translated in English as 

“measuring is knowing” but I am not sure whether this is a correct English saying. Anyway, we 
assume we can obtain knowledge about material characteristics by doing measurements. The 
question however is “how many measurements should we do to obtain a reliable number?". This 

is an important question since, as mentioned earlier, we are dealing with (highly) variable 
materials. In [2] an approach is described which can be used to estimate e.g. the reliability of the 
mean value which is calculated from a limited number data points. This procedure is in an 

abrieviated form presented hereafter.   
 
One can calculate a statistical quantity R, called the limit of accuracy, which represents the 

probable range the true mean differs from the average obtained by “n” tests at a given degree of 
confidence. The larger the n is, the smaller value will be obtained for R which means that the 

mean value calculated from the data obtained from the tests will differ less from the true mean 
value. The mathematical expression is: 
 

R = K (  / n ) 

 
Where: 

K = standardised normal deviate which is a function of the desired confidence level 

100*(1-), 

n = number of observations, 
 = standard deviation of the random variable (parameter) considered. 

 
If the confidence level is chosen and if a proper estimate for  is obtained, R is inversely 

proportional to the square root of the number of tests. Figure 438 shows the basic shape of the 

relation between n and R. 
 
As shown in figure 438, 3 zones can be discriminated. In zone I a small increase in the number of 

tests reduces the value of R tremendously and the accuracy of the predictions will increase 
drastically. In other words, a small increase in the budget to increase the number of data points 
is really value for money. 

In zone III, R hardly reduces with increasing number of tests. This means that in this case very 
little extra value is obtained from an increased measurement budget. 
The optimal number of tests can be found in zone II. 

 
The main problem in calculating R is the assessment of the standard deviation . It is very 

difficult to give a single value for  but some guidelines with respect to the coefficient of variation 

(CV) can be given. 
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Figure 438: Typical limit of accuracy curve for all variables showing general zones. 

 

Typical values for CV (standard deviation / mean) are given below: 
 
CV = 0.15, low variation, 

 = 0.30, high variation, 
 = 0.45, extremely high variation. 
 

To the author’s experience, CV is normally somewhere between 0.15 and 0.30 when doing 
material tests. This could be the CV for the tensile strength obtained from tension tests but also 

the CV in log N when doing fatigue tests. 
 
By using these CV values and adopting confidence levels of 95% ( = 0.05) and 85% ( = 0.15), 

figure 439 has been constructed.  
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Figure 439a: Graph to estimate the number of observations required at a confidence level of 

85%. 

 

 
Figure 439b: Graph to estimate the number of observations required at a confidence level of 

95%. 

 
The use of the procedure is illustrated by means of the following example. The indirect tensile 
strength of a stabilized material needs to be determined and the question is how many tests are 

needed such that the average values differs less than 10% from the true mean. The required 
confidence level is 95%. From experience we know that the CV of the indirect tensile strength 

can be taken as 20%. By interpolation the position of the line for CV = 20% is estimated in figure 
439b. Using this line and the R value of 10%, the number of tests to be performed is equal to 10! 
This is a much higher number of tests than we usually perform! 
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Quite often we only take 3 tests which implies that at a confidence level of 85% and a CV = 
20%, the average value calculated from these tests will differ about 10% from the true mean 

value (use figure 439a to determine this).  
 
All in all this gives “food for thought” when setting up test programs for materials with highly 

variable properties like road materials. 
 

 

19 Probabilistic approach to pavement design 
 

We have already discussed applying probabilistic concepts to some extent when presenting the 
French and Dutch design systems. In this chapter we will deal with this important aspect in much 
greater detail. Let us start with discussing how variation in stresses and strains in the pavement 

develop. 
In the section on stresses and strains in pavements, charts have been presented for two layer 
systems which allow the tensile stress at the bottom of the top layer be estimated from the ratio 

E1 / E2  and the ratio h / a where “h” is the thickness of the top layer and “a” the radius of the 
loaded area. Since E1, E2, h and a are not fixed values but show a certain amount of variation, 

also the stress at the bottom of the top layer will show a certain amount of variation. This is 
schematically shown in figure 440. Failure occurs when the applied stress is larger than the 
strength of the material but also strength is not a fixed value and will show a certain amount of 

variation . Failure will occur when the stress is larger than the strength of the material and we 
can define the probability of failure knowing the distribution of the occurring tensile stress and 
the strength distribution. This is schematically shown in figure 441. 

 
Based on the strength and stress distribution we can define a difference density function 
following: 

 
D = strength – stress 
D = S -  

D =  (S
2 + 2) 

 
Where: S and S are mean and standard deviation of the strength and  and  are the mean 

and standard deviation of the applied stress. 
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Figure 440: Variation in the tensile stress r at the bottom of the top layer of a two layer system 

as a function of the variation in E1 /E2 and h / a. 
Note: p = contact pressure. 

 

 
 

Figure 441: Probability of failure. 

 
The difference density function is shown in figure 442. 
 

The reliability, which is the probability that the structure will not fail (also called probability of 
survival) is calculated following: 

 
R = -D/D 

 e- dz / (2) 

 

Where:  = z2 and z = (D - D) / D 
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Figure 442: Difference density function. 

 
Let us illustrate this with an example. Assume that the strength and stress characteristics are as 
follows: 

 
Strength:  S = 6 MPa and S = 1 MPa 

Stress:     = 4 MPa and  = 0.5 MPa 

 
Then: Zo = - D / D = (S - ) /  (S

2 + 2) = -1.788 

 

From the normal distribution tables we determine that the area between -1.788 and  equals 

0.96. Therefore R = 96% and the probability of failure = 1 – R = 4%. 
 

Let us now consider the fatigue life of an asphalt layer. If we assume that all material 
characteristics take a constant value, then the tensile strain at the bottom of the asphalt layer 
due to a fixed load will also take a constant value and will show no variation. When there is also 

no variation in the fatigue characteristics we can model pavement performance as shown in 
figure 441. The entire pavement will be in good condition and will show no cracks until the 
fatigue life is reached and after that moment the pavement will be entirely cracked. Until the 

number of load repetitions to failure is not reached, the probability of survival equals 1; after the 
number of load repetitions have been reached the probability of survival = 0. 
In reality however all material characteristics (moduli, layer thickness and fatigue resistance) will 

show some variability so the tensile strain at the bottom of the asphalt layer will show variability. 
This variability in tensile strain together with the variability in fatigue life results in a probability of 
survival curve as shown in figure 444. This is the approach which is followed in the French design 

system. 
 
Figure 444 shows that the variability in fatigue life is controlled by the variation in the tensile 

strain, the variation in the fatigue characteristics and the slope of the fatigue relation. The 
steeper the fatigue relationship the bigger the effect of a variation in tensile strain is on the 

variation in fatigue life. Figure 444 also shows that the location of the probability of survival of 
the number of load repetitions on the log N axis strongly depends on log k1 in the fatigue relation 
(remember: log N = log k1 – n log ) and as we have shown log k1 strongly depends on the type 

of test which is used for the fatigue relationship. This brings in another uncertainty in predicting 

probability of survival of the pavement in relation to the number of load repetitions. 
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Figure 443: Probability of survival in terms of fatigue life if no variations occur. 
 

 
 

Figure 444: Variation in pavement (fatigue) life due to variations in the tensile strain and 
variation in the fatigue characteristics. 

 

The question now is how can we incorporate variability in our design analyses? One way to do 
this is by means of Monte Carlo simulations. Such simulations imply that a large number of 
calculations are done using each time new values for the input parameters. In such a way a 

distribution of possible pavement lives  can be obtained. For a successful simulation one need to 
know the mean value of each parameter and its standard deviation. Also the type of distribution, 
e.g. normal distribution or a log-normal distribution, should be know. By taking into account the 

distribution function, a value for each parameter is selected by the pre-processor and in this way 
a distribution of the lifetime of the pavement can be calculated by repeating the pavement life 

analyses over and over each time by using different input values.  
One should keep in mind that Monte Carlo simulations can take a considerable amount of 
computation time. 
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A program which is doing such simulations is the PerRoad 4.4 program which can be downloaded 
via http://www.asphaltroads.org/perpetual-pavement/about-perpetual-pavements/  

 
The program takes the following into account:  

 Seasonal pavement layer moduli and annual coefficient of variation (COV). 

 Seasonal resilient moduli of unbound materials and annual COV. 

 Thickness of the bound layers and COV. 
 Thickness of the unbound layers and COV. 

 Traffic load spectrum. 
 Location for pavement response analysis. 

 Magnitude of limiting pavement responses (e.g. the asphalt strain should not be higher 

than a particular value) 
 Transfer functions for pavement responses exceeding the user-specified level for 

accumulating damage. 

 
The program doesn’t take into account the variation in fatigue characteristics although we have 
just discussed that these have a great effect on the probability of survival curve of the pavement 

life. PerRoad 4.4 actually only gives the fatigue pavement life in relation to the variation in tensile 
strain that is calculated. 
 

There are easier ways to determine the variability of pavement life such as approximation of the 
variances by means of the partial derivative method [132]. This is a relative easy to use and 

accurate method to determine the variance of rather complex functions. The method is described 
briefly hereafter. 
 

The method implies that we can calculate the variance V of function g(x1, x2, x3, …… xj) following: 
 
V[g(x1, x2 ….. xj)]  i = 1

j (g / xi)
2 * S2

xi  

 
Where: S2

xi = variance = (standard deviation)2 of variable xi 
 

For example: if: g(x) = Ao * x1 + A1 . x1
2 * x2 , and x1 and x2 are random independent 

variables then: 
   V(x) = (Ao + 2 * A1 * x1 * x2)

2 * S2
x1 + (A1 * x1

2) * S2
x2  

 
If we apply this on the fatigue relationship  
 

log N =log k1 – n log   

 
we obtain: V(log N) = S2

logN = S2
logk1 + (log )2 * S2

n + n2 * S2
log  

 
If we assume that logk1 and n are constants (which they are not as we have seen before, they 
are variables which depend on other parameters) then 

 
we obtain: S2

logN = n2 * S2
log  

 

If we assume n is a constant then we obtain: S2
logN = S2

logk1 + n2 * S2
log and this is exactly what 

we see in figure 444. It is recalled that in many equations that predict the fatigue resistance 
(SHELL, AASHTO MEPD, French design method) n is indeed taken as a constant. 

 
In order to avoid a Monte Carlo simulation to be used for predicting the variance in the tensile 
strain we need to predict the tensile strain in another way. If we can derive an equation that 

http://www.asphaltroads.org/perpetual-pavement/about-perpetual-pavements/
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gives us the tensile strain as a function of a number of parameters we then can us the partial 
derivative method to calculate the variance in the tensile strain.  

 
We have seen that the tensile strain at the bottom of the asphalt layer due to a 50 kN load 
(radius = 150 mm) can be estimated using: 

 
log a = 4.241 – 3.24 log SNC + 0.211 log h1 

 

Using the partial derivative method we can calculate: 
 
Vlog = S2

log = (-3.24)2 * VlogSNC + (0.211)2 * Vlog h1 

 
Since log SNC = log (a1 * h1 + a2 * h3 + a3 * h3 + SNSG) we can calculate: 
 

Vlog SNC = { a1 / (Z * ln 10) }2 * Vh1 + { a2 /(Z * ln 10) }2 * Vh2 + { a3 / (Z * ln 10) }2 Vh3 + 
{ h1 / (Z * ln 10) }2 * Va1 + { h2 / (Z * ln 10) }2 * Va2 + { h3 / (Z * ln 10) }2 *Va3  +  
{ 1 / (Z * ln 10) }2 VSNSG 

 
Where: Z = a1 * h1 + a2 * h2 + a3 * h3  + SNSG 
 

Since SNSG = 3.51 * log CBR – 0.85 * (log CBR)2 – 1.43 we can calculate 
 

VSNSG = {3.51 / (CBR * ln 10) }2 VCBR + {- 1.7 * log CBR * ( 1 / (CBR * ln 10) ) }2 * VCBR 
 
Vlog h1 = 1 / (h1 * ln 10) 

 
We have to realize that the variation in the predicted strain is not only due to a variation in log 
SNC and a variation in log h1. We also have to take into account the variation due to the error in 

the strain prediction model. We know there is scatter in the relation between log a on one hand 

and log SNC and log h1 on the other. We should take these model errors into account in our 
strain predictions but quite often we tend to ignore these model errors.  

 
Bouwmeester [133] showed that the maximum error in the log of the tensile strain predicted with 
the SNC based equation is 4.33 % while the minimum error is -4.29 %. This implies a standard 

deviation of the error in the predicted log of the tensile strain of (4.33 + 4.29) / 6 = 1.44 % 
 
He also reported an equation for the tensile strain at the bottom of the asphalt layer in a 4 layer 

pavement system which is: 
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Where: 
 = tensile strain at the bottom of the asphalt layer [m/m], 

da = thickness of the asphalt layer [mm], 
df = thickness of the unbound base [mm], 
dz = thickness of the unbound subbase (which is mostly sand in the Netherlands) [mm], 

Ea = stiffness modulus of the asphalt mixture [MPa], 
Ef = stiffness modulus of the base course [MPa], 
Ez = stiffness modulus of the subbase [MPa], 

Eo = stiffness modulus of the subgrade [MPa], 
P = single wheel load [kN], 
c1 = 2.56;   c2 = 779.88;   c3 = 19.61 * 106;    c4 = 0.09 

 
The equations have been derived for the ranges of the different parameters shown in table 120. 
 

Variable ha  

[mm] 

Ea  

[MPa] 

hb 

[mm] 

Eb 

[MPa] 

hSB 

[mm] 

ESB 

[MPa] 

ESG 

[MPa] 

P 

[kN] 

Minimum value 150 3000 200 400 250 40 20 50 

Maximum value 350 8000 700 1000 1000 300 100 50 

 

Table 120: Range of the values of the variables predicting the tensile strain in the asphalt layer. 
 

The variance in the tensile strain was then calculated as: 

 

 
 

With: 
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Although the equation to predict the maximum tensile strain is much more elaborated than the 
one based on SNC. The maximum error in the predicted log value is 3.5 % while the minimum 

error is – 3.42 %. This a leads to a standard deviation in the predicted log of the tensile strain of 
(3.5 + 3.42) / 6 = 1.153 % which is slightly better than the error related to the SNC based 
equation. 

 
All these equations look impressive, they are not that difficult to derive. One only should work 
carefully and avoid making typing errors (in both I am not that good ;-) so please check the 
original source. 
 

In the previous sections we have presented equations to predict the stiffness of the bitumen and 
asphalt mixture as well as equations to predict “log k1” and “n”. The partial derivative method 
can also be used to predict the variance in these parameters when knowing e.g. the variance in 

the penetration and softening point as well as the variation in the mixture composition. The 
equation for calculating the variance in log k1 as presented in [133] is given below. 

 
So we can calculate V[log k1] as: 

 

 
 

It should be noted that in none of the equations for calculating the variances possible 
dependency of variables of each other is not taken into account. Dependency of variables on 

each other is certainly the case in the log k1 equation because Smix is related to PI, softening 
point TR&K, Vb and Va. The same is true for parameter “n”. This dependency can of course be 
taken into account, it only makes the equations more complicated and for reasons of simplicity it 

was decided not to show these more complex equations. 
 
Determining the variances by means of the partial derivative method has the big advantage that 

the contribution of the variance of each of the parameters to the total variance can easily be 
determined. This allows a ranking of the importance of the variables on e.g. fatigue life to be 
made. This then could be very helpful in determining whether all the variables the values of 

which have been specified in contract documents should carry an equal weight or if some 
variables are of prime importance or of less importance. 
 

When discussing the AASHTO MEPD method we mentioned that designs could be made on three 
levels, level 1 being the most advanced level since then all input is determined by means of 
testing. It has also been mentioned that this will be impossible in many cases because of the 

costs and time involved. Therefore input is very often generated via the level 2 approach which 
implies that input parameters are determined via nomographs, regression equations etc. One 

should however be aware of the fact that all these nomographs and equations carry a model 
error. We have already mentioned this when discussing the variability in tensile strain due to 
variation in log SNC and log h1. On average they might do a pretty good job but the predicted 

values might be not close to reality. Typical examples of how big model errors can be are shown 
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in figures 447 and 448. As one can observe from figure 447, the difference between the Smixture 
values determined by means of the SHELL equations and the measured values can be as high as 

 1.5 *.  

 

 

 

 
Figure 447: Relation between measured mixture stiffness values and mixture stiffness values as 

determined by means of the SHELL equations. 

 
Figure 448 shows that the difference between the predicted log k1 and the measured one can be 
as high as  10%. Although this doesn’t seem too much one has to keep in mind that a 10% 

difference on a log scale means a quite bigger difference on the linear scale. 
 
All this implies that the total variance in e.g. predicted pavement life might be largely affected by 

the variance caused by the model errors. Bouwmeester [133] in his work concluded that the 
predictions on the probability of failure in terms of fatigue life of a pavement were highly affected 
by the variance of log k1 and the model error in the equation used to predict log k1.  

This finding has of course consequences on the value we should give to performance predictions. 
It indicates in any way that we better measure parameters rather than estimating them in case 
of important projects and in case performance has to be guaranteed over a long period of time. 
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Figure 448: Comparison of the measured log k1 values (horizontal axis) and the ones predicted 

with the equation (vertical axis). 

 
 

20. Relation between contract type, type of 
specifications and pavement design  
 
It is not the intention to give here an extensive expose on how road building contracts are being 
formulated. The main purpose of this chapter is to inform the reader about the different types of 

contracts that exists and the different types of specifications that come with them. We will 
discuss: 

- Traditional contracts which use recipe based specifications. 

- Design and construct (DC) contracts where performance related specifications are used. 

- Design, build, finance and maintain (DBFM) contracts which are using performance based 

specifications. 
 

As we will see the role of the client and contractor in a traditional contract is significantly 

different from the role they play in the DC and DBFM contracts. Also the distribution of the risks 
in a DBFM contract differs significantly from how the risks are divided in a traditional contract. 
This has also an effect on how specifications are formulated and quality control is performed. 

 
In general one would expect that a close relation exists between the performance the client 
wants from the pavement, the thickness design, the specifications set for the structure in terms 

of materials and layer thicknesses in order to obtain the performance that was expected by the 
client. It seems a bit odd if there would be little to no relation between the performance 
expectations, the specifications, and the design and the quality control. It is remarkable to note 

that in pavement engineering such a logical relation is not always the case. Especially when one 
is dealing with so called recipe type specifications, the relation between the desired performance 
and the specifications that are set in order to make sure that one will get the desired 

performance, is rather weak to say it mildly. Recipe type of specifications strongly rely on the 
experience of the client and contractor since they know from experience that if a pavement is 

built according to the specifications it will perform according to the expectations. Past experience 
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is of course not very helpful when new materials such as polymer modified mixtures, warm 
asphalt mixtures, crushed masonry and concrete come available and when rapid growth in traffic 

both in volume and weight is occuring. Therefore other types of specifications have been 
developed in time which are the so called performance related specifications and the 
performance based specifications. It should be noted that the type of specifications to be used 

for a particular project strongly depends on the available testing technology. It doesn’t make 
sense e.g. to set specifications for the asphalt mixture stiffness (which is a performance related 
parameter) when equipment needed to measure mixture stiffness is hardly or not available. The 

possibilities to use new types of contracts and specifications strongly depends on the knowledge 
and testing infrastructure available at the client’s and contractor’s side. Changing e.g. from a 

recipe type specification regime to a performance related regime involves large investments in 
equipment and training of personnel. Therefore one should make a detailed evaluation of the 
pros and cons of the different contract types before making a decision on which way to go. 

 

20.1 Traditional contracts and recipe type specifications 
Recipe type specifications are the “oldest” type of specifications used in road engineering. They 

perfectly fit in the traditional type of contracts where the client describes in detail “what he wants” 
and the contractor “does as he is told”. With this type of contract the client is responsible for the 
design and quality control and he is in fact taking most of the risks. In the traditional contracts, 

the contract is awarded to the contractor who gives the lowest price. Most of the time the 
warrantee period is limited and can be as short as 1 – 1.5 year (which, according to this author, 

is ridiculously low); in the Netherlands the warrantee period was 3 years for a long time. 
Recipe based specifications for asphalt mixtures include specifications on their gradation and 
properties of the bitumen used. Furthermore requirements are set on the bitumen and void 

content, the percentage of voids in the aggregate skeleton as well on the degree of compaction. 
Also requirements on the quality of the aggregates and particle shape are set.  
When the Marshall method is used for the mixture design, then the mechanical properties are 

defined in terms of Marshall stability, Marshall flow and Marshall quotient. The Marshall test and 
design procedure will not be described here. The interested reader is referred to e.g. [134]. 
 

With respect to unbound materials and soils, recipe specifications specify gradation, degree of 
compaction and plasticity characteristics of the fine fraction. Furthermore levels are set for the 
required CBR values in relation to degree of compaction and moisture content.  

 
For cement and lime treated materials requirements are usually set for the unconfined 
compressive strength or indirect tensile strength. 

 
Next to the requirements set to the materials used in the various layers, also requirements with 

respect to layer thickness, road surface evenness and skid resistance are defined. 
 
The simple tests that are used in recipe type specifications do not provide information on the 

stiffness modulus, resistance to permanent deformation and fatigue resistance of the materials. 
At best one can derive those parameters using relationships between e.g. the volumetric 
composition of asphalt mixtures on one hand and mechanistic characteristics (stiffness and 

fatigue etc) on the other. This implies that a mechanistic pavement design based on stresses, 
strains and transfer functions can only be made using a level 2 design approach if only the 
material properties as specified in recipe type specs are available.  

All this implies that the “distance” between what is designed and built and the pavement 
performance which is implicitly expected is rather large. One could say that the relation between 
recipe specs and pavement performance can be compared with the quality of cakes from a 

bakery namely “having all the ingredients of the cake at the right quality and quantity doesn’t 
necessarily mean that you get a good cake”. 
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20.2 Performance related specifications and contracts 
In the Netherlands a new policy with respect to contracting was developed some twenty years 

ago because of a number of reasons some of which are listed below. 

- The vision that the “market should do what the market can do”. This vision was inspired 

on the idea that in many markets the client doesn’t interfere with the construction of the 
product. In case of a car, the client makes his choice based on his preferences for color, 
design, comfort, accessories, mileage etc and is not involved in the selection of the 

materials the car is built of and with the construction process. 

- The vision that a reduction in technical staff, so a reduction in costs, could be realized at 
the client’s side when tasks (such as design and material selection) which were 

traditionally done by the client were moved to the contractor. 

- The wish that the contractor should take a larger share in the risk. 

- The vision that the client should not place emphasis whether all the “ingredients” are 

used in the right amount (recipe specification) but whether the end result, the 
performance of the road is to the satisfaction of the client. 

 

This resulted in the so called DC (design – construct) contracts in which the client specified a 
structural lifetime of 20 years and a lifetime of the wearing course of at least 7 years. The 
contractor was made responsible for the material selection and the design of the structure which 

implied he had to collect information on e.g. fatigue and permanent deformation resistance of 
the asphalt mixtures as well as on the stiffness characteristics. These parameters are not 

performance parameters but they are parameters which are related to performance.  
In order to make sure that he “gets what he wants” the client in this case is checking the 
performance related parameters. In the Netherlands a rather advanced protocol has been 

developed for doing so. This protocol involves deflection testing and coring; the protocol is 
described in appendix D. By means of the protocol it is determined whether the moduli of the 
asphalt layer, base and subgrade as well as the layer thickness comply with a reliability of 95% 

with the values used in the design. The values should be reached over at least 95% of the 
section considered. If the layer thicknesses and/or on stiffness moduli do not pass this test, an 
equivalent asphalt thickness shortage is calculated on which a penalty is based. If the total 

equivalent asphalt layer thickness shortage is more than 20 mm then an independent body has 
to perform an additional evaluation and most probably additional repair work has to be 
performed. It should be noticed that in case additional asphalt thickness has to be added to the 

pavement, then this additional asphalt has to be laid below the wearing course. This implies 
removal of the existing wearing course, placing of the additional asphalt thickness and placement 
of a new wearing course. It will be clear that such repair work can become rather costly. For the 

sake of completeness it is recalled that the shortage of asphalt thickness is the sum of: 

- real shortage of asphalt thickness 

- equivalent shortage in asphalt thickness due to a too thin base course, 

- equivalent shortage in asphalt thickness due to too low layer moduli. 
 

The penalty might vary per project; an indicative value is Euro 0.5 / m2 per mm asphalt shortage. 
So if the total asphalt shortage is 10 mm and the size of the project is 10,000 m2, the penalty will 
be Euro 50,000.  

A short example will illustrate the effect of the protocol. If e.g. the design asphalt thickness is 
195 mm and the area considered is 10,000 m2, then a penalty of Euro 10,000 has to be paid in 
the following cases (table 121): 
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Average thickness [mm] Standard deviation [mm] 

199 10 

204 12 

208 14 

 
Table 121: Average thickness and standard deviation resulting in a penalty of Euro 10,000. 

 
No penalty has to be paid for the combinations of average thickness and standard deviation 
shown in table 122. 

 

Average layer thickness [mm] Standard deviation [mm] 

201 10 

206 12 

211 14 

 
Table 122: Combinations of average thickness and standard deviation which do not result in a 

penalty. 

 
It should be mentioned that DC contracts were made possible by the fact that the Netherlands 
decided to follow the so called “fundamental route” in setting the specifications according to the 

rules layed out by the European Union. In order to promote freedom of trade, the EU concluded 
that a harmonization of norms would be essential in order to avoid that national norms were 
forming barriers against this freedom of trade principle. As part of this harmonization also 

European norms for asphalt mixtures have been developed.  
These norms allow mixtures to be specified in an empirical way (composition, Marshall test 
results etc) and in a fundamental way. The fundamental way involves specifying mixtures in 

terms of: 

- mixture stiffness in 6 classes, 

- fatigue resistance in 8 classes, 

- rutting resistance in 7 classes, 

- water resistivity in 2 classes. 

 
The EU norms specify several types of tests to determine these characteristics. The Netherlands 
has chosen for the 4 point bending test for stiffness and fatigue, the triaxial test for rutting 

resistance and the indirect tensile test for water resistivity.   
In the Netherlands each contractor has to specify all mixtures produced by him according to the 
EC marking system which implies that a code is attached to each mix telling the client what type 

of mixture he is dealing with, and in which class the characteristics mentioned above are 
classified. It will be obvious that this is important “design information”.  
Figure 449 gives the stiffness classification and figure 450 shows the principle of the fatigue 

classification. Figure 451 gives an example of a mixture classification. 
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Figure 449: Stiffness classification of asphalt mixtures  

 
With respect to the fatigue classification it is noted that no specification for the slope of the 
fatigue relation is developed. This is a bit remarkable because we have seen that the slope is a 

true material property and is telling a lot about the behavior of the mixture, while the intercept of 
the fatigue relation (represented by the 6 value) is not! Furthermore not specifying the slope 

could imply that rather brittle mixtures (characterized with a steep slope) can be accepted while 

such crack sensitive mixtures are not always desire-able. 
 

 
 

Figure 450: Principle of the fatigue resistance classification. 
Note: Classification is done based on the 6 value which is the strain value at which fatigue failure occurs after 106 load 

repetitions. 
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Figure 451: Example of a mixture classification. 
 

Figure 451 also indicates two possible problems with the system. The first one is the fact that 
when the classification is based on tests on lab produced specimens (which is allowed according 
to the regulations), this classification might not comply with the classification which would be 

obtained when testing was done on samples taken from the field. The second problem is that the 
client, who can use the system to specify his wishes, is specifying an unrealistic combination or a 
combination which is (very) hard to produce (the client might e.g.ask for a mixture that has AND 

a high stiffness, AND a high permanent deformation resistance, AND a high fatigue resistance). 
 
The question now is whether “embracing” a DC contract and performance related specifications 

did solve all potential contractual disputes. The answer is that it didn’t; some of the problems 
encountered were the following. 

- The contractor was focusing on reaching the 7 year minimum life of he wearing course 

and was “hoping” that he did achieve the 20 year structural life. 

- The combination of giving the contract to the lowest bid and applying a bonus – malus 
regulation in case of early or a too late completion of the work did not always result in an 

optimal result. The bonus – malus results in an as quick as possible execution of the 
work which is not always leading to the best result. 

- The client had difficulties in defining desired performance. 

- There was too often a disappointed client. 

- Too many arbitration and court cases. 

 
It became clear that in order to have successful DC contracts, both the client and the contractor 
must be ready and prepared to work under such a contract. Furthermore it is clear that both the 

client and the contractor must have enough technical expertise to work with performance related 
specifications.  
 

20.3 Design, build, finance and maintain contracts 
The ultimate type of contracts are the design – build – finance - and maintain (DBFM) contracts 

in which the contractor is made responsible for the performance of the road for a considerable 
amount of time. Such contracts are used for building toll roads where the concessionaire is 
responsible for the performance of the toll road. In such contracts the client is setting minimum 
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allowable levels for skid resistance, driving comfort, structural performance etc and the 
contractor/concessionaire is completely free to determine which actions need to be undertaken to 

comply with the client’s demands. 
Hereafter some details will be given about a particular DBFM contract in which the author was 
involved.  

 
The project was a 30 km stretch on a very busy west – east motorway in the Netherlands. It 
involved widening of the road from 2 * 2 lanes to 2 * 3 lanes, the construction of a few new 

viaducts and the reconstruction of some existing ones, the lighting system and some other works. 
The area to be paved was 600,000 m2 and the types of wearing courses to be used were double 

layer porous asphalt concrete over 80% of the area, 15% single layer porous asphalt concrete 
and 5% dense asphalt concrete. The contract covered a period of 30 years and the service to the 
road user was the key performance indicator. Also environmental issues played an important role. 

 
Pricing of the project was done in the following way. First of all there was the bid of the 
consortium; on top of that a fictitious amount of money was placed which was determined by 

how well the consortium would take care for a number of aspects that were very important to 
the client. If the consortium complied completely to the wishes of the client, the amount of 
money added to the bid would be zero. Furthermore the bid was increased by the amount of 

money the consortium calculated for taking care of some risks. 
The ceiling price was Euro 350,000,000. 
The aspects which were very important to the client are listed hereafter. Between brackets the 

maximum amount of money is given which would fictitiously be added to the bid if the 
answers/proposals given by the consortium were not to the satisfaction of the client. A part 
would be added if the client was partly satisfied. 

 

- A: Optimum collaboration (15 million). 

- B: Minimum traffic disruption during the construction phase (50 million). 

- C: Minimum traffic disruption during the operational phase (20 million). 

- D: Minimum traffic disruption on the secondary road network during the construction and 

operational phase (20 million). 

- E: Minimization of environmental hinder (15 million). 
 

The overview shows that if the consortium did not comply at all with the wishes of the client, a 
fictitious amount of 120 million Euro’s would be added to his bid.  
 

From the overview it is also clear that “service to the road user” is a key issue in these contracts. 
This can be seen from the fact that traffic related aspects amounted 75% of the total amount of 
money that could fictitiously be added to the bid. 

 
The aspect optimum collaboration that was taking into account covered a.o. how fast and 
accurate information to the public would be given about hinder because of the ongoing and 

planned works, cooperation with provincial and city authorities involved, cooperation with utility 
companies like power supply etc.. 
The aspect minimum traffic disruption of the secondary network was dealing e.g. with measures 

to be taken to minimize overflow of the secondary network because of temporarily detours 
necessary because of partly closure of the main road due to the ongoing work. 

The aspect minimization of environmental hinder involved traffic noise reducing measures, 
measures to reduce noise due to construction works like pile driving, and methods and materials 
to reduce the CO2 footprint and energy consumption etc. 

 
The risks that needed to be quantified were a.o. delays because of works that needed to be done 
by other parties like cables and utility works, delays related to getting permits, risks involved with 
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the fact that the pavement condition of the sections to be reconstructed would be less than 
quantified and qualified by the client/owner, change in traffic flows etc. For each topic a 

maximum amount of money to cover the risk was allowed. Also a certain maximum 
compensation for some risks was defined. 
 

In the contract the number of times and the duration of lane closures because of maintenance is 
defined. In case lane closures were needed for applying unforeseen emergency maintenance, 
The following penalties did apply (table 123) 

 

Day / Hr 0 - 5 5 - 8 8 - 22 22 - 24 

Mo – Fr 12,500 25,000 25,000 12,500 

Sa - Su 12,500 12,500 25,000 25,000 

 

Table 123: Penalty in Euro’s per 15 minute per lane in case of lane not being available for traffic.  
 

Table 124 shows the bids, quantified risks and quantified preferences (aspects very important to 

client) and the total price (EMAP = economical most advantageous proposal). 
 

 Consortium A Consortium B Consortium C 

Bid 231,649,399 253,059,908 221,016,948 

Listed risks 1,500,000 450,000 450,000 

Preferences 56,430,929 47,688,006 28,955,052 

EMAP 289,580,317 301,197,914 250,422,000 

  
Table 124: Overview of the bids, quantified risks and preferences as proposed by three different 

consortiums.  
 

From table 124 it will be clear that consortium C was awarded the contract. Consortium C not 

only had the lowest bid but was also complying the best to the aspects which were important for 
the client. The fictitious amount of money added to his bid due to not completely fulfilling the 

client’s wishes was the lowest. 
 
As one will have noticed, nowhere in the entire description the words “mechanical characteristics 

of the asphalt mixtures”, “mixture composition”, etc appear. This is all left to the 
consortium/contractor. Although not explicitly mentioned, these items as well as construction 
techniques are very important aspects in realizing the best solutions for client’s wishes B, C and E. 

A long life pavement structure which needs a minimum of maintenance and which can be placed 
in the shortest possible time using the most environmentally friendly techniques is highly to be 
preferred and this requires a proper design and material selection. So the design and material 

aspects might not be that visible in these contracts, they play a very important role in arriving to 
the best solution.  

 

In conclusion we can state that with this type of DBFM contract the following is achieved. 
 

- The benefits the client is looking for are defined and quantified in a transparent way. 

- To realize these benefits a high quality in design, material selection and construction is 
required. 

- With DBFM contracts, contractors become much more quality conscious because they 
carry a high risk. 

- Contractors see the need for and the benefits of research driven solutions.  
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21. Closure 
 
An attempt has been made to provide students a reader which can serve as an introduction to 
the design of flexible pavements. From the wide variety of topics discusses it will be clear that 

designing a pavement is much more than using a computer program that calculates a “pavement 
life”. It will also be clear that making accurate pavement performance predictions is an 
impossible task because of the assumptions and simplifications made and because we are dealing 

with highly variable materials. Perhaps the weakest point in our performance predictions is the 
quality of the transfer functions we are using. It has been shown several times that correlating 
predicted fatigue behavior to observed fatigue behavior is still a very hard thing to do and we 

need calibration/match factors of significant magnitude to match theory with practice. I strongly 
believe that understanding the causes and reasons for those calibration factors and developing 
tools to reduce their magnitude should be a research topic for the coming decade. I hope these 

lecture notes have shown the importance of such research. 
 
As I mentioned in the preface, this reader is far from complete because a large number of topics 

have remained untouched. I might cover some of them in a next version if I feel the need to 
rewrite these notes once again. 

 
For now I am wishing you all the best and enjoy your carreer in the fascinating world of 
designing, building and maintaining pavements.  
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APPENDIX A 
Factors influencing accuracy of fatigue performance 

predictions 
 
 

A1. Introduction 
 
As we mentioned before, fatigue analyses are usually done by calculating the maximum tensile 

strain at the bottom of the asphalt layer, using that value as input in a laboratory determined 
fatigue relationship, and applying some correction or calibration factors to arrive to the number 
of load repetitions to failure. This process is schematically shown in figure A1.  

 

 
 

Figure A1: Principles of mechanistic empirical design methods. 
 
As we have shown, we are making simplifications and assumptions in the design process which 

can significantly affect the result. The the most important influence factors are: 

- simplification of the wheel load, 

- simplification of the 3D stress/strain situation to a 1D situation, 

- the applicability of the used fatigue relationship, 

- the definition of failure. 
 

A2 Effect of simplifying the wheel load 
 
We have seen in the section on wheel loads and contact pressures, that the contact pressure 
distribution is complex and by far not homogeneously distributed over the contact area and 
certainly not equal to the tire pressure as we often assume. Furthermore the contact area is not 
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circular but rectangular. A method developed by Fernando e.a [24] has been presented which 
“takes care” for the differences between reality and what we assume; this resulted in an 

equivalent contact pressure pe and an equivalent radius of the contact area re.  The effects of 
taking into pe and re were analyzed by means of an example problem the details of which are 
shown in figure A2. The tire was assumed to be the super single tire as used by Groenendijk [23] 

in his research. The fatigue life based on the maximum horizontal strain at the bottom of the 
asphalt layer in case of using re and pe appeared to 74% of the fatigue life assuming a contact 
pressure equal to the tire pressure of 700 kPa and a radius of the loaded area of 150 mm. This 

result cannot be generalized because it depends on the type of tire, fatigue relationship applied 
etc. 

 
 
 

 
 
 

 
 
 

 
 
 

 
 

Figure A2: Pavement design example. 
Note: the asphalt stiffness is for a fine dense asphalt concrete at 10 Hz and 5 oC. Data are taken from Li [41]. 

 
All in all this small example is a warning that assuming a circular contact area with a contact 

pressure equal to the tire pressure might result in an overprediction of pavement life! Fernando 
[24] however also showed that the effect of not taken into account the real contact pressure 
distribution on the tensile strain at the bottom of the asphalt layer “disappears” for thicker 

asphalt layers (> 100 mm). 
 

A3 Effect of simplifying 3D stress/strain conditions into 1D 
conditions. 
 
As mentioned above, the standard procedure is to use the maximum tensile strain at the bottom 
of the asphalt layer as input in the fatigue relation. 

This principle does however imply that we ignore the effect of the other two principal strains. An 
example of this is given in figure A3. It seems very likely that we overestimate the fatigue life by 
ignoring what happens in the other two directions. In order to be able to determine this we need 

to know when and how materials fail under 3D stress conditions. So let us have a closer look into 
fatigue test results in relation to their yield surface (failure line).  
 

When we perform a compression test we arrive to a stress – strain relation as shown in figure 
A4. A similar curve will be obtained when we perform a tension test. 
 

Wheel load = 50 kN 
Tire pressure = 700 kPa 

Asphalt concrete, E = 19740 MPa 
 = 0.35, h = 50 mm 

 
Granular base course, E = 400 MPa 

 = 0.35, h = 150 mm 

 
Cement treated subbase E = 1000 MPa 

 = 0.35, h = 200 mm 

 
Subgrade, E = 150 MPa,  = 0.35 
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Figure A3: 3D strain conditions at the bottom of the asphalt layer.  

 

 

Figure A4: Response of asphalt concrete when subjected to a compression test and simplified 

elasto-plastic model (red dashed line). 

Note: the simplified elasto-plastic model is the basis for the Mohr-Coulomb surface which will be discussed later on. 

Since asphalt concrete is an elasto-visco-plastic material, the shape of the curve is dependent on 

the test temperature and strain rate. A yield surface characterizes the combination of stresses 
and strains which result in failure. When the stress conditions are below the yield surface, the 
material will fail at the first load application. Desai has formulated how the yield surface depends 

on the stress conditions and material characteristics. He showed that the yield surface can be 
written as follows: 
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Where: 
i = ith principal stress, 

I1 = first stress invariant, 
J2 = second stress invariant, 

p = isotropic stress, 
 = lode angle, 

Pa = atmospheric pressure = 0.1 MPa, 

, , , n, R = model parameters.  

 

 
 

 
 
The model is shown in figure A5. 
 

 
 

Figure A5: Desai’s response surface. 

Desai’s response surface exhibits a spindle shape in the I1, J2, lode angle  plane (see figure 

A5). The size, shape and position of the yield surface are controlled by the model parameters , 

, , n and R which are related to the properties of the material and can be directly determined 

by means of laboratory tests. 

At peak stress the parameter  = 0. 
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The parameter  determines the shape of the model on the octahedral plane. For  = 0 it is a 

circle and with increasing  it becomes triangular. In order to simplify the model  is often taken 

as  = 0 and in that case the model reduces to:  

 

For a uniaxial test, like the compression and tension test, we can write: 

 

and 

 

When we substitute this in Desai’s equation we obtain: 

 

When  =0, we can write: 

J2 =  (I1 – R)2            

The question now is how this information can be used for fatigue analyses. Well, this is in fact 

very simple. It will be easy to understand that the farther the stress conditions are away from the 
yield surface, the more load repetitions the material can take so we might be able to develop a 
relationship between the distance to the yield surface on one hand and the number of load 

repetitions on the other.  

The flow surface can be defined by doing uni-axial tension and compression tests. In that case I1 
and J2 can be written as follows. 

Tension test:   I1 = ft  J2 = ft
2 / 3 ft = tensile strength   

Compression test:  I1 = fc  J2 = fc
2 / 3 fc = compressive strength  

It should be noted that flow surfaces based on strain can be formulated along the same lines; 

the  parameters in the equations should then be replaced by  parameters. 

When defining I1 and J2 based on the strains occurring in a tension or compression test one need 
to take into account the strains that occur perpendicular to the line of loading (see figure A6). 

In the tension and compression test we have a principal strain in the direction of the load 
(vertical deformation) and two horizontal principal strains which are equal to each other. Both 
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horizontal strains have the sign which is opposite to the sign of the vertical strain. Taking all this 
into account, I1 and J2 in terms of principal strains become: 

I1 = v + 2 h and J2 = (v - h)
2 / 3        

 

 

 

 

 

 

 

 

 

Figure A6: Deformations in a compression (left) and a tension (right) test. Also a deformation 
perpendicular to the paper exists; this one is equal to the horizontal deformation indicated in the 

figure. 

Figure A7 shows a number of yield surfaces, formulated following the equations given above, as 

determined by means of the UTC test for the fine graded dense asphalt concrete which we use 
for the example problem [41]. The data points indicating different strain levels are the conditions 
at which UTC fatigue tests were performed. 

 

Figure 386. Strain based yield surfaces for the fine graded dense asphalt concrete as determined 
at different strain rates at 5 oC. [41]. 

h 

v 
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Figure A7 shows that in this case the influence of the strain rate on the relation between I1 and 
J2 can be neglected. We can write: 

J2 = -1.64 * I1 + 897  

Although all the fatigue test results shown in figure A7 were performed at the same frequency, 
differences in strain rate occur since the strain rate equals the peak strain/pulse duration 

implying that test performed at a higher strain level were also performed at a higher strain rate. 
As mentioned above, the position of the yield surface is, in this case, hardly affected by the strain 
rate. Please note that the test performed at the highest tensile strain (136 m/m), resulting in 

lowest number of load applications to failure, is closest to the yield surface (see picture in upper 
right corner) and that the test performed at the lowest strain (69 m/m), resulting in the highest 

number of load repetitions to failure, is farthest away from the yield surface. It is therefore 
reasonable to assume that a relationship can be developed between the distance of the strain 

point to the yield surface and the number of load repetitions to failure. The procedure that was 
used in [41] to develop such a relationship is schematically shown in figure A8. The distance to 

the yield surface is defined by means of the parameter R, which is defined as: 

R = i / tot            

Li [41] not only performed UTC tests but also 4 PB tests and when these results are also 
presented in a R vs N diagram, figure A9 is obtained. Please note that figure A9 is not given in 

the usual log – log representation but in a linear – linear way. The figure shows some interesting 
information. 

 

Figure A8: Formulation of the yield surface and definition of R [41]. 
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Figure A9: R vs N fatigue diagrams for a fine graded dense asphalt concrete as determined by 

means of UTC and 4PB fatigue tests [41]. 

Note: size 0.5, 1 and 1.5 refer to the dimensions of the specimens; for details see section of fatigue. 

It seems that the differences between the 4PB and UTC tests are rather small in the R - N 

diagram. There also seems to be a threshold value for R below which no fatigue occurs. Such a 

threshold is called the “endurance limit”. For 20 oC this endurance limit is approximately R ≈ 

0.025. For 5 oC it is estimated to be approximately R ≈ 0.13. This implies that the endurance limit 
is dependent on the stiffness of the mixture. It is interesting to note that the influence of the test 
method and specimen size is not visible in the 20 oC results. 

 
For this particular fine graded dense asphalt concrete mixture the fatigue relation based on the 

strain controlled UTC tests could be written as: 
 
N = 5.22 R

-6.37 

 

Having available fatigue relationships of the R type allows us to take into account the 3D strain 

conditions in the pavement. From tension and compression tests the flow surface is determined 
and from the stresses and strains in a particular point in the pavement we can determine the 

values of I1 and J2 . Then we can determine the R vs N relationship. This is a major step forward 

since in the traditional fatigue analysis only the maximum strain is used as input and the 
influence of the other two principal strains is neglected. Let us see how this works out when 

using the results shown in figure A3. 

Figure A3 shows that the 3 principal strains are: 1 = 164 m/m, 2 = 111 m/m and 3 = -161 

m/m. In case we take ALL three principal strains into account, we obtain: I1 = 114 and J2 = 

174.4. In case we ONLY take the maximum tensile strain into account (which we usually do) then 
I1 = 164 and J2 = 94.7.  

We have seen earlier that we can write the yield surface as: 

J2 = -1.64 * I1 + 897 
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This implies that at I1 = 114 (the 3D case taking into account all three principal strains) the J2 

value at which failure would occur would be 710. The actual J2 = 174.4 so the ratio actual / 

failure J2 value would be 0.25. In case of the 1D case (only taking into account the maximum 

tensile strain) this ratio would be 0.15. All this implies that only taking into account the maximum 
tensile strain and ignoring the effect of the other two principal strains will lead to an 
overestimation of the fatigue life. If the ratio’s are used as R values and used as input in the 

fatigue relation mentioned above one would notice a significant difference in fatigue lives when 
ignoring or taking into account the 3D strain conditions.  

As mentioned before, beam bending, UTC, and IT tests are not the ideal fatigue tests; rolling 
wheel tests and BOEF type tests are to be preferred. A comparison between the BOEF and 4PB 
R - N relationships as determined for a gravel asphalt concrete base course is given in figure 

A10 (please note that this mixture is from reference [38] and is different from the mixture we 

used in the example problem). It should be noted that in this case the I1, J2 and R values are 

based on the principal stresses. The figure clearly shows that a much longer fatigue life will be 
predicted when using R - N relationships which are based on the BOEF test. 

 

Figure A10: Stress based R - N relationships as determined by means of the BOEF and 4PB test 

on a gravel asphalt concrete base course [38]. 

Although the R - N approach is the desired approach, it has the disadvantage that next to 

fatigue tests, tension and compression tests are needed to determine the yield surface. “Tension 
and compression tests” are easily used words and the principle of these tests is indeed simple but 
reality is that they are not that easy to perform. High requirements need to be set to the 

equipment (stiffness of the test frame, signal and temperature control etc) as well to e.g. friction 
reduction when a compression test is performed. Fortunately Li [41] has done extensive work to 
estimate the tensile and compressive strength from mixture parameters. This will be discussed in 

the next section.  

Before we will discuss how the tensile and compressive strength can be estimated, we will pay 
attention to how fatigue results can be represented using the well-known Mohr-Coulomb flow 

surface. As we have discussed earlier, the stress field in any point of the pavement can be 
represented by means of the three principal stress 1, 2 and 3 which then can be used to 
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construct Mohr’s circles (see figure A11). From the principal stresses we can easily calculate  

and if the cohesion C is known we should be able to calculate the number of load repetitions to 

failure using: 

N = ( / C)b  

The cohesion and angle of internal friction of a particular asphalt mixture can easily be 

determined by means of tension and compression tests. Since the tensile and compressive 
strength are temperature and loading rate dependent, also C and  will show this dependency 

although  is hardly affected and almost takes a constant value. The cohesion C can also easily 

be determined from the tensile strength of the material and the angle of internal friction. This is 

in the derivation given hereafter (see also figure A12). 

 

 

 

 

 

 

 

 

  

 

  

 

 

 

 

Figure A11: Mohr’s circles connecting the three principal stresses. 

 

 

 

 

 

 

 

C 

3                  2                                    1 

 



 500 

 

 

 

 

 

 

 

 

 

 

Figure A12: Relation between  and C. 

 

Let BD = tensile strength = ft  

Then we can calculate the cohesion C from  

C = FH + HD = FH + CE = EH * tan  + EM * cos  

Since EM = 0.5 * BD = 0.5 * ft and EH = CM + MD = EM * sin  + 0.5 * ft = 0.5 * ft * sin  + 

0.5 * ft = 0.5 * ft * (sin  + 1) 

C becomes C = [0.5 * ft * (sin  + 1)] * tan  + 0.5 * ft * cos   

C = 0.5 * ft * (1 + sin )/ cos   

Tension and compression tests are needed to determine the compressive strength fc and tensile 
strength ft. If these values are known  can easily be determined from the ratio fc / ft following: 

 = 26 ln (fc / ft) where [] = [o] 

A4. Estimation of the tensile and compressive strength from 
mixture composition data 

In order to be able to get a proper estimate of the tensile and compressive strength without the 
need to do extensive testing, Li [41] used the test results of several researchers to develop 

equations which allow such estimates to be made. Some details about the mixtures are given in 
table A1. 

A                   B            C     M                 D 

E 

F 
 

H 
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Table A1:. Mixtures involved in Li’s analysis [41]. 

 
Note: DAC = dense asphalt concrete, EME = enrobe module elevee, PAC = porous asphalt concrete, SMA = stone mastic 
asphalt, ACRe = very fine dense asphalt concrete, GAC = gravel asphalt concrete, E = modulus at 20 oC and strain rate of 

0.1%/s, Va = void content, Vb = volume percentage bitumen, Cc = D30/(D10*D60), Dx = sieve size through which x % 
of the aggregates are passing. 

 

The model to predict the tensile and compressive strength is based on the assumption that at 
high temperatures and long loading times the strength is at its lowest and that at very low 
temperatures and short loading times the strength reaches a maximum value. It is further more 

assumed that the change from minimum to maximum strength follows a S-shaped curve. This 
curve can be written as: 
 

P = Ph + (Pl – Ph) S           
 
Where: P = compressive or tensile strength at a given temperature and strain rate, 

 Ph = the highest strength, 
 Pl = the lowest strength, 
 S = parameter describing the shape of the S curve, 

S  = exp (- (ur / uo)
 ), 

ur = reduced time derivative value, 
uo = reference value of time derivative value u, 

       = model parameter.   

Li showed that Pl, Ph, uo, and  could be estimated by means of the information given in table A2.  

 

Strength Pl Ph uo  

compressive 0 = 1.755 E0.402 (Vb/(Vb + Va))0.623 7.87E-02 0.322 

tensile 0 = 0.555 E0.308 (Vb/(Vb + Va))0.849 5.44E-02 0.565 

 
Table A2. Parameters of the equation to predict the tensile and compressive strength. 

Note: [E] and [P] = [MPa]; E determined at 20 oC and strain rate of 0.1 %/s 

 
Figure A13 shows how the predicted stress values corresponded with the measured values. In 

general the predictive equation did a pretty good job in estimating the compressive and tensile 
strength.  
One will notice that in order to be able to use these equations one should know the elastic 

(stiffness) modulus of the asphalt mixture. Collecting such data doesn’t mean an extension of the 
test program since stiffness data are needed anyhow for thickness design analyses. 
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Figure A13: Comparison between measured and predicted tensile and compressive strength 
values [41]. 
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Appendix B 
Quality control procedure for flexible pavements in 

case of innovative contracts as used in the 
Netherlands for main roads 

 

B1. Purpose of the procedure 
This procedure is meant for contracts where the contractor has the freedom to design the 

structure himself. The procedure describes how the quality of the pavement will be checked in 
terms of the layer thickness, and stiffness modulus of the pavement layers. By means of the 
procedure it will be determined whether the layer thicknesses and moduli are in agreement with 
those that were used by the contractor when making his design. 

 

B2. Measurements 
The procedure prescribes deflection measurements and measurement of the pavement 

temperature during the falling weight deflection tests. The deflection tests need to be performed 
between 6 and 12 months after completion of construction. 
The falling weight deflectometer tests need to be performed with a device which is calibrated 

according to a prescribed procedure. The geophones need to be placed at the following distances 
from the loading center: 0, 300, 600, 900, 1200 and 1800 mm. 

The deflection measurements can be done by the contractor or by a party selected by the 
contractor. 
 

B2.1 Performing the measurements 
The deflection measurements should be performed between the wheel paths of the lane that 
needs to be investigated. The distance between the measurement locations should be between 

10 and 50 m. At each location the test should be repeated 4 times with a nominal load of 50 kN. 
At each measurement location, the temperature should be measured at a depth of 100 mm 
below the pavement surface. During the tests the temperature should be between 15 oC and 25 
oC.  

 

B3. Evaluation of the measurements 
 
B3.1 Evaluation of the data per measurement location 
At each location, the defection profile is determined 4 times. In the evaluation, the first profile is 

not taken into account. Profiles 2, 3 and 4 are normalized to a load level of 50 kN and after that 
the average per geophone location is calculated. The deflections are not corrected for 
temperature effects. 

 
B3.2 Defining sub-sections 
The coeffcient of variation of the maximum deflection should not be higher than 15%; if this is 
not the case sub-sections should be defined. In each sub-section the coefficient of variation 

should be lower than 15%. The minimum number of measurement locations per sub-section is 
12. 
 

In case no sub-sections can be defined which comply to the above mentioned requirements, then 
the sub-sections should be defined in such a way that the EVV (exceeding variation value) takes 
a minimum value. Also in this case the minimum measurement locations per sub-section should 

be 12. The EVV is calculated as follows: 
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EVV = 1
n (CVi – 15%) * Li 

 

Where: 
CVi = coefficient of variation of the maximum deflection of sub-section i where CV is higher 
than 15%, 

n = number of section with a CV > 15%, 
Li = length of sub-section i with a CV > 15%.  
 

The sub-sections are determined using the deflection measurements between the wheel paths. 
They also apply however for the whell path closest to the edge of the pavement. 
 

B3.3 Calculation of the average normalized deflection profile per sub-section 
For each sub-section the average is determined of the average normalized deflection profiles that 
were determined for each measurement location (see 3.1). For each sub-section the average is 

determined of the pavement temperature that was measured at each measurement location. 
  

B4. Layer thickness  
The thickness of the asphalt layer and (if possible) the base layer has to be determined by means 
of coring. The minimum number of cores to be taken is 10. Coring needs to be done by a third 

party which is selected by the client. 
The cores need to be sent to a certified laboratory for layer thickness measurements. 
If no cores can be taken from the base layer, its thickness should be determined from the 

available production control data which should be collected by the contractor. 
It should be proven that over a length of less than 5% of the section, the layer thicknesses as 
determined in this way do not deviate 20 mm or more from the thicknesses assumed in the 

design analyses. This should be proven with a reliability of 95% and this should be done with the 
statistical method described in appendix I.  

If the layer thicknesses do not comply with this requirement the “lack of asphalt thickness 
parameter (LOAT) should be calculated following the procedure described in appendix B1. 
 

B5. Assessment of the layer moduli 
The layer moduli are back calculated from the measured deflection profiles and layer thicknesses. 
The pavement model that needs to be used is a three-layer system consisting of subgrade, base 

course and asphalt layer. 
In case there is more than one base layer, then only the top base layer is taken into account. 
The base layers below this top base layer are taken into by calculating an equivalent stiffness of 

the subgrade. The equivalent subgrade stiffness applies for all layers, inclusive of the subgrade, 
below the asphalt layer and the top layer of the base course. This equivalent stiffness should be 

such that the deflection profile calculated using this value matches as good as possible with the 
measured deflection profile. 
 

This equivalent stiffness should be reported by the contractor in his design documents. 
 
The stiffness of the subgrade is defined as the equivalent subgrade stiffness mentioned above. 

 
The stiffness modulus of the asphalt layer as used in the design analysis is corrected for the 
loading frequency and temperature during the defection test. This is done using the stiffness vs 

temperature relationship which was used in the design analysis and which was determined in the 
laboratory. This relationship shows the stiffness vs temperature at a given load frequency. First 
of ficticious temperature is calculated folowing: 

 
1 / (Tfictitcious + 273)  = 1 / (T + 273) – log (fchar / f) / 11242 
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Where:  
Tficticious  = fictitious temperature at which the stiffness will be determined [oC], 

T = asphalt temperature at the time of the deflection measurements [oC], 
fchar = frequency at which the stiffness temperature relationship is determined in the 
laboratory [Hz], 

f = loading frequency of the falling weight deflectometer test = 20 Hz.  
 
If different stiffness characteristics are used for each of the individual layers of the total asphalt 

thickness then this correction has to be applied for each of those layers. Then the effective 
stiffness of the entire asphalt thickness should be calculated following the procedure described in 

appendix B2. 
 

B6. Back calculation of the layer stiffness 
Back calculation of the layer moduli should be done with a linear elastic multi-layer program 
using a three layer system (see above). The following considerations should be taken into 
account. 

- All asphalt layers should be taken together as one layer. 
- If there is more than one base layer, these should be treated as mentioned above. 
- Full friction is assumed between the layers. 

- The layer thickness to be used is the average thickness determined from the cores (see 
above). 

- The values to be used for Poisson’s ratio should be equal to those used in the design. 
- It is not allowed to apply weighing factors on the deflections. 
- The deflection measured at each of the geophone positions must be taken into account. 

 
When back calculating the layer moduli, the RMS should be minimized. The RMS is calculated 
following: 

 
RMS = { i=1

n (i calculated - i measured)
2 / n} 

 

The fit of the calculated deflection profile with the measured one should be calculated and 
reported. The fit is calculated following: 
 

FIT = [i=1
n abs{(i calculated - i measured) / i measured} * 100%] / n 

 
Where: 

I calculated  = calculated deflection at position i [m], 

I measured   = measured deflection at position i [m], 

n   = number of geophone positions per deflection profile. 
 

B7. Comparison of back calculated moduli with moduli 
assumed in the design process 
 
B7.1 Subgrade modulus 
The back calculated subgrade modulus should be at least equal to the (effective) modulus 
mentioned in section 5. If this is not the case then the lack in stiffness can be compensated by a 
higher stiffness of one of the other layers. For this a fictitious base modulus is calculated 

following the procedure described in appendix B3. The back calculated base modulus should then 
be equal to this fictitious stiffness. 
 

B7.2 Asphalt and base layer modulus 
From the back calculated asphalt and base layer modulus, shift factors are calculated following: 
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Shift factor asphalt stiffness = back calculated stiffness / stiffness assumed in design, 

 
Shift factor base stiffness = back calculated stiffness / stiffness assumed in the design 
 

In the equation of the base layer shift factor, the base layer stiffness “assumed in the design” is 
corrected (when needed) for a too low subgrade modulus (see 7.1). 
Both shift factors should have a value between 0.67 and 1.5. The product of both shift factors 

should be at least 1 so: 
 

Shift factor asphalt stiffness * shift factor base stiffness  1.0 

 
If the results can not comply with the requirements mentioned then the base layer stiffness 
should be set equal to the design stiffness (if needed corrected for lack of subgrade stiffness) 

and the asphalt modulus should then be recalculated. The then obtained shift factor for the 
asphalt stiffness should then be  1. If not an effective lack of asphalt thickness due to lack of 

layer stiffness is calculated following the procedure mentioned in appendix B4. 

 

Appendix B1: Check on layer thickness 
The layer thickness values as determined by means of coring should be checked against the 
thickness values assumed in the design. With a reliability of 95% it should be shown that the 
layer thickness values over 5% of the considered section do not deviate more than 20 mm from 

the design thickness. This is determined in the following way. 
 
First the parameter Qu is calculated following: 

 
Qu = {(layer thickness as designed – 20 mm) – average layer thickness determined from the 
cores} / standard deviation of the layer thickness determined from the cores. 

 
Then parameter Z is calculated following: 
 

Z = Qu + 1.65 * { ( 1 / number of cores) + [ Qu2 / (2 * number of cores) ] } 
 
Z is then used to determine the percentage of the measurements that not comply with the 

requirements. It is therefore used together with the normal distribution table to determine the 
risk of non-compliance. This risk should be equal or less than 5% implying that Z should not be 

higher than -1.65. 
 
Figure B1 is a graphical representation of the procedure. 

 
If this is not the case then a Qurequired needs to be calculated in an iterative way following: 
 

Qurequired = -1.65 * { 1 +  [1 / nr of cores + Qurequired
2 / (2 * nr of cores)   ] } 

 
Or figure B1  can be used (Qurequired follows from the intersection of the 5% dotted line with line 

that indicates the number of cores.  
 
Then the required asphalt thickness (RAT) is determined from: 

RAT = (design asphalt thickness – 20 mm) – Qurequired * standard deviation asphalt thickness  
 
The shortage, or lack, in asphalt thickness (SAT) is then calculated using: 

 
SAT = RAT – average asphalt thickness as determined from the cores.  
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Figure B1: Relation between risk percentage, number of cores and Qu. 

 
If the thickness of the base course deviates more than 20% over 5% of the section then RBT 
(required base thickness) is calculated in the same way as the RAT so: 

 
RBT = (design base thickness – 20 mm) – Qurequired * standard deviation base thickness 
 

The RBT is then “translated” into an equivalent asphalt thickness shortage (SAT) by using figure 
B2. In this figure the base and subgrade stiffness as described in section B5 are used as input. 
 

Appendix B2: Check on layer stiffness 
If the stiffness of the layers doesn’t comply with the requirements mentioned in section B7, an 

equivalent asphalt thickness due to insufficient layer moduli is calculated. This is done in the 
following way. The starting point is the shift factor for the asphalt stiffness which is calculated 
using the stiffness of the asphalt layer which back calculated by setting the base layer stiffness at 

the level used in the design (or the base modulus corrected for lack of subgrade stiffness as 
described in section B7.1). The equivalent asphalt thickness is calculated using: 
 

Equivalent SAT due to insufficient modulus = asphalt thickness as designed *  

 
 = (1 - 3 (shift factor asphalt stiffness) / 3 (shift factor asphalt stiffness) 
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Figure B2: Determination of the equivalent shortage in asphalt thickness due to a shortage in 
base thickness. 

Note: horizontal axis gives stiffness modulus of the base course minus the subgrade stiffness [MPa] 
The vertical axis gives the fictitious shortage in asphalt thickness due to a shortage in base layer thickness. 

Legend gives base layer thicknesses of 0.2, 0.25, 0.3 and 0.4m 

 

Appendix B3: Increase of base layer stiffness due to 
insufficient subgrade stiffness 
The back calculated subgrade modulus has to be compared with the base stiffness assumed in 
the design process. If the back calculated value is too low, then the stiffness of the base layer as 

used in the design needs to be increased. The additional stiffness needed for the base layer can 
be calculated using: 
 

 
 
Where: 
Efund = required additional stiffness of the base compared to the design value [MPa], 

Eond = deficit in subgrade stiffness compared to the value used in the design [MPa], 

Easf = stiffness of the asphalt layer as used in the design [MPa], 
Efund = stiffness of the base layer as used in the design [MPa], 

Eond = stiffness of the subgrade as used in the design [MPa], 
hasf = total asphalt thickness according to the design [m], 
hfund = thickness of the base layer according to the design [m]. 

 

Appendix B4: Calculation of the composite layer stiffness 
In case the total asphalt thickness is composed of n layers each with a different Ei and layer 
thickness hi then a composite stiffness modulus is calculated (Eeq) which is valid for the total 
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asphalt thickness ht (ht =  hi) resulting in the same bending stiffness. The first step in this 

calculation is the determination of the distance of neutral axis zt of the entire package to the 

bottom of the entire package. This is done following:  
 

 
 
Where: 

Ei = modulus of layer i [MPa], 
hi = thickness of layer i [m], 
zi = distance of bottom of total asphalt thickness to the middle of layer i [m], 

n = number of layers, 
zt = distance of bottom of total asphalt thickness to neutral axis of composite layer [m]. 
 

 
Figure B3: Calculation of the composite layer stiffness Eeq. 

 
Then the bending stiffness of the composite system (EI) is calculated using: 

 

 
Where: 
EI = bending stiffness of composite layer [MPa * m4 / m] 
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E1 = modulus of the lowest layer [MPa], 
All other variables as defined above. 

 
Then the composite stiffness Eeq is calculated using: 
 

Eeq = 12 * EI / ht
3  

 
 


